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NEW ZEALAND STANDARD 

CONCRETE STRUCTURES STANDARD 

Part 2 - Commentary on the Design of Concrete Structures 

C1 GENERAL 

C1.1 Scope 

C1 .1 .1 Relationship to NZ Building Code 

Part 1 of this Standard is intended to be called up as a verification method for compliance with the New 
Zealand Building Code in Approved Documents B1: Structure - General, B2: Durability and C4: Structural 
Stability in Fire. 

General design loadings applied to buildings are specified in AS/NZS 1170 and NZS 1170.5. 

Suitable documents for determining design loadings and performance requirements for special purpose 
structures in reinforced or prestressed concrete include the following: 

(1 ) For the design of water retaining structures e.g. reservoirs: 

NZS 31 06 Code of practice for concrete structures for the storage of liquids 

(2) For the design of bins, or silos for storage of bulk materials: 

ACI 313 Standard practice for design and construction of concrete silos and stacking tubes for 

storing granular materials 

AS 3774 Loads on bulk solids containers 

(3) For the design of cranes: 

AS 1418 Cranes, hoists and winches (in 18 parts) 
BS 2573 Rules for design of cranes (in 2 parts) 

(4) For the design of ground bearing slabs: 

ACI 360 Design of slabs on grade 

(5) For the design of bridges: 

• Bridge Manual Transit New Zealand 

NZ Rail Corporation Code. Part 4: Code supplements, Bridges and Structures, section 2; 
Design (for rail bridges) 

(6) For the design of wharfs, and other marine structures (for ship mooring etc.): 

BS 6349 Maritime structures (in 7 parts) 

(7) For concrete poles 

AS/NZS 4676 Structural design requirements for utility service poles - added to p. 9. 

Design Loadings may also be determined from NZS 4203:1992 until such time as it is superseded by 
AS/NZS 1 1 70 and NZS 1 1 70.5 as verification methods for the New Zealand Building Code. 

Some special purpose structures may be subject to unusual loading conditions or require standards of 
material performance that are not appropriately covered by this Standard. These designs are outside the 
scope of this Standard as a verification method demonstrating compliance with the New Zealand Building 
Code (NZBC) and must be treated as an alternative solution. When considering the approval of an 
alternative solution, a Territorial Authority may accept those aspects which comply with NZS 3101, 
AS/NZS 1170 and NZS 1170.5 and any other referenced loading standard that is called up in the NZBC 
approved documents, demonstrating compliance with the NZBC although the design as a whole will 
continue to be regarded as an alternative solution. 
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C 1 . 1 .4 Interpretation 

This Commentary is intended to be read in conjunction with NZS 3101 Part 1. It not only explains the 
provisions of the Standard, but in certain cases it summarises the technical background that led to the 
formulation of a particular clause, and suggests approaches, particularly in Appendices, which satisfy the 
intent of the Standard. A list of references is provided at the end of each commentary section to assist 
designers in areas where design procedures have not been fully formulated and give additional 
background to the code clauses. 

Clause numbering of the commentary is identical to that of the Standard except that clauses are prefixed 
with the letter 'C A cross-reference such as "5.5.1.3" refers to that clause in the Standard, while 
"C5.5.1 .3" refers to the corresponding commentary clause. 



C1.3 Design 

In the preparation of this Standard, the Committee made an assumption as to the level of knowledge and 
competence expected of users of this Standard. This assumption is that the user (termed the design 
engineer) is either a professional engineer, experienced in the design of concrete structures, or, if not, is 
under the supervision of such a person. 

In many places this Standard requires properties to be assessed or verified by test, but the Standard does 
not specify the details of such testing. In these cases the design documentation will need to provide 
sufficient detail for the testing requirements to be followed together with requirements for the 
documentation and reporting of the tests and include details of the acceptance criteria. 



C1.4 Construction 

The aim of the Committee has been to make the monitoring requirements of this Standard consistent with 
those of the building control system established under the Building Act 2004. 

The communication of structural design to the constructor, and the Territorial Authority at the time the 
building consent application is made, rests primarily on the plans and specifications of the design engineer 
as the owner's agent. 

Within the Building Act 2004 (section 7) the term "Plans and Specifications" is deemed to include 
"proposed procedures for inspection during construction". It is appropriate, therefore, that a framework for 
construction review be established for works being constructed to this Standard. 

Adequate review, in the context of this clause, means such construction monitoring which, in the opinion 
of the design engineer and subject to the approval of the Territorial Authority, is necessary to provide 
acceptable reliability that the construction has been carried out in accordance with the design intent. It 
also includes various detailed inspections performed as required of specialised work. Such specialised 
work may include operations involving bending (including re-bending) or welding of reinforcement on site. 
Although these are permitted, subject to meeting the requirements specified in this Standard and in 
NZS 3109, sufficient supervision needs to be provided on site to ensure they are performed correctly. 

The suitably qualified person as required by this clause should ideally be the design engineer but can be 
any person who is competent to undertake the review. Because of the nature of the design process and 
the importance of the design being communicated effectively, the review of the construction phase is 
essential to ensure: 

(a) The design is being correctly interpreted; 

(b) The construction techniques being used are appropriate, and do not reduce the effectiveness of the 
design; 

(c) The work is completed generally in accordance with the plans and specifications. 

The extent of involvement of the reviewer in a particular application will depend on: 
(a) The size and importance of the construction; 
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(b) The complexity of the construction; 

(c) The criticality of particular structural elements(s) within the construction, and the consequences of 
non-compliance; 

(d) The material(s) of the construction (including inherent variability and particular manufacturing and 
field control requirements for that material); 

(e) The relevant experience of the constructor(s); 

(f) The status of the quality assurance programme adopted by the constructor(s). 

The design engineer should nominate the level of construction monitoring considered to be appropriate to 
the work described in the plans and specifications included with the building consent application. 
Typically, this nomination will be expressed in terms of the construction monitoring levels specified in 
Appendix 1 of Reference 1.1. 

In many projects the design engineer may apply different levels of construction monitoring to different 
parts of the work, as appropriate to the standards of expertise, or quality assurance, held by the 
constructor. In this context, a constructor is deemed to include any contractors, subcontractors and/or 
suppliers involved in the construction. 

It may be appropriate for the suitably qualified person to provide the territorial authority with written 
confirmation that the construction review has been completed prior to the code compliance certificate 
being issued. In such circumstances the Territorial Authority may require documentary evidence of the 
agreement between the owner and the suitably qualified person (in the form of a signed undertaking from 
the owner) before the Building Consent is issued. 



C1.5 Definitions 

For consistent application of the Standard, it is necessary that terms be defined where they have particular 
meanings in the Standard. The definitions given are for use in the application of this Standard only and do 
not always correspond to ordinary usage. 

Reinforced concrete is defined to include prestressed concrete. Although the behaviour of a prestressed 
member with unbonded tendons may vary from that of members with continuously bonded tendons, 
bonded and unbonded prestressed concrete are combined with conventionally reinforced concrete under 
the generic term "reinforced concrete". 

By definition, plain concrete is concrete that contains less than the minimum reinforcement required by 
this Standard. 

A number of definitions for loads are given as the Standard contains requirements that must be met at 
various load levels. Loads and forces are as specified or defined separately for each of the serviceability 
and ultimate limit states by AS/NZS 1170 and NZS 1170.5 or other referenced loading standard. These 
documents also contain short-term, long-term and ultimate load factors for determining design loads from 
the appropriate serviceability and ultimate limit state load combinations. 



REFERENCES 
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C2 DESIGN PROCEDURES, LOADS AND ACTIONS 
C2.1 Notation 

The following symbols, which appear in this section of the Commentary, are additional to those used in 

Section 2 of the Standard: 

fcmax the additional compressive stress due to live load plus impact, MPa, see C2.5.2.2 

fcmm minimum compressive stress level in the concrete due to dead load, creep, shrinkage, 

temperature etc., MPa, see C2. 5.2.2 
f CT concrete stress range between maximum and minimum compressive stress, MPa, see C2.5.2.2 

4min algebraic minimum stress level in reinforcement, MPa, see C2.5.2.2 

4max 4min plus the additional tension stress due to live load plus impact, MPa, see C2.5.2.2 
f sr reinforcing steel stress range between maximum and minimum stresses, MPa, see C2. 5.2.2 

£ 9 effective length for determining curvatures in a plastic region, mm. 

£ y ductile detailing length, (C2.6. 1.3.3), mm I A2 

N * design axial load for ULS, N 

A/ n nominal axial load strength, N 

p ratio of tension reinforcement = >A S Ibd A2 

p ratio of compression reinforcement = A'Jbd 

r base radius of rolled-on transverse deformation on reinforcing bar, mm, see C2.5.2.2 

V n nominal shear strength of section, N 

// p ductility factor for a part 

C2.2 Design requirements 

C2.2.1 Design considerations 

The aim of structural design is to provide a structure which is durable, serviceable and has adequate 
strength while serving its intended function and which also satisfies other relevant requirements such as 
robustness, ease of construction and economy. 

A structure is durable if it withstands expected wear and deterioration throughout its intended life without 
the need for undue maintenance. 

A structure is serviceable and has adequate strength if the probability of loss of serviceability and the 
probability of structural failure are both acceptably low throughout its intended life. 

C2.3 Design for strength and stability at the ultimate limit state 
C2.3.2 Design for strength 

C2.3.2.1 General 

The basic requirement for the ultimate limit state may be expressed as follows 2 " 1 : 

Design action < Design strength 

S*<j>S n (Eq.C2-1) 

In the ultimate limit state procedure, the margin of structural safety is provided in the following two-ways: 

(a) The design action, S*, is determined from the governing ultimate limit state combination, given in 
AS/NZS 1170.0 for buildings and for highway bridges in the Transit New Zealand Bridge Design 
Manual 2 2 . Thus, for example, the ultimate design moment M* on a building is the bending moment 
induced by 1.2 times the dead load (permanent action) with the additional moment induced by 1.5 
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times the live load (imposed action) being added to this value if it increases the magnitude of the 
resultant moment. It is written in equation form as: 

S* = 1.2G&1.5Q (Eq. C2-2) 

where S* is the action, the design bending moment, M*, in this case. 

(b) The "design strength", <j> S n , of a structural element is computed by multiplying the nominal strength 
S n , by a strength, reduction factor, 0, which in general is less than 1.0. The nominal strength is 
computed by the standard procedures assuming that the member will have the exact dimensions and 
design (lower characteristic) material properties used in the computation 21 . 

For this Standard, notations with the superscript "*" such as M*, A/*, and V* refer to the required 
design actions, these being the critical actions due to the specified combinations of loads and forces 
for the ultimate limit state. The design strength values are equal to the strength reduction factor times 
the nominal strength, such as ^ M n , <j> A/ n , and <j> V n . 

C2.3.2.2 Strength reduction factors, ultimate limit state 

The design strength of a member, as used in this Standard, is the nominal strength calculated in 
accordance with the provisions and assumptions stipulated in the Standard multiplied by a strength 
reduction factor & as detailed in 2.3.2.2 for the ultimate limit state and 2.6.3.2 for serviceability limit state 
load combinations involving seismic forces. The rules for computing the nominal strength of a member 
are based on chosen limits of stress, strain, cracking or crushing, and conform to research data for each 
type of structural action and to established structural engineering practice. 

The basis for the selected values of strength reduction factor are detailed in the study by MacGregor 2 1 , 
which ascertained that for the values of <f> similar to those in 2.3.2.2 and load factors corresponding to 
AS/NZS 1 170, target values of the safety index, p, of 3.0 for dead and live load, 2.5 for dead and live and 
wind forces and 2.0 for dead and live and earthquake forces applied. These values for the safety index are 
within the range implicit in AS/NZS 1 170. 

The strength reduction factor accounts for uncertainties in design computations and relative importance of 
various types of members. It provides for the possibility that small adverse variations in material 
strengths, workmanship, and dimensions, while individually within acceptable tolerances and limits may 
combine to result in understrength 2X 23, 24 . It should be noted that the variation in strength of 
reinforcement is small compared with concrete. Consequently where strength depends primarily on 
reinforcement a high strength reduction factor is used while where it is strongly influenced by concrete a 
smaller strength reduction factor, is appropriate. 

For members subject to flexure, or flexure with axial tension or small levels of axial compression, failure is 
initiated by yielding of the tension reinforcement and it takes place in a ductile manner. Hence, for pure 
flexural or flexure with axial tension or small compressive axial loads, a strength reduction factor of 0.85 is 
appropriate. 

The shear strength of a member is a function of both the tensile strength of concrete and the strength of 
shear reinforcement. Consequently in this case the appropriate strength reduction factor is 0.75. Where 
the strength depends entirely on the strength of concrete, lower strength reduction factors are used. Thus 
for bearing on unconfined concrete the value is 0.65 and for tension in concrete it is 0.60. 

For columns containing confining reinforcement complying with 10.3.10.5, 10.3.10.6, 10.4.7.4 or 10.4.7.5 
which are resisting flexure and relatively heavy compressive axial loads, large-scale testing has shown 
that the confinement leads to increased effective concrete strength in the confined core. Providing the 
column strength is calculated in accordance with 7.4.2 an overstrength of at least 15 %, and considerably 
more in some cases, exists. Tests have shown that plastic hinges in such members have high section 
ductility. Consequently ^for such members is set at 0.85 in recognition of this reserve strength 2 5 . 
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The strength reduction factor for bearing on concrete is 0.65 for unconfined concrete and 0.85 for confined 
concrete, see 16.3.3 and 19.3.13. For bearing at post-tensioned anchorages, see 16.3.2 and 19.3.13. 

In capacity design, in relation to seismic design, where regions of members are designed to sustain 
overstrength actions in potential plastic hinge regions, the maximum likely actions that may be induced are 
considered. An example of this is in the design for shear, where the maximum shear force is calculated 
for the overstrength bending moments in the potential plastic hinges together with the gravity loading. For 
such extreme loading cases a margin of strength between the overstrength and the nominal strength is 
considered adequate. This corresponds to using a strength reduction factor of 1.0. 



C2.4 Design for serviceability 

C2.4.1 General 

While deflection and control of cracking are the predominant serviceability criteria, other criteria should be 
examined where required. Where necessary the effects of potential vibration from wind forces, 
machinery, vehicular pedestrian traffic movements on the structure, should be assessed to ensure the 
structure is serviceable for the occupants and potential contents. 

In ductile structures, in some situations involving seismic load combinations, the serviceability design 
action can exceed the corresponding ultimate limit state action. In these cases either the structure needs 
to be designed to sustain the serviceability strength actions, or allowance for the inelastic deformation 
needs to be made in determining the crack widths, deflections etc. Strength calculations for this situation 
may be based on mean strengths rather than lower characteristic strengths as required for the ultimate 
limit state. To achieve the use of mean strengths with design methods of 2.3.2, a strength reduction factor 
of not more than 1 .1 may be used, see 2.6.3.2. 

C2.4.2 Deflection 

C2.4.2.2 Bridges 

In many existing reinforced and prestressed concrete bridges, sag has developed in the spans due to the 
effect of long-term creep under the permanent loads and actions acting on the bridges. This is deleterious 
for both the ride quality of the bridge deck surface and for drainage of the bridge deck and has generally 
required "shape correction" of the bridge decks by application of an overlay. Applying an overlay, in turn, 
adds additional dead load to the structures, reducing their capacity for live load. 

From an aesthetics perspective, where the bridge design vertical profile is a level grade, the development 
of sag in the spans is also highly undesirable, creating a sense of instability, whereas, conversely, a small 
amount of upward hog creates a sense of stability. 

The vertical profile of the bridge spans between support points over the design life of the bridge should not 
deviate from the optimum vertical profile for the roading alignment by more than 50% of the dead load 
deflection above this profile, nor deviate below this profile. 

Options for achieving and maintaining the required vertical profile within the specified limits over the short 

and long-term include the following: 

® Building in an appropriate amount of initial camber 

® In prestressed concrete design, designing the prestress to fully offset the deflection due to the dead 
load. Care is required with this approach to take into account the reduction in eccentricity of the 
prestress over the long-term due to creep in the concrete, (see Appendix CE) 

C2.4.3 Minimum thickness 

(a) One-way spans 

Deflection calculations for slabs show that if the bending moment due to the long-term live load 
combined with the dead load exceeds the value given by Equation 2-2 the deflection can exceed 
1/200 of the span. The ^ value makes some allowance for the beneficial influence of redistribution of 
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bending moments due to the loss of stiffness that occurs in the negative moment zones with flexural 
cracking, 
(b) & (c) Two-way construction (non-prestressed) for buildings 

Deflections of two-way systems of construction of the types considered in Section 12 need not be 
calculated if the minimum overall thickness requirements of this section are satisfied. Table 2.2 and 
Equations 2-3 and 2-A provide an overall thickness consistent with that found from experience to 
give satisfactory control of deflections for flat slabs, flat plates and conventional two-way slabs 
supported on stiff beams. Table 2.2 and the equations provide for the cases ranging from slabs 
without beams through to slabs on stiff beams, and enable adjustment of the thickness for different 
design yield strengths of the reinforcement. 

The degree of cracking has been observed to be less in two-way slabs than in beams and one-way 
slabs, with a consequent smaller effect of steel stress or strain on the stiffness of the element. This 
conclusion was reached and the form of the expression involving yield strength in Equations 2-3 and 
2-A was chosen after study of the results of the extensive tests on floor slabs described in the 
references listed in the Commentary for Section 12. 

(d ) Composite of construction for buildings 

In terms of this Standard, composite members refer to members comprised precast and in situ 
concrete a combination of concrete elements, precast or cast-in situ. 

Composite structural steel-concrete members are covered in NZS 3404. 

(e) Bridge structure members 

Deflection of bridges is not usually critical. The superstructure will often have a built-in camber to 
account for deflection under dead load. In some cases it may be important for aesthetic or other 
reasons to limit deflections under long-term loadings or live loads. The minimum thicknesses specified 
in Table 2.3 are based on AASHTO 2 6 requirements. They are introduced primarily to guard against 
excessive traffic-induced vibrations giving concern to pedestrians or occupants of stationary vehicles. 
These requirements may be waived if special consideration is given to design for vibration 2 2 . 

C2.4.4 Crack control 

C2.4.4.1 Cracking due to flexure and axial load in reinforced concrete members in buildings 

Crack control due to flexure and axial load does not need to be considered where the longitudinal tensile 

stress is below the expected tensile strength. The tensile stress of 0A^f c , at which crack control criteria 
have to be considered, is set below the value of 0.6^ used for calculating deflections. There are two 

reasons for this. Firstly, an allowance is made for tensile stresses, which may be induced by situations 
not normally considered in design, such as stresses induced by differential temperature, differential 
shrinkage and stresses arising from restraint provided by reinforcement. Secondly, the occurrence of one 
or two cracks has a negligible effect on stiffness, as this is not significantly reduced until a series of cracks 
form. Hence a lower stress level is appropriate for this assessment of crack widths than for flexural 
cracking for stiffness assessment. 

Alternative ways of controlling crack widths are defined in (b) and (c). The requirements given by (b) are 
intended to lead to acceptable crack widths in reinforced concrete members in most situations. Where 
members are subjected to an aggressive environment, and water tightness is required or cracks may have 
had an adverse effect on aesthetics, use the approach given by (c). Table C2.1 lists acceptable crack 
widths for a number of situations. 

C2.4.4.2 Bridges 

The external concrete surfaces of bridges can be visible to the public. Unsightly cracking may need to be 

avoided for aesthetic reasons and to avoid raising alarm with the public over the load carrying capacity of 

bridges. 

Bridges are subject to variable live loading and associated dynamic loading. This loading generally makes 
up a significant proportion of the total load on the bridge. To limit the degree of cracking, and the extent to 
which cracks that form are worked over the life of the bridge, leading to deterioration, crack width 
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limitations are imposed. In 2.4.4.2 reference is made to the Transit New Zealand Bridge Manual as a 
source for suggested cross widths limitations. At the time of publication of NZS 3101, it was intended that 
the bridge manual would be amended to include this information. 

With structural elements buried below ground, the vibrational effects of live loading tend to be damped out 
by the soil-structure interaction. Cracking below ground also is not visible and so not cause for public 
alarm. For these reasons, crack width limitations have not been applied to below ground structural 
elements. 

C2.4.4.4 Spacing of reinforcement for crack control on the extreme tension face 

This is intended to be a simple conservative means of ensuring crack widths are acceptable in the majority 
of situations. The resultant maximum crack widths may be of the order of 0.35 mm to 0.5 mm where 
these criteria are satisfied. The stress in the reinforcement may be taken as 0.6f y , in place of the value 
determined by elastic transformed section theory. 

The criteria, which are based on Reference 2.7, do not apply to situations where the cracks are induced 
as a result of restraint, which may be due to shrinkage from heat of hydration, drying shrinkage, differential 
temperature or thermal restraint. See C2.4.4.8 for control of cracks in these cases. 

C2.4.4.5 Crack control on the sides of members subjected to tension 

This requirement applies to relatively deep beams and to walls. It has been found 2 ' 8, 2 9 that where this 
intermediate reinforcement is omitted wide cracks can develop in the serviceability limit state in the mid- 
region of the tension zone. The width of these cracks can be several times the corresponding crack width 
adjacent to the main flexural tension reinforcement. The formation of wide cracks in a beam web can 
result in a significant reduction in shear strength 2 10 . 

The criteria for spacing of reinforcement have been adapted from ACI 318 Code of practice. 

C2.4.4.6 Assessment of surface crack widths 

The principle factors influencing crack spacing are 

® The bond performance of the reinforcement; 

® The quantity and arrangement of reinforcement contained in the effective area of concrete 

surrounding this reinforcement; 
® The average tensile strain at the level of the member being considered; and 
• The distance between the point where the crack width is being assessed and the centre of the nearest 

reinforcing bar. 

The value given by Equation 2-7 is intended to give a crack width such that about 90 % of all the cracks 
will be less than this value. However, it should be noted that it is not possible to accurately predict crack 
widths and the value given by this equation should be taken as indicating the likely order of crack width 
that can be expected with the spacing and reinforcement that is specified. In practice the crack spacing 
that develops is subject to a wide variation and furthermore the effective value of strain in the 
reinforcement, cannot be simply calculated. This strain, which is taken as fJE s , should more rationally be 
calculated from the change in stress in the reinforcement that occurs from the stage where the 
surrounding concrete is at zero stress to the stress sustained in the cracked section. However, shrinkage 
in the concrete combined with creep can place the reinforcement in a state of initial compression before 
any loading is applied to a member. As a consequence the stress change that occurs when the concrete 
cracks can be significantly greater than that calculated by standard elastic flexural theory based on 
transformed sections. In cases where significant creep and shrinkage strains develop in the concrete the 
reinforcement can be subjected to appreciable compression. When the concrete cracks this 
reinforcement can still be in compression. In these situations, particularly for members, which are either 
partially prestressed or subjected to long-term axial load, the crack width should be calculated replacing 
the stress in the reinforcement by the stress change in the reinforcement from the state of zero stress in 
the concrete to the stress sustained at the crack 2 11 (also see 19.3.3.5). 



The approach given in 2.4.4.6 is based on Reference 2.7. This approach is similar to a method proposed 
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Table C2.1 gives recommended maximum calculated crack widths, which are considered to be 
acceptable in different situations. 

Table C2.1 - Recommended maximum surface width of cracks at the serviceability limit state 



Material 


Load category 




I 

Immediately after 

the transfer of 

prestress before 

time dependent 

losses 


II 

Permanent loads 

plus variable 

loads of long 

duration; or 

permanent loads 

plus frequently 

repetitive loads 


III 

Specified 

serviceability 

limit state loads 

for buildings 

where Load 

Category II does 

not apply 


IV 

Permanent loads 
plus infrequent 
combinations of 
transient loads, 


Exposure 

classification 

(refer 

Table 3.1) 


Reinforced concrete 
Prestressed concrete 


0.3mm 


0.4 mm 
0.2 mm 


0.4 mm 
0.3 mm 


0.5 mm 
0.4 mm 


A1 


Reinforced concrete 
Prestressed concrete 


0.2 mm 


0.3 mm 
0.1 mm 


0.3 mm 
0.2 mm 


0.4 mm 
0.3 mm 


A2, B1, B2 


Reinforced concrete 
Prestressed concrete 


Zero 


0.2 mm 
Zero 


0.2 mm 
0.1 mm 


0.3 mm 
0.2 mm 


c, u 


NOTE- 

For members incorporating a combination of significant quantities of reinforcing and prestressing steel, the allowable crack 
widths shall be chosen from Table C2.1 on the basis of the location and proportion of the prestressing steel. Where the 
prestressing tendons are not in the anticipated cracked zone, or where principal deformed reinforcement is located between any 
tendons and the tensile concrete surface, the allowable crack widths for reinforced concrete may be applied. 



C2.4.4.7 Crack control in flanges of beams 

Consideration should also be given to adding reinforcement outside this width to control cracking. 

C2.4.4.8 Control of thermal and shrinkage cracking 

Differential temperature conditions can arise for example in chimneys, or pipes containing hot fluids, or on 
roofs and bridge decks which may be heated by solar radiation. The deformation induced by such 
differential temperatures can lead to excessive cracking, particularly at the supports of beams. 

The setting of concrete liberates heat. Problems can arise in thick members when the concrete contracts 
as it cools, and this can cause wide cracks to form, and it can lead to significant flexural type deformation. 
The sequence of pouring concrete can reduce the potential cracking and insulating an exposed concrete 
surface can reduce differential thermal strains from initiating cracking. References 2.13, 2.14, and 2.15 
contain useful information on assessing potential cracking together with methods that can be adopted to 
control cracking due to the heat of hydration, differential temperature and shrinkage cracking. 

Rapid evaporation from freshly cast concrete can lead to plastic shrinkage, which can have adverse 
effects on strength and durability of the concrete. This can be controlled by limiting the rate at which 
evaporation can occur from freshly placed concrete 215, 2 16 



C2.5 Other design requirements 

C2.5.1 General 

Account shall be taken during design of any particular performance requirements of a structure. 
Consideration should also be given to the consequences of unforeseen events, which given due regard to 
both the risk of occurrence and the function of the structure, may require explicit consideration in design. 

C2.5.2 Fatigue (serviceability limit state) 

C2.5.2.1 General 

Members in some structures, for example deck slabs of bridges, may be subject to large fluctuations of 

stress under repeated cycles of live loading. 
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C2. 5.2.2 Permissible stress range 

The limitations on the range of stress of 150 MPa under live load, irrespective of the grade of reinforcing 

used, are based on AASHTO standards 26 and were considered necessary to avoid the possibility of 

premature fatigue failure in the reinforcing bars. The range of stress of 150 MPa is allowed for straight 

reinforcing steel. The effect of the 150 MPa range is usually to limit crack widths to approximately 0.25 

mm. 

This stress range is further reduced in the CEB-FIP Code where the stress occurs in a bar bend (as a 
function of of b ) and where corrosion can be expected 2 17 and further general information on fatigue may be 
obtained from References 2.18 and from "Comite Euro-internationale du Beton, "Fatigue of Concrete A2 
Structures", Bulletin D' Information No. 188, June 1988. 



The allowed relaxation of the requirements of this clause, if a special study is made, is in recognition of 
views expressed 2 19 that the specified requirements are conservative. The requirements of a special 
study may be deemed to be satisfied if the following revised AASHTO procedures 26 are followed: 



Concrete 

The stress range, f cr , between the maximum compressive stress (/" cma x) and the minimum compressive 
stress (Zemin) in the concrete at the serviceability limit state, at points of contraflexure and at sections where 
stress reversals occur, shall not exceed 0.5fc where: 

'cr — 'cmax "~ 'cmin 

/"cmin is the minimum compressive stress level in the concrete due to dead load, creep, shrinkage, 

temperature, etc. (MPa) 
/cmax = /cmin plus the additional compressive stress due to live load plus impact (MPa) 

Reinforcement 

The stress range, f sr , between the maximum tension stress (f sma x) and the minimum stress (f smin ) in straight 

reinforcement at serviceability limit state, shall not exceed: 

4r = fsmax " 4min = [ 145 - 0.33 f Smin + 55 (r//) d ) ] 

f S min is the algebraic minimum stress level due to dead load, creep, shrinkage, temperature etc. (MPa) 

(tension positive, compression negative) 
4max = fsmin P'us the additional tension stress due to live load plus impact (MPa) 
r / h 6 is the ratio of base radius to height of rolled-on transverse deformation; when the actual value is not 

known use 0.3. 

Bends in primary reinforcement and welding shall be avoided in regions of high stress range. The 
suitability of mechanical connections for splices should be checked where repetitive stress fluctuations 
occur. 

Fatigue shall be checked for normal serviceability limit state live loads only. Overloads are specifically 
excluded from the requirements of this clause. 



C2.6 Additional design requirements for earthquake effects 
C2.6.1 General 

C2.6.1.1 Deformation capacity 

A key feature of this Standard is that structures are designed so that material strains in potential plastic 
regions do not exceed permissible values at the ultimate limit state. In practice the level of detailing that is 
used in potential plastic regions needs to be matched to the predicted material strain level. 

The term "material strain" is used as a generic term for curvature, shear deformation or axial strains etc., 
while the term potential plastic region refers to a region where inelastic deformation occurs due to yielding 
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of reinforcement or crushing of concrete. In most cases "material strain" refers to curvature and "potential 
plastic region" refers to a potential plastic hinge. 

C2.6.1.2 Classification of structures 

The classification of the structure is related to the ability of a structure as a whole to sustain cyclic 
deformation without loss of strength. It does not refer to the ability of individual potential plastic hinge 
regions within a structure to sustain inelastic deformation. 



C2.6.1 .3.1 Classification nomenclature 

NZS 1170.5 uses the term "material strain" to identify the inelastic deformation in a plastic region. 
However, for a reinforced concrete plastic hinge there is no simple way of establishing the strain levels in 
concrete or reinforcement. Consequently, in this Standard a nominal curvature is used in place of strains 
in the individual materials. 

The classification is based on the ability of a potential plastic region to sustain inelastic deformation due to 
seismic ground motion. As the level of detailing increases, so the capacity of the inelastic zones to 
sustain deformation increases, and this enables the structure to sustain increased inelastic displacement 
without loss of strength. 

In previous editions of this Standard it has been implicitly implied that material strains in plastic hinge 
regions are proportional to the structural ductility factor. However, the structural ductility factor by itself is 
a poor guide to deformation demand in plastic regions. Consequently, in this Standard the level of 
detailing that is required is related to an assessment of the local deformation demand in the critical 
inelastic zones. 

It should be noted that a structure of limited ductility can be composed of a mix of members containing 
ductile and limited ductile potential plastic regions. Nominally ductile structures will generally contain a 
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mixture of limited ductile plastic regions (LDPR) and nominally ductile plastic regions (NDPR). Ductile 
structures should only contain ductile plastic regions, as the accuracy with which deformation demands 
can be predicted decreases with an increase in the structural ductility factor. 

Where a limiting material strain limit is to be established by special study, it must be noted that the 
maximum permissible strain for the ultimate limit state must be sustained under a few cycles of 
displacement with a high level of confidence. To give the structure the robustness envisaged in 
NZS 1170.5, the average maximum permissible material strain should be capable of sustaining 
approximately twice the limiting strain nominated for the ultimate limit state given in Table 2.4. This limit 
corresponds to the anticipated deformation demand for a maximum creditable earthquake (with a return 
period of 2,500 years). 

C2.6.1 .3.2 Material strain limits in plastic regions 

This clause sets out how to find plastic hinge rotations and shear deformation in diagonally reinforced 
coupling beams associated with ultimate limit state earthquake actions. These values are divided by the 
effective plastic hinge length, l p , or effective length of plastic region, £ pT , to give the material strain as a 
curvature or a shear deformation, as appropriate. The values of £ p and £ pr are given in 2.6.1.3.3. 

Where a limiting material strain limit is established by a special study, the design limit should be consistent 
with the objectives given in NZS 1170.5 (see NZS 1170.5 clauses 2.1 andC2.1). 

Deformation in plastic hinges and diagonally reinforced coupling beams is made up of two components, 

namely an elastic component and an inelastic component. With time history analyses, the sum of these 

two components can be found directly from the results of the analyses. However, with equivalent static or 

modal response spectrum analyses, the inelastic component can be found from the structural 

displacements associated with inelastic deformation (see NZS 1170.5 Section 7). The elastic component 

in plastic hinges, in all cases except nominally ductile members where shear strength controls the strength 

of the member, or the member does not contain sufficient compression zone reinforcement and stirrups to 

2L 
meet the requirements of the group (a), can be based on a limiting elastic curvature of — — , where the 

value of f y is not taken as greater than 425 MPa, or if shear strength controls the strength of the member a 
lower value defined in 2.6.1.3.4(b). This expression is a simplification of limiting elastic curvatures 
developed by Priestley and Kowalsky, (NZSEE Bulletin, Mar. 1999, Vol. 32, No. 1, pp. 1-12). This 
curvature can be used for columns even when the elastic limit of the section is reached due to inelastic 
deformation of the concrete, rather than tensile yielding of the reinforcement. 

A method of assessing the elastic component of deflection for a diagonally reinforced coupling beam is 
described in C6.9.1. 



Unidirectional plastic hinges sustain appreciable greater inelastic rotation than reversing plastic hinges. 
Fortunately, they are able to sustain greater curvature before strength degradation occurs 220 . A method 
of calculating the rotation demand in unidirectional plastic hinges is given in 2.6.1.3.2 (b)(ii). The 
references ( 2 20 and Megget and Fenwick, Bulletin of NZNSEE, Vol. 22, No. 1, Mar. 1989, pp. 39-49) give 
some background to the behaviour of this form of plastic hinge. 



C2.6.1 .3.3 Effective plastic region lengths 

The effective plastic hinge length, £ p , is the length assumed for the purposes of calculating section 
curvature. Inherent assumptions in this calculation are that plane sections remain plane and that the 
curvature is uniform over the length of the plastic region. These assumptions are not valid, consequently 
the calculated curvature should be treated as an index of the material strain levels rather than an actual 
measure of these strains. The situation is illustrated in Figure C2.1 . 
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A2 



A2 




(a) Elevation on plastic hinge 

Calculated strain 




(b) Strain distribution in reinforcing bar 

Figure C2.1 - Effective plastic hinge length 

As shown in Figure C2.1 the effective plastic hinge length £ p is generally less than half of the length, £ v , 
over which the reinforcement yields, or the concrete sustains appreciable inelastic deformation. Ductile 
detailing is required over this length, which is referred to as "the ductile detailing length, £ v ." It should be 
noted that actual reinforcement strains can be very different from values calculated using the effective 
plastic hinge length, £ p . This difference arises as appreciable yielding extension may occur in beam 
column joint zones, or anchorage for bars, and in addition elongation of plastic hinge regions can greatly 
increase reinforcement strains. There is no simple way of assessing these actions, consequently, they 
are ignored in curvature calculations. 

The effective plastic hinge length for out of plane actions in walls, where the thickness is less than 
500 mm, is taken as a greater proportion of the member thickness than for other structural elements. This 
adjustment makes an allowance for greater proportional contribution to flexural rotation that occurs due to 
extension of reinforcement in its development length, than is the case with other elements. 

Where unidirectional positive moment plastic hinges form in the span of a beam, in a region where the 
flexural tension reinforcement is uniform, inelastic deformation can develop on both sides of the critical 
section. In addition, as the shear is low in such zones, the plastic deformation spreads over a long length. 
For this reason the effective plastic hinge length is doubled, compared with that for reversing and 
unidirectional plastic hinges in negative moment zones. 

C2. 6. 1.3.4 Material strain limits 

The material strain limits are set for deformation due to seismic actions and they are not intended to apply 
to non-seismic cases. Two different groups of reversing and unidirectional nominally ductile plastic 
regions are identified. 
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In the first of these, covered in (a), the members have been designed so that the strength is limited by 
flexure and they contain longitudinal reinforcement in the compression zone flexure. They contain some 
reinforcement in the compression zone which is contained within stirrups to provide some restraint against 
buckling. There are two criteria for this group, which relate to the ultimate limit state. The first of these 
limits the curvature in the plastic region so that the compression strain in the concrete does not exceed 
0.004 for unidirectional plastic regions, or 60 % of this value for reversing plastic regions. The 0.004 strain 
is generally accepted as the limiting strain that can be sustained prior to spalling of concrete. The second 
criterion limits the strain in the tensile reinforcement to 0.02 for unidirectional plastic regions and 60 % of 
this value for reversing plastic regions. The values set for limiting material strains in nominally ductile 
members are largely based on judgement, as there is very limited experimental work available to establish 
values from tests. It is believed the limits are on the conservative side. Table C2.2 gives values which are 
slightly on the conservative side of the criteria for nominally ductile beams in group (a) in terms of 
multiples of the first yield curvature. The values in this table should not be used where the proportion of 
flexural tensile reinforcement, p, exceeds 0.02. The curvature at first yield may be taken as: 



2L 



E s h 



(Eq. C2-2/2) 



where f y is not taken greater than 425 MPa. 

The second group of nominally ductile members, considered in (b), consists of members with nominally 
ductile plastic regions, which either do not satisfy the requirements for compression zone reinforcement 
and stirrups required for group (a), or shear strength controls the strength of the member. In such cases, 
the nominally ductile regions are potentially less ductile than those covered in group (a). Where shear 
limits the strength, the flexural curvature is limited to that which corresponds to the stress levels in the 
reinforcement when the member sustains 85 % of the nominal shear strength. If the strength is limited by 
flexure, then the curvature limit corresponds to the value given by Eq. C2-2/2. 

Table C2.2 - fr d factors for nominally ductile unidirectional plastic hinges in beams 

complying with 2.6.1.3.4 (a) 



Material properties 


Difference in reinforcement ratios ip-p) 


(MPa) 


(MPa) 


0.000 


0.005 


0.010 


30 


500 


5.5 


5.2 


4.0 


50 


500 


5.5 


5.5 


5.0 


30 


300 


8.2 


8.2 


8.2 


50 


300 


8.2 


8.2 


8.0 



Material strain limits in ductile and limited ductile plastic regions are given in (c). The limiting curvatures in 
plastic hinges are given in terms of a nominal curvature at first yield. This is a simplification of an 
expression developed by Priestley and Kowalsky, (NZSEE Bulletin, Mar. 1999, Vol. 32, No. 1, pp.1 -12). 
The values in these tables were based, as far as possible, on an analysis of test results (see SESOC 
Journal, Apr. 2007, No. 1 , Vol. 20, pp. 5-28). A number of minor changes have been made from the values 
in these papers to allow for the difference in test results, which are based on measured material 
properties, to design values that are based on lower characteristic values. 

Part (d) gives the limiting deformation for diagonally reinforced coupling beams as a shear strain. 
However, this can be represented by equivalent flexural deformation in the beam. 

C2.6.1 .4 Stiffness of members for seismic analysis 

With the equivalent static, modal response spectrum and elastic time history methods of analysis the 
required strengths of the proposed non-linear structure are assessed from an elastic model (analytical 
model). The deformations are increased to allow for non-linear response of the structure by applying a set 
of standard rules, which are given in NZS 1 170.5. These rules have been based on the assumption that 
the members in the analytical structure have elastic properties as specified in C6.9.1. It should be noted 
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that deformation and structural displacements cannot be accurately assessed due to the random nature of 
earthquake ground motion. However, some allowance for this lack of precision is incorporated in the 
detailing requirements given in this Standard. 

The flexural stiffness of a section varies with the level of the bending moment that acts at the section. At 
low levels of moment the stiffness will be close to that assessed from the gross section properties. 
However, as flexural cracking develops tension stiffening decreases and the section stiffness reduces. 
Thus the flexural stiffness of a member varies along its length with the value depending on the magnitude 
of bending moment and axial load. To simplify analyses an equivalent uniform stiffness is generally used 
for members, with the value being chosen so that the overall displacement of the member would be the 
same as the actual member with its varying stiffness. This substitution is an approximation, which is made 
to simplify analysis. 

Many factors influence flexural stiffness. Some of the more significant ones are noted below. 

(a) The quantity of reinforcement has a major influence. Typically 75 % of the second moment of area of 
a beam calculated neglecting the tensile strength of concrete comes from the reinforcement. 

(b) The grade of reinforcement has a major influence. The curvature sustained at first yield is closely 
related to the yield strain in the reinforcement. Hence the curvature sustained at first yield increases 
with yield stress in the reinforcement. If the contributions to stiffness of the items (c) to (e) are ignored 
it can be seen that doubling the reinforcement would have little influence on the curvature at first yield 
but it would nearly double the strength. It is this observation which gives rise to the "stiffness is 
proportional to strength" concept 2,21) 222 . This is a good approximation for sections subjected to high 
stress levels and can be used for members as a whole which have moderate to high reinforcement 
contents such that the contribution to stiffness of the factors described in (c) to (e) is relatively small 

2.23,2.24 

(c) The stiffening effect of concrete in the tension zone can be significant at bending moment levels less 
than twice the bending moment causing flexural cracking. At moment levels below the flexural 
cracking moment the flexural stiffness is close to that calculated from the gross section. In lightly 
reinforced walls or beams the tension stiffening of the concrete can significantly increase the effective 
stiffness of a member 224 . 

(d) Initial shrinkage strains in the reinforcement, which are increased by creep where long-term axial load 
acts, can cause the reinforcement to be subjected to appreciable compression. When such a 
member is first cracked the reinforcement can still be in appreciable compression. For this 
reinforcement to act in tension at its design level, the strain change is from its initial state in 
compression to its design level in tension. The crack widths and level of cracking are proportional to 
the strain change and not the stress level in the reinforcement. Consequently the initial shrinkage 
and creep in the concrete can reduce the effective stiffness of a member. 

(e) In any analysis realistic allowance should be made for the stiffness of members, the stiffness of beam 
column joint zones and deformation of development zones for reinforcement anchoring walls or 
columns to foundation beams. 

C2.6.2 Seismic actions 

C2.6.2.1 General 

The seismic design actions in a structure are found by analysing an analytical model of the proposed 
structure. The method of analysis is by one of the methods given in NZS 1170.5, namely the equivalent 
static method, the modal response spectrum method or the time history method. With the first two 
approaches the analytical model is assumed to behave elastically, while with the time history approach 
inelastic behaviour may also be modelled. The structural performance factor makes some allowance for 
aspects of behaviour that are not included in analyses (see NZS 1170.5). The structural ductility factor 
allows for the overall ability of the structure to sustain repeated inelastic displacements without significant 
loss of strength. These two factors enable the response of the analytical model to be modified to allow for 
non-linear behaviour so that the required design strengths and displacements can be predicted from the 
analytical model. 
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Where the seismic actions are defined in a referenced loading standard, which is not NZS 1170.5, the 
structural performance factor and the structural ductility factor may need to be increased above the 
minimum values given in 2.6.2.1 to comply with the referenced loading standard. 

C2.6.2.2 Structural performance factor 

The structural performance factor allows for a number of beneficial effects not considered in analysis (see 
NZS 1 170.5). The structural ductility factor for a specific type of structure has been derived from analytical 
studies and sub-assembly tests. However, allowance has to be made for the difference between the 
loading sequence applied in standard tests and that imposed in earthquakes. Generally in tests several 
cycles of displacement to the maximum ductility displacement are applied. However, the peak 
displacement is attained only once in an earthquake, but several cycles to a displacement level just below 
the peak value can be sustained. The damage that results in failure is accumulated for all the inelastic 
displacements. With the higher levels of ductility the motion is more damped. Consequently the number 
of high peak displacements sustained in a given earthquake motion decreases as the structural ductility is 
increased. Hence the S p factor, which allows for this and other effects, reduces as the ductility 
increases 225 . 

Where a nominally ductile structure is detailed in such a way that all the potential plastic regions are 
detailed to meet the requirements for limited ductile plastic regions the structure should be capable of 
sustaining significant inelastic displacement, hence a smaller S p factor may be used. The confinement ^ 
requirement for columns in nominally ductile plastic regions is the same as for columns in limited ductile 
plastic regions. Consequently to justify the use of the lower S p factor only the detailing in beams and walls 
need to be addressed. The term 'detailing' in this clause refers to: 

(a) Diameter and spacing of longitudinal reinforcement; A2 

(b) Area and spacing of shear reinforcement; 

(c) Volume and spacing of anti-buckling and confinement reinforcement. 

C2.6.2.3 Structural ductility factor 

The structural ductility factor, //, has an important influence on the required design strength and to a lesser 
extent the deformations in potential plastic regions. It is one of the factors determining the level of 
detailing required in a structure, or part of a structure. 

It should be noted that the structural ductility factor gives a measure of the ability of the structure as a 
whole to sustain inelastic displacements in terms of the limiting elastic displacement found from the 
analytical structure. It does not give a reliable indication of the inelastic deformation that must be 
sustained in a plastic hinge region, as illustrated in Figure C2. 2. In this Figure two beam column sub- 
assemblies are shown, in which the beams are identical. However, the column for sub-assembly A is stiff 
while for B it is flexible. When loads are applied to the beams, plastic hinges form at a displacement of 4 
in structure A and 4 in structure B. Due to the lower stiffness of the column in structure B the 
displacement 4 is greater than the corresponding displacement 4 in structure A. For the purpose of this 
illustration it is assumed that 4 is equal to twice 4- From the figure it can be seen that for the same 
displacement ductility of 4 the plastic hinge rotation in structure B is twice that in structure A. Hence, a 
higher level of detailing is required in B than in A, even though the structural ductility factor is the same for 
both sub-assemblies. This illustrates the need to base detailing requirements on material strains 
(curvature) rather than on the structural ductility factor. The structural ductility factor enters into the 
relationship in that as it increases the reliability with which the material strains can be predicted 
decreases. 
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Figure C2.2 - Material strains and structural ductility factor 

It should be noted that Table 2.5 sets out the maximum structural ductility factors that may be used. The 
actual limit on the design value of // in a particular structure may be controlled by the limiting material 
strain that can be sustained in critical inelastic regions. 

At first yield the section curvature increases with the yield stress as does the deflection of the structure. 
For any building the maximum permissible structural ductility factor is limited to the ratio of maximum 
permissible inter-storey displacement divided by the displacement at ductility of 1, which is close to the 
displacement at first yield. Hence for any structure where the inter-storey drift or displacement is close to 
the limiting value the available structural ductility factor decreases as the yield stress of reinforcement 
increases. 

In designing ductile moment resisting frames it is generally the stiffness requirements, which determine 
the member sizes. With high-grade reinforcement in the beams either larger section sizes are required 
than those with a lower grade of reinforcement or the structural ductility factor needs to be reduced. With 
the latter case the increase in structural actions, and consequently increase in design strengths, tends to 
offset the reduction in quantity of reinforcement due to its higher yield strength 2 26 . A similar situation also 
arises with slender walls 2 27 . Consequently changing from Grade 300 to Grade 500 reinforcement may not 
result in an appreciable saving in the quantity of longitudinal reinforcement due to the reduced structural 
ductility factor and the increased design actions. 
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For the design of ductile structures, in which the lateral force resistance is provided by a mixture of walls 
and moment resisting frames, interpolation of the maximum allowable structural ductility factor, ju, may be 
made. When less than 33 % of the total base shear is to be resisted by walls the upper limit of structural 
ductility factor may be taken as 6. When 67 % or more of the base shear is assigned to walls the 
corresponding upper limit may be taken from the appropriate value given for class 3(b) of Table 2.5. For 
base shear distributions between these two values linear interpolation may be used. 

For all ductile and limited ductile structures capacity design is required to ensure that inelastic deformation 
is confined to the specific regions, which have been proportioned to sustain such deformation. The steps 
involved in capacity design are set out in 2.6.5. 

C2.6.3 Serviceability limit state 

C2.6.3.1 General 

An elastic analysis can only be used to determine deflections and inter-storey drifts for the serviceability 

limit state if the strength of the structure is sufficient to prevent significant inelastic deformation from 

occurring. 

Generally the ultimate limit state controls the design strength and an elastic analysis may be used to 
determine serviceability limit state deformations. For example, for a structure with a structural ductility 
factor, ju, of 5, the R factor for a 500-year return earthquake is 1 .0 (Table 3.5, NZS 1 1 70.5) and the divisor, 
(ju), used to find design actions from the elastic response spectrum is 5.0 (NZS 1170.5, 5.2) for structures 
which have a fundamental period of 0.7 s or more. For this limit state the strength reduction factor is 0.85 
for flexure and axial load. Hence the required nominal strength for seismic actions corresponds to 
(0.20/0.85) 0.235 times the actions derived from the elastic response spectrum. With the serviceability 
limit state and a 25-year return period the R factor is 0.25. The corresponding strength reduction factor 
(see 2.6.3.2) is 1.1. Consequently the design seismic actions correspond to (0.25/1.1) 0.23 times the 
values calculated from the elastic response spectrum. However, the ultimate limit state may not control 
the minimum required strength for all structures with a structural ductility factor of 5 or less, as 
redistribution of actions is permitted in the ultimate limit state but not in the serviceability limit state. 
Furthermore for a certain selection of buildings the return period for the serviceability earthquake is 
appreciably greater than 25 years (SLS2 earthquake in NZS 1 170.5, 2.14(b)). 

For structures designed with a structural ductility factor of 3 or less the ultimate limit state seismic actions 
are appreciably greater than the corresponding serviceability limit state actions. Consequently for 
nominally ductile structure and structures of limited ductility, it can be assumed that there is sufficient 
strength to prevent appreciable non-linear behaviour from occurring and elastic-based methods of 
analysis may be used. 

Where the structural ductility factor used for the ultimate limit state exceeds 3,0 the serviceability limit 
state actions may be greater than the corresponding ultimate limit state actions. In such cases it may be 
necessary to either increase the strength of the structure or to allow for inelastic deformation in assessing 
displacements and deflections. Where the latter option is followed it is necessary to consider the added 
deflection, which may occur due to the natural redistribution of structural actions associated with inelastic 
deformation (shake down). In cases where unidirectional plastic hinges form in the serviceability limit 
state allowance should be made for the accumulated inelastic deformation arising from the complete 
earthquake record and not just the limit corresponding to the maximum displacement 220 

C2.6.3.2 Strength reduction factor 

Where it is necessary to check for strength for serviceability limit state actions it is considered adequate to 
use mean material properties rather than values based on lower characteristic strengths. In recognition of 
this the permissible strength reduction factor is increased to 1.1 . 

C2.6.4 Ultimate limit state 

Inter-storey drift limits are specified in NZS 1170.5. These limits are set to control damage in a design 

level ultimate limit state earthquake and as protection against excessive P-delta actions. 
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C2.6.5 Capacity design 

C2.6.5.1 General 

Capacity design is required for ductile and limited ductile structures and for nominally ductile structures 
where inelastic deformation may be concentrated in members over a small portion of the height of the 
structure. Capacity design ensures that in the event of a major earthquake: 

(a) Non-linear deformation is confined to selected potential plastic regions, which have been detailed to 
sustain these deformations; 

(b) Non-ductile failure modes are suppressed. 

For a general background on capacity design refer to Reference 2.28. 

C2.6.5.2 Identification of ductile mechanism 

Permissible ductile mechanisms are identified for moment resisting frames, for walls and for wall frames in 
2.6.7 or 2.6.8. From the selected mechanism the potential primary plastic regions are identified. In the 
capacity design process these zones are designed to have both the required strength and the ductility to 
sustain the inelastic deformation, which may be imposed on them. The remainder of the structure is 
detailed to ensure that the inelastic deformation is confined to the potential primary plastic regions and 
that non-ductile failure mechanisms are suppressed. 

Secondary plastic regions may also arise due to actions which are not considered in the analysis. These 
include actions induced by elongation of plastic regions and higher mode effects that arise when the 
dynamic characteristics of a structure change with the formation of plastic regions. 

C2.6.5.3 Detailing of potential plastic regions 

The critical design actions in the limit states determine the required flexural strength in potential plastic 
regions. The critical plastic hinge rotations in these zones are identified from the deformed shapes for the 
ultimate limit state, which are defined in NZS 1170.5. From the plastic hinge rotations and the effective 
plastic region lengths the material strain levels (usually curvature) can be identified. This enables the 
potential plastic region to be identified as a nominally ductile plastic region, limited ductile plastic region or 
ductile plastic region in 2.6.1.3, together with the required level of detailing. 

C2.6.5.4 Overstrength actions 

The load combinations for the serviceability and ultimate limit state load combinations determine the 
critical design actions for the potential primary plastic regions. These are detailed so that the design 
strength is equal to or greater than the design action for the chosen failure mode. Each potential primary 
plastic region is examined and its maximum likely strength, known as overstrength, is assessed for the 
details as designed. To determine the overstrength actions the materials are assumed to have their upper 
characteristic strengths together with an allowance for strain hardening. Appropriate material properties 
for the assessment of overstrength actions are given in 2.6.5.5. Where axial loading exists care is 
required to ensure the critical axial load level is selected. This level in general needs to be determined 
from the overstrength actions acting in the structure together with the gravity loads rather than from an 
elastic-based analysis (see Appendix D). 

C2.6.5.5 Likely maximum material strengths 
A2 As the magnitude of inelastic tensile strains increases so the effective width of tensile flange increases. 
For this reason, the effective width of tension flange in Tee beams and Tee or L-shaped walls is greater 
for flexural overstrength calculations than it is for nominal strength calculations (see 9.4.1.6.1 and 
9.4.1.6.2 for beams, and 11.3.1.3 and 11.4.1.3 for walls). Over-strength calculations should be based on 
the appropriate section, which allows for the effective widths of flange associated with high tensile strains 
in the reinforcement, with upper characteristic reinforcement yield strengths increased to allow for 
expected hardening and with likely concrete strengths. The concrete strength in these calculations is 
taken as [f c +15j MPa, as the design strength corresponds to a 28 day value, which is generally 
significantly less than the average strength, and in addition there is some gain in strength after 28 days. 
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The overstrength factors given in 2.6.5.5 for reinforcement, ^ ofy , allow for the difference in the yield stress A2 

levels between the design and upper characteristic values, together with an allowance for strain 
hardening. A manufacturer may demonstrate that other values are appropriate for their reinforcement by 
using the analysis method that is described in reference 2.29. 

C2.6.5.6 Ends of columns 

Columns, which are bounded by rigid members such as a foundation pad, see Figure C2.3, often have 
strength considerably in excess of that indicated from standard flexural theory. The concrete in the 
compression zone of the column close to the pad is partially confined by the rigid member in addition to 
the confinement from the reinforcement. As a result of this confinement spalling is delayed in this zone 
and the compressive strength of the concrete is increased. The resultant load carrying capacity increases 
with the magnitude of the axial load that acts. Test results have been analysed to develop Equation 2-10, A2 
which relates the likely overstrength of such a column to its nominal strength. It should be noted the 
nominal strength is found from standard theory using the design material strengths. 
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Figure C2.3 - Strength enhancement at base of column 

C2.6.5.7 Capacity design for regions outside potential plastic regions 

In detailing regions of a structure outside potential plastic regions, care is required in assessing the critical 
actions induced by gravity loading and overstrength actions. For example in a beam to determine the safe 
cut off position for flexural reinforcement allowance should be made for the case where overstrength 
actions may act in one plastic hinge in a beam but actions below the overstrength value act in a second 
plastic hinge. 

The formation of plastic hinges in a structure changes its dynamic characteristics. In many cases the 
distribution of structural actions changes markedly from those found by elastic analysis. For example, the 
bending moments acting in a column, when plastic hinges have formed in a beam, can be considerably 
higher than would be anticipated by scaling the design actions from an elastic analysis. This change in 
distribution of structural actions is allowed for by either using a dynamic magnification factor or by 
specifying the distribution of actions over the length of a member. Further details on allowing for dynamic 
magnification effects are given in Appendix D. 

C2.6.5.8 Concurrency and capacity design 

NZS 1 170.5 allows the design strengths for ductile and limited ductile structures to be found assuming that 
the seismic forces act along a single axis, provided this is orientated to give the most critical design action 
at the section being considered. However, seismic shaking occurs simultaneously along two axes at right 
angles. Hence a member such as a column, which forms part of two intersecting frames, is subjected to 
bending moments, shears and axial load simultaneously from the beams in both frames. The bending 
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moments applied to the column from the beams in one axis reduce the capacity of the column to sustain 
bending moments induced from the beams on a second axis. Consequently to prevent a plastic hinge 
forming in the column it needs to be designed to sustain the maximum likely bi-axial actions that can be 
transmitted to it by the beams from the two frames. 

It is considered unlikely that the dynamic amplification of actions will occur simultaneously along both axes 
of a column. For this reason it is considered sufficient to design the column to sustain the overstrength 
actions along one axis amplified by the dynamic magnification factor (or equivalent) together with the 
overstrength actions from the second axis (co =1.0). The latter values are not amplified by a dynamic 
magnification factor. Further details on concurrency and appropriate values of dynamic magnification 
factor are given in Appendix D. 

The critical axial load acting on the column is determined from the gravity load and overstrength actions 
transmitted to the column by the beams. Two alternative methods of determining the critical actions in 
columns of moment resisting frame structures are given in Appendix D. Any additional axial forces 
induced by vertical ground motion are neglected, as the duration of any vertical pulse in a column is too 
short for significant yielding to occur. 

C2.6.6 Additional requirements for nominally ductile structures 

C2.6.6. 1 Limitations for nominally ductile structures 

A stated objective in NZS 1170.5 is that structures should be capable of sustaining the action of the 
maximum creditable earthquake (2,500-year return) with a small margin of safety against collapse. 
Earthquake response spectra specified by NZS 1170.5 for nominally elastic structures require large 
seismic design forces to be used. However, some appreciable ductility may be required to sustain the 
maximum creditable earthquake. This has been illustrated in a recent earthquake Reinforced 

concrete components designed in accordance with the general requirement of this Standard are 
considered to possess some inherent, albeit limited, capacity for ductility. Therefore, in terms of 
accommodating ductility demands, in the design of well-conditioned structures, the application of the 
additional seismic requirements of all relevant Sections of this Standard is not necessary. However, for 
this exemption to be used two conditions need to be considered. This requirement necessitates the clear 
identification of plastic mechanisms that could be mobilised should larger than anticipated ductility 
demands arise. 

(a) When the selected structural system is such that in terms of regularity and the relative strengths of 
members as built, the system would qualify to be designed as a ductile one or one with limited 
ductility, the exemption from the additional seismic requirements applies. Typical examples are 
nominally ductile multi-storey frames in which, under the action of exceptionally large earthquake 

A2 forces, the formation of a "soft storey" is not expected. For moment resisting frames the criterion in 

2.6.6.1(a) may be assumed to be satisfied where at each elevated level, excluding the two highest, 

EM niCOl ^>1.15SM njbeam ^i 

'-col '-beam 

where £ M n iC0 , and X M n beam are the sums of the nominal strengths of the columns and beams at the 
faces of the beam column joint zones in the level being considered, and L beam and/_ C0 | are the centre 

to centre spans of the beam and column value respectively for each M n , and /_ beam andL CO i are the 
corresponding clear spans. 

(b) When the configuration of the structural system is such that a plastic mechanism, should it be 
required, is inadmissible in terms of the requirements of this Standard for ductile structures or those of 
limited ductility, attention must be given to local ductility demands. These may be significant. With 
the identification of members that may be subjected to inelastic deformations clearly in excess of 
those envisaged for nominally elastic structures, the relevant additional design requirements for 
seismic effects for members of ductile or limited ductile structures must be applied. 

Examples are multi-storey frames in which, because in the absence of the application of capacity design, 
the possibility of plastic hinge formation at both ends of all columns in a storey is not excluded. The end 
regions of columns in such frames should be detailed as required in accordance with procedures for 
limited ductile plastic regions (LDPR), or for ductile plastic regions (DPR). In frames with more than three 
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storeys and where, because of their dominant strength, plastic hinges in beams could not develop, 
material strains in potential plastic regions should be identified and detailed appropriately (2.6.1.3). 
Ductility in such frames, if it arises, may be expected to develop only in one of the storeys. Depending on 
the estimated local ductility demand, the special detailing of the affected elements is necessary. The same 
principles apply to piers formed in between openings in walls, and also to walls with irregular openings. 

C2.6.7 Additional requirements for ductile and limited ductile moment resisting frames 

C2.6.7.4 Alternative design methods for columns in multi-storey frames 

Appendix D gives two methods of assessing critical bending moments, axial forces and shear forces in 

columns in ductile and limited ductile moment resisting frames. 

C2.6.7.5 Design actions in columns 

This clause requires columns to be designed to resist the axial load level calculated from the capacity A2 

actions and the overstrength bending moments applied to the column by the beams framing into it. Where 

a column forms part of more than one moment resisting frame the column should be designed to resist the 

bi-axial actions that are induced in it (see 2.6.5.8). 

Capacity design requirements in 2.6.5.8 determine the required strength of a column in the region 
between the primary plastic hinge and bottom of the highest storey. Part (d) of this clause extends the 
requirement to consider bi-axial actions in determining the minimum design strength to the primary plastic 
hinge region and also to the region immediately below the uppermost level. 

C2.6.8 Ductile walls and dual systems 

C2.6.8.1 Inelastic deformation of structural walls 

The important role of structural walls in the seismic resistance of buildings is discussed in Reference 2.28. 

The principal aim of a designer should be to ensure that energy could be dissipated by flexural yielding of 
the wall, with the plastic hinge region which is generally located at the base of the wall. 

C2.6.8.2 Shear strength of structural walls 

Recommendations are made in Appendix D for methods of allowing for the influence of flexural 

overstrength and dynamic magnification on shear forces induced in a wall. 

C2.6.8.3 Coupled walls 

The desired energy dissipation in coupled structural walls can be expected if the axial forces, derived from 
an elastic analysis for the seismic forces required by NZS 1170.5, resist at least two-thirds of the over 
turning moment expressed as A = T w L'IM ow , at the base of the structure. To achieve this the beams must 
have sufficient stiffness in relation to the walls. Such a system is likely to ensure that during a severe 
earthquake most of the beams will yield before the walls, thus minimising damage to the walls. To 
maintain this primary energy dissipation system, it is necessary that the walls sustain axial forces induced 
by the coupling beams at their flexural overstrength together with the moments at the base, so that it 
resists at least 1 .5 times the over turning moment at the base due to the seismic design forces required by 
NZS 1 1 70.5. Details of the design of coupled walls are discussed in Reference 2.28. 

C2.6.8.4 Ductile dual structures 

With the development of inelastic deformation in dual structures some redistribution of structural actions 
may occur from weaker elements to stronger elements. Allowance for this redistribution may be made in 
the design. Procedures for capacity design of such structures is discussed in Reference 2.28. 

C2.6.9 Structures incorporating mechanical energy dissipating devices 

An alternative approach from the conventional seismic design procedures on which this Standard is based 
is that of "base isolation". Earthquake generated forces are reduced by supporting the structure on a 
flexible mounting, usually in the form of elastomeric rubber bearings, which will isolate the structure from 
the greatest disturbing motions at the likely predominant earthquake ground motion frequencies' 231, 232 . 
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Damping, in the form of hysteretic energy dissipating devices, is introduced to prevent a quasi-resonant 
build-up of vibration. This approach is finding application more frequently. Potential advantages over the 
conventional design approach that relies on ductility appear to include simpler component design 
procedures; use of non-ductile forms or components; construction economies, and greater protection 
against earthquake induced damage, both structural and non-structural. The greatest potential 
advantages are for stiff structures fixed rigidly to the ground, such as low-rise buildings or nuclear power 
plants. Because these structures are commonly constructed in reinforced concrete, these provisions have 
been included in this Standard although the principles may be applicable to other materials. Bridges often 
already incorporate elastomeric rubber bearings, and the greatest benefits for such structures may derive 
from the potential for more economic seismic resistant structural forms 2 - 33,2 - 34 . 

The design and detailing of structures designed for base isolation and incorporating mechanical energy 
dissipating devices should satisfy the criteria set out in the following paragraphs. 

Moderate earthquakes 

For a moderate earthquake, such as may be expected two or three times during the life of a structure, 

energy dissipation is to be confined to the devices, and there is to be no damage to structural members. 

"Design" earthquake 

For a "design" NZS 1170.5 earthquake the designer may adjust the strength levels in the structural 
members to achieve an optimum solution between construction economies and anticipated frequency of 
earthquake induced damage. However, the Standard requires that the degree of protection against 
yielding of the structural members be at least as great as that implied for the conventional seismic design 
approach without dissipators. (In many cases this could be achieved with substantial construction cost 
savings. That is, the lower structural member strength requirements more than compensate for the extra 
costs of the devices.) It is recommended that the extent to which the degree of protection is increased 
above that minimum, to reduce the anticipated frequency of earthquake induced damage, should be 
resolved with regard to the client's wishes. 

Extreme earthquake 

For an extreme earthquake there is to be a suitable hierarchy of yielding of structural and foundation 
members that will preclude brittle failures and collapse. This may be achieved by appropriate margins of 
strength between non-ductile and ductile members and with attention to detail. 

Although the design criteria outlined above encompasses three earthquake levels, the design practice 
need be based only on the "design" earthquake. In the course of that design, the implications of yield 
levels on response to the "moderate" earthquake would have to be considered, as would also the 
implications of strength margins and detailing for an "extreme" earthquake. In general, the lower ductility 
demand on the structure means that the simplified detailing procedures of limited ductility design would be 
satisfactory. 

Because applications of these devices to structures designed for seismic resistance are still being 
developed, numerical integration inelastic time history analyses should generally be undertaken for design 
purposes. Such analyses should consider acceleration records appropriate for the site, in particular taking 
account of any possibility of long period motions. As experience is accumulated, there is potential for 
development of standardised design procedures for common applications. 

C2.6.1 Secondary structural elements 

C2.6.10.1 Definitions 

Secondary elements include primary gravity load resisting elements such as frames which are in parallel 
with stiff structural walls and do not therefore participate greatly in resistance of lateral forces. Caution 
must, however, be exercised in assumptions made as to the significance of participation. Frames in 
parallel with slender walls should be designed and detailed as fully participating primary members. 
Although the contribution of secondary elements to lateral force resistance may eventually be neglected, it 
is best to include them in the analysis of the total structural system subjected to lateral design forces. This 
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will indicate the degree of participation in the generation of displacement-induced forces. For convenience 
of reference and specification of requirements, secondary elements have been subdivided into groups, 
that is, Group 1 and Group 2 elements. 

C2.6.10.2 Group 1 secondary elements 

To avoid any form of deformation induced loading in Group 1 elements, separations must be meticulously 
detailed. Similarly close attention must be given to details of supports, and to their positioning. 
Reference 2.35 discusses separation, while Reference 2.36 discusses such aspects as the conflict 
between these separation requirements and the requirements of sound attenuation, fire protection and the 
like. The design force is specified as an equivalent static force. Since these forces are already scaled to 
account for amplification of accelerations within the structure, no additional scaling of deflections and 
element actions is required. Often Group 1 elements are geometrically complex, and where appropriate 
the yield line method, for instance, of Section 12 would be appropriate to their analysis. 

Ductile behaviour remains the prime objective of adequate detailing and must be sought by the detailer. 
The details, however, need not be elaborate to allow such behaviour. Wall panels, for instance, may be 
reinforced with a single layer of reinforcement without any confinement, and still provide adequate 
ductility. 

The following values for the ductility factor for a part, p p , are suggested for partitions, prefabricated panels 
and parapets: 

(a) connected so that instability is prevented if strength degrades or integrity is impaired // p = 3 

(b) other (e.g. vertical cantilevers) 

(i) doubly reinforced // p = 2 

(ii) singly reinforced... //p = 1.25 

C2.6.10.3 Group 2 secondary elements 
In the consideration of Group 2 elements: 

(a) The additional seismic requirements of the relevant sections of the Standard need not be complied 
with when the elastic deformation-induced actions on the element are derived from elastic analysis 
using deformations corresponding with the ultimate limit state; 

(b) Where ductile action is relied on to produce adequate inelastic deformation capacity, all additional 
seismic detailing requirements of relevant sections must be met; 

(c) NZS 1170.5 sets out the requirements to be met in regard to inertia forces and to design lateral 
deformations, and the commentary to that standard provides guidance on methods of calculation; 

(d) The deformation calculated in accordance with NZS 1170.5 may be exceeded in some structures and 
in localised areas. Furthermore the pattern of deformation will usually vary significantly from the first 
mode pattern assumed in calculation. These variations should be taken into account in assessing 
member actions when they might have a marked effect on element performance. 

(e) In certain cases elastic response may not be desirable, as forces may become excessive and even 
lead to inferior performance of the primary structure. Therefore inelastic action is permissible. 
However, elements must be designed for at least the elastic fraction of the total deformation of the 
primary elements, to prevent excessive damage in moderate earthquakes. Normally elastic actions 
will be selected. In most instances achievement of this will not prove to be unduly onerous. In many 
cases design of Group 2 elements for strength will be controlled by 1 .2 G &1 .5 Q. 

(f) Inelastic action may be assumed only when detailing allows adequate ductility. A2 



Limited capacity design might be appropriate for shear force determination and in determining whether or 
not adjacent members yield, but it is not considered necessary to amplify column moments for higher 
mode effects to prevent yielding of columns because column hinging is not of particular significance. 
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C3 DESIGN FOR DURABILITY 

C3.2 Scope 

C3.2.1 Concrete 

The minimum concrete strength considered in this design Standard is 25 MPa. Compressive strengths of 
17.5 MPa and 20 MPa may be used under the non-specific design standards NZS 3604, NZS 4229 and 
NZS 3124, which have their own durability requirements. 

C3.2.3 Design considerations 

This clause sets out the procedure for design for durability to protect the reinforcement which involves the 
determination of the exposure classification followed by consideration of concrete quality, cover and 
chemical content. 

This Standard recognises corrosion of reinforcement to be the most common and obvious form of 
durability failure. This may manifest itself as any one of, or a combination of, surface staining; cracking 
along reinforcement close to a surface and associated spalling of a surface; or it may proceed undetected. 

The following simplified explanation of the reinforcement corrosion process will assist users in 
understanding the basis of measures provided in this Standard to prevent this type of durability failure. 

For simplicity, the process of corrosion can be divided into 2 phases - initiation and propagation. 
Generally the reinforcement is protected against corrosion by the alkalinity of the concrete surrounding it. 
The initiation phase is considered to be the period over which this protection is reduced to the level where 
active corrosion can commence. The propagation phase is considered to be the period from 
commencement of corrosion to the stage where corrosion products cause a failure in the surrounding 
concrete. 

In the initiation phase, the protection afforded by the alkalinity of the concrete can be reduced by two 
processes - carbonation (neutralisation of the high pH by infiltration of atmospheric carbon dioxide, a 
slow, continuous process) and chloride ingress. 

In the propagation stage, the reinforcement will corrode at a rate which depends on the type of 
cementitious binder, the availability of oxygen and moisture, the temperature of the concrete, the presence 
of reactive ions and residual alkalinity. 

It is generally recognised that fine cracks in concrete do not significantly affect corrosion initiation of 
embedded reinforcement but larger crack widths may cause premature corrosion activity locally. 
Reference 3.1 considers that corrosion is not affected by crack widths less than 0.4 mm. 

Chloride ions can be introduced into the concrete by way of admixtures, contaminated aggregates, salt 
depositions on reinforcement and formwork, or they can permeate into the hardened concrete during acid 
etching or from salt spray deposited on the member surface. Limitations are placed on the quantity of 
chlorides which can be introduced into the fresh concrete (see 3.14). 

The procedure given in the Standard for durability design involves firstly classifying the severity of the 
environment to which the concrete surfaces are exposed. For that exposure classification, a minimum 
concrete quality is specified by strength, and a minimum cover is then required for the reinforcement to be 
protected against corrosion. The onset of corrosion is influenced by chloride concentration at the 
concrete/reinforcement interface. The basic principle is that where corrosion of the reinforcement, once 
initiated, is likely to be rapid, then higher levels of protection are required. More severe environments 
require increasingly better protection and this is reflected by the requirement for better quality concrete 
and larger covers. 

Because strength can be easily specified and measured, the specified compressive strength, f' c has been 
adopted as the compliance criterion in most cases. However it should be remembered that f' c as 
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represented by standard cured cylinders, is at best only an indirect measure of concrete quality in place 
from a durability viewpoint, reflecting only the quality of concrete after 28 days curing in a fog room at 
21 °C. This amount of curing in practice is seldom achieved on the site. 

Research has shown the importance of early, continuous curing and this is the basis for the curing 
requirements for concrete in the various exposure classifications (refer to 3.6). After initial curing, further 
improvement in concrete properties due to exposure to the weather is doubtful, being highly dependent on 
the orientation of the member and local climatic conditions. The curing specification requirements of 
NZS 3109 must be followed. 

Appropriate covers for the given exposure classification depending on the chosen concrete quality are 
specified in 3.11. 

C3.2.4 Design for particular environmental conditions 

Requirements for chemical resistance, abrasion resistance and exposure to freezing and thawing are 
additional to the general requirements of 3.2.3. For example, a concrete floor to a blast freezer would 
have to satisfy both the requirements for abrasion resistance (refer to 3.9), and the requirements for 
freezing and thawing (refer to 3.10) in addition to the requirements given in 3.4 to 3.8. 



C3.3 Design life 

Durability is indirectly defined as the ability to withstand the expected wear and deterioration throughout 
the intended life of the structure without the need for undue maintenance. The expected wear and 
deterioration may include the influences of weathering, chemical attack and abrasion. It is a complex 
matter involving a large number of interrelated factors such as: 

(a) Assessment of environmental loading; 

(b) Attention to design details, including reinforcement layout, appropriate cover and provision for 
shedding of water from exposed surfaces. For example, the design geometry of structures in the 
marine tidal zone to prevent splash may have a much greater influence on durability than the 
concrete specification itself; 

(c) Suitable mix design; and 

(d) Correct construction practices including adequate fixing of reinforcement and the placing, compacting 
and curing of the concrete, all of which are important 32 - 33 - 34 . 

This Standard specifies minimum requirements for only some of these areas. Reference should also be 
made to NZS 3109 for basic requirements with regard to construction practices. 

C3.3.1 Specified intended life 

Major renovation may be considered as maintenance work necessary to maintain the serviceability of a 
structure to enable it to fulfil its functional requirements, which exceed 20 % of the replacement value of 
the structure. Normal maintenance may include some surface cracking and even some minor spalling. 

The extent of maintenance which is required on a structure will depend on the environment to which it has 
been subjected and its vulnerability to deterioration. A proactive inspection/monitoring programme carried 
out by the owner will ensure that repairs take place to surface defects when they first appear, rather than 
leaving them until they become a major repair. Such a programme will ensure that the design life 
expectations are realised and preventive maintenance strategies may even extend the life beyond the 
intended life. 



C3.4 Exposure classification 

An important part of establishing life is the system of exposure classification. Most classifications focus on 
conditions leading to corrosion of reinforcement. Classifications for chemical resistance (XA) aim to 
protect attack on the concrete itself. 
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The applicable exposure class for a particular structure is clearly an issue for the designer to solve 
through the specified concrete quality and cover. The responsibility for ensuring that the design strength 
and cover are adequate to meet the durability requirements for the particular environment does not lie 
with the builder, contractor or the material supplier. 

The Standard proposes a range of classifications, based primarily on experience, which depend on the 
type of structure. Exposure to tidal and splashing salt water is classified as C. The more moderate 
exposure of being permanently submerged in seawater is classified as B2. Despite the high content of 
sulphates and chlorides in seawater, an extra level of protection is provided by the formation of an 
impermeable surface layer of carbonates, and the lack of dissolved oxygen, particularly at depth. 
Structures occasionally subject to direct contact by the sea should be assessed by the designer as to the 
most appropriate classification of B2 or C. 

Contact with liquids is a difficult area in which to provide firm classifications. Fresh water can cause 
significant leaching of the partly soluble concrete components, as can repeated exposure to condensation. 
Running water and frequent wet and dry cycles in water-retaining structures can also cause physical and 
chemical degradation. These problems become additive to those associated with reinforcement corrosion. 

In potable water situations, the Langelier Index for determining the softness of water can be used. This 
index is an evaluation used in water engineering and considers the corrosive nature of water by examining 
the water pH in relation to the presence of calcium and other dissolved solids. The aggressive nature of 
the water increases as the index moves from zero to a negative value. A value of -1.5 would be viewed 
as being significantly aggressive to concrete. For non-potable water conditions special evaluations as to 
the relevance of the Langelier Index value would need to be made. An alternative reference for 
considering the potential corrosive nature of water is given in Reference 3.5. 



Definitions of environmental conditions have been derived from the general concepts followed by 
AS 3600. The XA classification 
may be summarised as follows: 



AS 3600. The XA classification has been taken from European Standard EN 206 3 6 . The classifications 



(a) Exposure classifications A1 and A2 - relatively benign environments, such as in the interior of 
most buildings, or in inland locations, remote from the coast, where the provision of adequate cover 
will give satisfactory performance. Life is generally based on carbonation resistance. 

(b) Exposure classification B1 - moderately aggressive environment forming the coastal perimeter. 
The extent of the affected area varies significantly with factors such as onshore wind patterns, 
topography and vegetation. Reinforcement protection can be satisfactorily provided by a 
combination of appropriate concrete quality and associated cover. Life is generally based on 
carbonation resistance. 

(c) Exposure classification B2 - aggressive environment such as locations 100 m to 500 m from an 
open sea frontage where salt spray is carried by onshore winds. Typical environmental 
recommendations are given in Table 3.2. The designer must, in consideration of the local site 
conditions, determine the appropriate classification of exposure. Life is based on chloride resistance 
of the cover concrete. 

The recommendations in Table 3.1 are based upon durability studies on metals carried out by 
BRANZ 37 ' 38 . 

The influence of wind patterns in relation to an open sea frontage are particularly important in 
considering specific site evaluations permitted in 3.4.2.4. 

Site evaluations may be further enhanced with wind frequency data which is available from the 
National Institute of Water and Atmospheric Research Ltd. The data is collected from over 100 
weather stations throughout New Zealand and is presented as a 10-year average wind rose analysis. 

A tidal estuary situation would be one example where a special evaluation is advisable. 

C3-3 



NZS3101:Part 2:2006 



An exposed steel corrosion rate of 150 g/m 2 /year was used to delineate the boundary between zones 
A2 and B1. A typical corrosion rate for a B2 zone was 180 g/m 2 /year. These figures are based upon 
the general corrosion studies undertaken by BRANZ 37,38 ' 3 - 9 . 

It should be noted that exposed steel is used to determine a corrosion risk only. These corrosion 
figures have no direct relationship to calculating corrosion rates of reinforcing steel protected within a 
concrete member. 

(d) Exposure classification C - the most aggressive chloride based environment for which guidance on 
concrete quality and cover is given. This classification includes offshore environments as well as 
open sea frontages with rough seas and surf beaches where significant salt spray is carried by 
onshore winds. Typical environmental recommendations are given in Table 3.2. The designer must, 
in consideration of the local site conditions, determine the appropriate classification of exposure. 

Site evaluations may be further enhanced with wind frequency data which is available from the 
National Institute of Water and Atmospheric Research Ltd. 

(e) Exposure Classification XA - Concrete is susceptible to attack from a number of different chemicals 
but acid attack is the most common due to the alkaline nature of concrete. Acids can combine with the 
calcium compounds in the hydrated cement paste to form soluble materials that are readily leached 
from the concrete to increase porosity and permeability. The main factors determining the extent of 
attack are the type of acid, its concentration and pH. 

(f) Exposure classification U - these are environments for which the Standard gives no guidance. 
They may be more severe than exposure classification C, or as benign as exposure classification A1. 
For these the designer has to quantify the severity of the exposure along the above lines and choose 
methods of protection appropriate to that exposure. Classification U also applies to elements where 
the design life is either less or greater than 50 years. In such a case, specific assessment of materials 
construction practices, environment and required performance etc, must be undertaken. 

A marine exposure situation, where chloride ions enter the concrete by hydrostatic pressure, for 
instance in a tunnel which is immersed in sea water or saline ground, is classification U. In this 
situation chloride builds up on the inside, remote to the face in saline contact, so called 'wicking 
action'. The chloride concentration on the inside will depend on the hydrostatic pressure, and the 
permeability of the concrete as well as the air flow influencing evaporation on the inside face. 

The durability of steel fibre concrete is not specifically addressed in this Standard. Steel fibres at or 
near the surface will corrode and cause brown stains on the surface. However the flexural strength of 
members is not effected by such staining 3 10 . 

C3.4.3 Chemical exposure classification 

The action of acids (as an aggressive substance) on the hardened concrete (as a reactive substance) is 
the conversion of the calcium compounds (calcium hydroxide, calcium silicate hydrate and calcium 
aluminate hydrate) of the hydrated Portland cement, to the calcium salts of the attacking acid. For 
example, the action of sulphuric acid gives calcium sulphate, which precipitates as gypsum. 

The rate of reaction of different acids with concrete is determined not so much by the aggressiveness of 

the attacking acid, but more by the solubility of the resulting calcium salt. If the calcium salt is soluble, then 

the reaction rate will be determined largely by the rate at which the calcium salt is dissolved. Factors that 

influence the rate of attack are: 

® The concentration and type of sulphate and the pH in soil and groundwater; 

® The water table and the mobility of the groundwater; 

© The compaction, cement type and content, type of aggregate, water/binder ratio and curing regime of 

the concrete; 
• The form of construction; 
® C 3 A content of the cement as well as its C 3 S to C 2 S ratio; 

C3-4 



NZS 31 01: Part 2:2006 



© Frost: concrete below ground is unlikely to be affected by frost but the combination of sulphate and 
frost attack represents particularly severe conditions. 

A precondition for chemical reactions to take place within the concrete at a rate, which has any importance 
in practice, is the presence of water in some form (liquid or gas) as a transport mechanism. The 
accessibility of the reactive substance in the concrete is therefore the rate-determining factor when an 
aggressive substance enters. For practical purposes, this is often translated into limiting values for w/c 
ratio. The rate-increasing factor of increasing temperature is mainly due to the effect on the transport rate 
(higher temperatures result in higher mobility of ions and molecules). Depending on the type of reaction, 
the accessibility will be determined by the permeability of still sound concrete or by the passivating layer of 
the reaction products. The most important chemical reactions that may lead to concrete deterioration are: 
© The reaction of acids, ammonium salts, magnesium salts and soft water with hardened cement; 
© The reaction of sulphates with the aluminates in the concrete; 
© The reaction of alkalis with reactive aggregates in the concrete. 

C3.4.3.1 Chemical attack from natural soil and groundwater 

The Standard focuses on natural groundwater and soils with high acid or sulphate levels which can attack 

concrete in a rapid and destructive manner. 

The Baumann-Gully soil acidity is a measure of the content of exchangeable hydrogen ions which the 
humus component of the soil is capable of releasing. 

One of the factors which affects the rate of acid attack is the reserve acidity of the soil, i.e. the volume of 
concrete a given amount of soil can neutralise given a long enough period of time. The reserve acidity of 
the soil is a function of stagnant, medium or flowing soil classification which depends on the groundwater 
flow rate and the soil type (extremes are stagnant heavy soils such as clay with little or no groundwater 
movement, permeability less than 10 " 5 m 3 /s; sandy and flowing permeable soil combined with a significant 
flow rate of groundwater) 3 ' 11 . 

C3.4.3.2 Other chemical attack 

Biological processes on the surface of concrete can result in both mechanical and chemical deterioration 

of the surface 32 . This can be particularly severe in moist warm surface conditions. 

As well as occurring naturally, sulphuric acid and sulphates in acid solution are frequently present in 
industrial wastes. Hydrogen sulphide induced corrosion is one of the major deterioration mechanisms for 
concretes subjected to industrial and domestic sewerage. Where possible and only when the right 
conditions prevail, some of the sulphides escape into the sewer atmosphere in the form of hydrogen 
sulphide gas H 2 S, which dissolves in condensed moisture on the concrete surfaces. It is then oxidised by 
sulphur oxidising bacteria to produce sulphuric acid H 2 S0 4! which is extremely aggressive to the concrete 
matrix. The sulphide corrosion mechanism of concrete is twofold, where the first phase is direct acid 
attack, and the second phase constitutes sulphate attack causing further expansion deterioration 
mechanisms. 

The emission of certain pollutants by industry is known to increase the risk of degradation of the concrete 
or corrosion of reinforcement. It is impossible to define within the Standard all industrial processes. 
Designers must consider the individual industrial processes applicable to the design to determine whether 
an industrial classification of B1 should be upgraded to classification U requiring special conditions to 
apply. Industrial plants burning sulphide containing fuels, or emitting acidic gases, may be considered a 
severe risk and subject to the "industrial" classification. A limit of 3 km represents a reasonable estimate 
but engineering judgement should be used depending on the nature and scale of the industrial pollutants 
and the prevailing wind directions. Structures located in areas of geothermal activity should be regarded 
as having an industrial exposure classification. 

In case of sulphuric acid attack (normally encountered in sewerage treatment works) the incorporation of 
calcareous aggregates in the mix or in the sacrificial concrete, extends the life of the structural member; 
hence shall be considered as a possible durability solution. 
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Thaumasite sulphate attack (TSA) is a special type of sulphate attack applicable to buried concrete 
structures. Concretes using limestone aggregates or a ground limestone binder may be susceptible to 
TSA. The process is accelerated at low temperatures 3 ' 12 . 

Some SCM concretes provide enhanced acid resistance to Portland cement concretes. 

The effect of various common substances on concrete floors is given in Reference 3.13. 

C3.5 Requirements for aggressive soil and groundwater exposure classification XA 

Requirements for concretes subjected to natural aggressive soil and ground water attack can be 

summarised as follows: 

® Use of low water to binder ratio concretes with SCMs in appropriate mixes reduce concrete surface 

permeability, porosity and increase acid resistance. In highly acidic environments, additional 

protection may be necessary (e.g. appropriate physical barriers, coatings, etc.). 
® Care is needed in aggregate selection. Calcareous aggregates being an acid neutralising buffer zone 

should be considered especially in sacrificial layers. Increasing concrete cover will also prolong the life 

of the concrete elements. 
© Where low pH and high exchangeable soil acid conditions prevail, specifying a low water to binder 

ratio, high binder content and a calcareous aggregates sacrificial layer may be inadequate. Under 

such conditions some form of physical protection may be necessary. 
© Crack limitations need to be considered in design of structural and hydraulic concrete elements. 

In some of the special conditions that may arise in this category, e.g. for low pH < 4.0, the use of special 
chemical resistant coatings over the structural concrete may provide a more favourable design solution. 
Refer to 3.12.2. 



C3.6 Minimum concrete curing requirements 

Adequate curing is critical to achieve the required durability performance. The cover depth and concrete 
envelope quality have a direct relationship to the corrosion risk, and hence if curing is compromised, this 
will effect durability more than compressive strength. Curing is a very important aspect of securing 
satisfactory durability performance and hence any comparative tests undertaken must realistically model 
practical curing regimes which are compatible with in situ or precast concrete production. 

The requirements for concrete are a minimum strength and an initial curing period equal to or greater than 
three days for exposure classification A1, A2, or B1 and seven days for exposure classification B2 and C. 
The reduction of capillary channels and their interconnection within the concrete is primarily influenced by 
water cement ratio and subsequent curing period. For concretes in the C Zone the higher constituent 
content of cement paste hydration products provides greater subsequent chemical binding action when 
faced with chloride diffusion. The low w/c ratio also requires that there is free water available on the 
surface for curing, so as to prevent self desiccation of the concrete surface. The use of active curing 
procedures such as ponding or continuous sprinkling, or continuous application of a mist spray is 
recommended. Curing membranes or polythene sheet curing should not be used for the C zone. 

Where special curing features, such as might be used in a precast concrete factory, then comparison with 
the prescriptive requirements for strength and cover may lead to combination adjustments of these values. 

Accelerated curing generally has a detrimental effect on durability, this is more significant for SCM 
concretes. Thus seven days water curing is still recommended after the completion of the accelerated 
curing cycle. 
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C3.7 Additional requirements for concrete for exposure classification C 

C3.7.1 Supplementary cementitious materials 

Concretes containing supplementary cementitious materials are necessary to provide the performance 
required in the C zone. 

NZS 3122 and AS 3582 provide methods of evaluating cementitious materials but provide no guarantee of 
durability performance. The specifier should verify the performance of specific materials with the supplier. 

In considering the alternative binder types, attention must be given to any changes in construction 
techniques. For example, some concretes will require longer curing regimes than currently specified for 
GP cement concrete to achieve satisfactory durability performance and the effect of the curing 
temperature can be more critical. Evaluation of alternative cement types does require significant project 
lead-in time if test results are not available. 

The use of these alternative cementitious materials requires evaluation which should include the aspects 
of concrete supply, placement and curing. While many of the evaluations represent an accelerated testing 
regime compared to the life performance of the concrete, the test procedures themselves are normally 
extended for a period of months before final results can be established. Consequently the use of 
materials, where the evaluation has not previously been satisfactorily completed, requires significant 
project lead-in time to allow for evaluation. Durability testing is typically carried out after 56 days curing, 
recognising the fact that some SCM concretes take longer than 28 days to reach optimum hydration. 

The principal chemical process of aging for exposure zones A1 and A2 is carbonation. Performance 

criteria could be demonstrated by using such tests as: 

© Absorption 

© Sorptivity 

© Accelerated carbonation testing 

For exposure zones B1, B2 and C there is an increasing dominance of the influence of chloride ions 
penetrating the concrete. However the ingress of chlorides in the near surface zone in still influenced by 
absorption as this surface concrete undergoes wetting and drying cycles. Absorption and sorptivity testing 
is most appropriate for evaluating this surface zone. 

Deeper into the concrete, chloride transport is dominated by diffusion driven by a chloride concentration 
gradient. Fick's second law of diffusion is universally used to model this ingress of chloride. 

Whilst it is recognised that chloride ingress is driven by a number of factors including diffusion, the use of 
this one equation simplifies matters somewhat from reality. 

There is no single internationally accepted test for chloride ingress 3 M but the test methods listed below 
are recommended for comparative performance purposes. 

© NT BUILD 443 Chloride Diffusion Test 
© NT BUILD 492 Rapid Migration Test 

Chloride ingress over time is complicated by the fact that the diffusion coefficient, a material property 
measure, reduces with time. This is more significant for concretes containing SCMs and in fact dominates 
the long-term chloride ingress and lessens the influence of the early age chloride diffusion. For this reason 
comparative chloride diffusion measurements on young concretes are not necessarily an indicator of long- 
term performance. 

Thus as well as the short-term tests above, site exposure studies such as that carried out by BRANZ 3 ' 15 
are important in evaluating the time reduction factor. By measuring the ingress of chlorides into concrete 
with time for different exposure situations, the reduction in chloride diffusion can be calculated and the 
time reduction factor determined for concretes incorporating different cementitious types. 
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The Rapid Chloride Test ASTM C1202 has been used extensively in both research and for quality control 
yet it has some shortcomings 316, 317 . These relate to its bias towards some cementitious types based on 
the chemical make up of the pore water inside the concrete test specimen. The test is therefore most 
appropriately applied to comparative testing for quality control purposes of one concrete containing the 
same cementitious binder type. The Rapid Migration Test NT BUILD 492 overcomes the shortcomings of 
the Rapid Chloride Test and uses the same basic equipment, so is regarded as a superior quality control 
test 318 . 

One of the most effective ways of controlling the quality of a concrete containing supplementary 
cementitious materials is to monitor concrete performance in the course of a contract relative to 
performance levels established in a pre-contract trial placement. This approach requires lead times of up 
to 3 months before a contract commences to allow the required testing to be carried out. 

The suggested approach is as follows: 

(a) Carry out a trial placement of concrete in the form of a slab or other appropriate shape to confirm 
workability and placeability of concrete. 

(b) Carry out Chloride Diffusion Test NT BUILD 443, Rapid Migration Test NT BUILD 492 and 
compressive strength testing on cylinders removed from the trial concrete as supplied. Confirm that 
the Chloride Diffusion Test result indicates the concrete will provide the required durability. Monitor 
concrete quality in the course of the contract using a combination of compressive strength testing and 
the Rapid Migration Test NT BUILD 492 with acceptance based on the results achieved in the pre- 
contract trial. An appropriate margin for variability in these parameters will need to be established for 
each different contract. For example, 0.85 of the compressive strength achieved in the trial has been 
used as an acceptance level for some contracts. 

(c) Carry out Chloride Diffusion Test NT BUILD 443, Rapid Migration Test NT BUILD 492 and 
compressive strength testing on concrete cores removed from the trial placement. If in the course of 
the contract there is dispute about the performance of concrete already in place these results can be 
used to establish acceptance levels for cores removed from the concrete in question. There is likely 
to be greater variability in the test results from cores compared to cylinders. 

Refer also to Reference 3.19. 

C3.7.2 Water/binder ratio and binder content 

The strength and curing requirements for the C zone are based on the use of concrete containing a 
supplementary cementitious material with a minimum f' Cl a maximum water binder ratio of 0.45, and a 
minimum binder content of 350 kg/m 3 . The achievement of these parameters together with providing 
concrete of a suitable workability for placement and compaction will require controlled use of chemical 
admixtures. 

Concrete supplied for the C zone will be classed as 'Special Concrete' in accordance with NZS3109 
Amendment No. 1 August 2003 and NZS 3104. Consequently there may be special testing requirements 
over and above the routine compressive strength testing carried out by the concrete supplier. Any 
additional testing requirements would need to be discussed with the concrete supplier. If any special 
durability testing is required, the lead time may be significant. 



C3.8 Requirements for concrete for exposure classification IE 

For more severe cases than C, the principal actions call for the use of low water binder ratios approaching 
0.3. In such situations construction techniques are critical. Additional durability enhancement measures 
as are detailed in C3.12.2 should be considered. 



C3.9 Finishing, strength and curing requirements for abrasion 

Achieving adequate abrasion resistance for concrete floors depends primarily on the effective use of 
power trowels on the concrete as it sets, effective curing and then to a lesser extent on the cement 

content 3 ' 20 ' 321 . 
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Figure C3.1 -Accelerated abrasion machine 

Compressive strength is the most easily measured way of ensuring a minimum cement content. The UK 
Concrete Society Publication TR34 recommends a minimum cement content of 325 kg which will normally 
be achieved with a 40 MPa concrete. 

The water cement ratio is of importance. It should not exceed 0.55. Reducing this to 0.5 is likely to 
enhance abrasion resistance but reducing this further is unlikely to enhance resistance. The water cement 
ratio for a particular strength can vary widely around New Zealand dependent on the aggregate and sand. 

Coarse aggregate usually has no direct influence on the abrasion resistance, except in floors in very 
aggressive environments where the surface is likely to be worn away. Coarse or fine aggregates should 
not contain soft or friable materials. 

Class AR1 and Special are likely to require the use of a dry shake finish. 




Figure C3.2 - Accelerated abrasion wear circle 

A test method for assessing the abrasion resistance of concrete floors is described in BS 8204-2, 
Annex B, Determination of the abrasion resistance value. This test utilises a rolling wheel abrasion testing 
machine which leaves a 225 mm wide circle on the floor up to 1 mm deep. Thus in warehouses it might 
be appropriate to test under rack positions. The test should be seen as a way to determine if a 
construction process in conjunction with a concrete mix is suitable. 

Table C3.1 - Relationship between class and test wear depth centre 



Class 


Maximum test wear depth 

(mm) 


Special 


0.05 


AR1 


0.10 


AR2 


0.20 


AR3 


0.40 
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Reference 3.20 outlines New Zealand research using the Accelerated Abrasion Machine. 

This clause specifies additional requirements for abrasion exposure over and above the requirements for 
other exposure criteria. For example, concrete for a reinforced concrete external pavement subject only to 
light, pneumatic tyred traffic, but located in the coastal zone would have to comply with the requirements 
for B2 and those requirements would take precedence. On the other hand for an internal factory floor 
subject to medium to heavy pneumatic tyred traffic, the requirements for abrasion under this clause would 
take precedence. 

Floors which receive repeat power trowelling can exhibit 'craze cracking.' In general this is cosmetic only 
and has no effect on abrasion resistance. 



C3.10 Requirements for freezing and thawing 

The role of air entrapment in providing resistance to freeze-thaw degradation is well established and this 
clause presents the usually accepted values. Those given represent an envelope of accepted practice. In 
general the larger the nominal aggregate size the lower the required amount of entrained air to give the 
desired protection. 

Severity of exposure is also dependent on the presence of moisture on the surface prior to freezing. 

If the surface is also subject to abrasion the upper values of air entrapment given may be too high to 
permit the desired abrasion resistance to be achieved; if so an intermediate value will have to be chosen. 

Reference to the Meteorological Service of New Zealand can identify weather freeze-thaw patterns (refer 
Table C3. 2). Measurements at screen level are taken at 1.3 m above ground and are considered 
applicable to buildings. Principal cities in the South Island have less than 50 occasions per annum 
experiencing a screen frost measurement (see Table C3.2). Ground frost in the principal South Island 
cities all exceed 50 occasions and hence exposed structural concrete pavements should meet the 
provisions of (a) and (b) of 3. 1 0. 

When exposed aggregate building surfaces, vertical or horizontal, are used, it is recommended that 
durability provisions follow the structural ground slab provisions. 

Table C3.2 - Examples of frost cycles (New Zealand Meteorological Service) 





Frost cycles per annum 




Screen 


Ground 


Christchurch 


36 


89 


Dunedin 


10 


78 


Invercargill 


46 


111 


Central Otago 


86 


154 



C3.11 Requirements for concrete cover to reinforcing steel and tendons 

C3.1 1 .2 Cover of reinforcement for concrete placement 

Larger covers than those given in the Standard may need to be specified for other reasons; for example, 
the achievement of required surface finish, allowance for abrasion of surface, the use of bundled bars, the 
congestion due to a number of reinforcement layers, the configuration of narrow webs and large 
prestressing ducts and the influence of aggregate size. 

Concrete which can achieve adequate compaction without vibration, such as self compacting concrete 
may allow the use of closer bar spacings. 
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C3.1 1 .3 Cover for corrosion protection 

C3.1 1.3.1 General 

The protection of the reinforcement is provided by a combination of concrete quality and thickness of 

cover. 

In 3.11.3.2 and 3.11.3.3, the covers quoted assume that placing tolerances specified in NZS 3109 are 
met. If there is doubt that these can be achieved on the project, then larger covers should be specified to 
allow for increased tolerance. In addition, covers will need to be increased where special concrete surface 
finishes reduce the nominal dimensioned cover. 

C3.1 1 .3.2 Formed or free surfaces 

In general, covers increase as the severity of the exposure increases. Provision has been made to permit 
reduced covers in situations where concrete grades higher than the minimum specified for the exposure 
classifications are used. 

In Table 3.6 and Table 3.7, a default minimum cover of 50 mm has been used for the C Zone. Also 
covers in all exposure classifications do not reduce for strengths above 60 MPa. It is considered that 
default minimum covers need to be maintained to allow some buffer to offset the risk of inadequate 
workmanship not achieving the design covers. 

C3.1 1 .3.3 Casting against ground 

The increase in cover requirements relates to the casting of items directly against the ground i.e. not 
against formwork constructed to NZS 3109. Where blinding concrete or sand blinding treatment of a base 
course has been used to produce a surface similar in tolerance to formwork to NZS 3109, then the cover 
requirements may be determined by direct reference to Table 3.1 and Table 3.6 or Table 3.7. 



C3.12 Chloride based life prediction models and durability enhancement measures 

C3.1 2.1 The use of life prediction models 

Concretes containing supplementary cementitious materials have the potential to provide enhanced 
marine durability when compared to GP cement concretes. Because of the complexity of marine durability 
predictions, there are a number of predictive models available to determine design life of the marine 
derived concrete structures, which have application to the B2 and C zones in particular. Table 3.6 or 
Table 3.7 may be more conservative than alternative solutions derived using a model. Models should 
incorporate factors of safety on the calculated design life to allow for uncertainty in input values. 

A model is a powerful design tool where the designer is able to evaluate the effect of the various variables 
of the predicted design life. However, there is an increased risk in using a model, if the designer does not 
have sufficient knowledge on the appropriate input data, then the resulting output could be spurious. 

There are several physical/mathematical models 322 which offer predictions of the service life of reinforced 
concrete structures subject to chloride environments. Certain of these models are concerned only with the 
so-called "initiation phase" (time to first rusting of the steel reinforcement). Others deal with the 
subsequent "propagation phase" (time to first cracking or spalling of the concrete). Reference 3.23 
provides the European derived methodology for a performance based durability design based on a 
probability approach. 

The various combinations of specified concrete strength and minimum cover requirements for Exposure 
Classification C as listed in Table 3.6 and Table 3.7 were determined with reference to a number of 
different model solutions taken together with marine exposure site data obtained from an on-going BRANZ 
research programme on chloride ingress. In the light of various uncertainties concerning the current state 
of knowledge in relation to the modelling of the propagation phase, the Committee adopted an approach 
based on securing a minimum time to first rusting of 40 years and 80 years for the Specified Intended Life 
of 50 and 100 years respectively. 
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The initiation models are usually founded on some derivative of Fick's Law of diffusion. Experience has 
shown that the chloride profiles which come to develop within a body of concrete exposed to a chloride 
environment can generally be fitted using a Fick's Law type expression. However, the resulting diffusion 
coefficients (often termed "effective" diffusion coefficients in recognition of the fact that chloride ingress 
can be driven by a variety of different mechanisms) do not follow classical diffusion theory with respect to 
constancy over time. Thus, with increasing periods of exposure, effective diffusivity values tend to 
decrease. Such reductions in effective diffusivity over time can be especially marked for concretes 
containing supplementary cementitious materials. Initiation models generally cater for this feature by way 
of a power-law type expression with a power index. 

The following values are offered as guidance to designers with respect to the use of initiation models. 



Some models have their own guidelines 



3.22. 



Surface chloride levels 

Exposure Classification C 2.0 - 3.5 % on mass of cementitious materials (MS) 

3.0 - 5.5 % on mass of cementitious materials (GBS) 

Exposure Classification B2 0.8 - 1 .0 % on mass of cementitious materials (GP) 

0.8 - 1 .2 % on mass of cementitious materials (SCMs) 

Time-dependency of chloride diffusion coefficients for C zone (m) (time reduction indices) 

65% GBS 0.35-0.74 

8% MS 0.15-0.51 

GP 0.08-0.34 

The time dependency coefficients have a significant effect on life prediction which can swamp the 
influence of other factors. 

Chloride threshold for black steel corrosion 

0.3 - 0.5 % on mass of cementitious materials 

The choice of corrosion threshold should take into account the likely background chloride level present in 
the concrete. 

Designers who choose to implement life-performance models as an alternative to the Exposure 
Classification C (or B2) provisions of Table 3.6 and Table 3.7 are urged to maintain a sensible approach 
with respect to nominated minimum covers. For this reason the committee recommends that the covers 
using a model solution should not be more than 10 mm below the corresponding value in Table 3.6 or 
Table 3.7. 

C3.1 2.2 Other durability enhancing measures 

There are a number of additional measures which can be used to enhance the durability of the 'standard' 
situation. It is recommended that these be used to increase life or the certainty of life prediction, rather 
than to reduce cover. 

Protective surface coatings may be taken into account in the assessment of the exposure classification 
3 ' 13 . However, care should be exercised when assessing the ability of a surface coating to protect the 
surface and to continue to do so during the life of the building. The choice of a suitable coating is outside 
the scope of the Standard, but the designer should be warned that an inadequate poorly maintained 
coating may lead to more rapid degradation than no coating. Maintenance of coatings in the C zone is 
often impractical. 

For systems relying wholly or partly upon coating systems, the New Zealand exposure life of the coating 
will need to be considered as a separate study as well as the contribution achieved from the concrete 
cover. High levels of UV light combined with humidity and temperature factors in New Zealand lead to 
more rapid deterioration of some coatings compared, for example, with European experience. Some 
coatings are acceptable for providing resistance to CO2 penetration but provide little protection for chloride 
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ion ingress. Hence it is essential to select the correct coating system that is compatible with the exposure 
classification. 

It is important to ensure that the coating permits water vapour transmission. 

International research has indicated that the following performance criteria need to be adopted when 
considering the suitability of a coating: 

(a) Water vapour transmission resistance less than 4 metres of air barrier; 

(b) C0 2 diffusion resistance greater than 50 metres of air barrier; 

(c) No chloride ion diffusion using, for example, the Taywood method after 1 year's immersion; 

(d) UV performance needs to be based upon a minimum of 5000 hours of accelerated weathering. 

While coating manufacturers data may be indicative of the various performance ratings, it is important for 
the specifier to have regard to independent certification of information. This may be available from the 
coating manufacturer. AS/NZS 4548 gives test methods for evaluating coatings for water transmission 
resistance, water vapour transmission resistance, carbon dioxide diffusion, chloride ion diffusion and crack 
bridging ability. It must be appreciated that test evaluations will often taken 12 months for completion. 

The indicative performance criteria of (a) and (b) above are based on tests performed by Klopfer, BRE 
(UK), Taywood Engineering and Aston University (UK). 

The type of reinforcement used will have the potential to affect the corrosion threshold. The recommended 
corrosion threshold for conventional reinforcement is 0.4 % on the mass of cementitious materials. 
Equivalent recommended figures for galvanised reinforcement and stainless steel (316 or better) are 
1.0% and 3.0 % respectively. Epoxy coated reinforcement has given mixed results as regards durability 
enhancement with significant failures. The issue relates to keeping the coating intact during the 
construction. 

Once galvanised steel becomes corrosively active, it will corrode very quickly. The propagation phase will 
therefore be shorter than for conventional reinforcement. The threshold level for stainless steel is about 
the same as typical surface chloride levels in the splash zone. Hence generally there are no cover 
requirements for stainless steel. 

Controlled permeability formwork (CPF) changes the characteristics of the near surface zone through a 
reduction in water/ cementitious ratio. Reference 3.24 gives a method for calculating the depth of the 
affected zone and the D c value of this zone is found on average 45 % less than concrete cast against 
conventional forms. 

Permanent GRC formwork can be treated in a similar way to CPF. 

Corrosion inhibitors have the effect of increasing the level of chloride that can be tolerated before 
corrosion commences. Calcium nitrate is the most widely used inhibitor and the one for which there is the 
most data. Reference 3.24 describes how the corrosion threshold level is affected. 

Integral waterproofers have the effect of reducing the surface chloride level. 

Cathodic protection is a repair option which may be used to extend the life of a deteriorating structure by 
slowing down/halting the rate of corrosion of the reinforcement. For exposed structures where it is 
considered that there is some risk of corrosion during the life, cathodic protection may be provided at the 
construction phase. This allows the corrosion state of the reinforcement to be monitored throughout the 
life of the structure. 



C3.13 Protection of cast-in fixings and fastenings 

The following points should be noted when specifying corrosion protection: 

(a) Hot-dip galvanising of mild steel can engender embrittlement in cold-worked sections, reducing 

ductility; 
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(b) Stainless steel, where attached to mild steel by welding, can promote crevice corrosion, or galvanic 
corrosion in contact areas; 

(c) A number of non-ferrous metals may corrode by contact with Portland cement 3 25 ; 

(d) For large fixings where use of stainless steel may be prohibitive, heavily galvanised fixings may be a 
viable option. 



C3.14 Restrictions on chemical content in concrete 

C3.14.1 Restriction on chloride ion for corrosion protection 

The protection of reinforcement by the provision of an adequate cover of dense concrete relies primarily 
on the protection afforded by the alkalinity of the concrete. This protection will prevent the initiation of 
corrosion until carbonation has advanced close to the steel surface, which usually takes decades. 
However, if chloride ions are present in sufficient quantity, corrosion can be initiated even in an alkaline 
environment. Moreover chloride ions accelerate the corrosion process so their presence should be 
minimised. 

When considering the effect of chlorides on corrosion it is necessary to distinguish between "free" chloride 
present in the pore water and chloride bound by the cement in the matrix. The "bound" chlorides do not 
take part directly in corrosion, whereas the "free" chlorides may rupture the passive protective film on the 
surface of the reinforcing bars. "Free" chloride ions increase the electrical conductivity of the pore water 
and the rate of dissolution of metallic ions. Nevertheless as the proportion of "free" to "bound"' chlorides is 
subject to change, and "bound" chlorides may go into solution, it is considered desirable to place limits on 
the total chloride content rather than just the "free" chloride content. For this reason limits were placed on 
the acid soluble chlorides, as determined by standard test, which are closely related to total chlorides. 

Limits on chloride ion content are quoted as mass per m 3 of concrete which is consistent with the test 
method. Concrete producers producing to NZS 3104 should be able to verify that their concrete is within 
the allowable limits for chloride content. 

C3.14.2 Restriction on sulphate content 

An upper limit of 5 % of sulphur trioxide (S0 3 ) by mass of cement has been set to minimize the expansive 
influence of sulphate on the concrete. This includes the sulphate in the cement as well as aggregates and 
water. Great care should be taken when rock waste from mining is used as an aggregate. Many mineral 
ores include sulphides that oxidise to sulphates. 

C3.14.3 Restriction on other salts 

Some admixtures used in place of chloride accelerators may give rise to increases in ionised salts that 
may be detrimental. Compliance evidence to AS 1478 for admixtures should be sought. 



C3.15 Alkali silica reaction 

Most of the South Island and lower half of the North Island do not have reactive aggregates. ASR is only a 
potential issue if reactive aggregates are being used. 

Concrete producers producing to NZS 3104 have to certify that any normal grade concrete containing 
reactive aggregates has less than 2.5 kg alkali. Such concretes with higher alkali levels become special 
concrete and precautions need to be taken against ASR in accordance with C&CA TR 3. 326 

Reference 3.26 gives criteria for alkali levels which are permitted in combination with reactive aggregates. 
Typical alkali sources include cement, admixtures, mixing water and some aggregates. Allowable alkali 
levels depend on the importance of a structure and its design life. Susceptibility to alkali aggregate 
expansion can be mitigated by the use of an SCM. 
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C4 DESIGN FOR FIRE RESISTANCE 



C4.1 Notation 



When reinforcement is arranged in several layers as shown in Figure C4.0 , and where it consists of either 
reinforcing or prestressing with the same characteristic strength f y and f p respectively, the axis distance of 
the group of bars, a m , should be not less than the axis distance, a, provided in the tables in Section 4. 
The axis distance may be determined by the expression: 



As1 a 1 + As2 a 2 + + Ajn a n 



Atf + A, 



s2 



+ ^n 






(Eq.C4-1) 



When reinforcing consists of steels with different characteristic strengths, >A si should be replaced by AJ y or 
A si fp in Equation C4-1 
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Figure C4.0 - Determination of axis distance 

C4.2 Scope 

This section is based on the previous version of this Standard, modified with reference to the Australian 
standard (AS 3600 current version and draft amendments) and Eurocode 2 4 1 . Some changes also reflect 
the properties of New Zealand concretes where these have been adequately tested. 

Terminology has been changed to conform with that of the New Zealand Building Code. 

In building regulations, the specification of various fire resistance levels in relation to standard fire test 
conditions ensures that relatively higher or lower levels of fire resistance are achieved by various types of 
construction. This section gives rules whereby concrete members can be proportioned and detailed to 
satisfy regulatory requirements for particular fire resistance levels. 

The term "fire resistance rating" refers to the level of fire resistance that will be required for the structural 
member by the building regulations. In the New Zealand Building Code, the fire resistance rating is 
expressed in minutes, in the order Structural Adequacy/lntegrity/lnsulation. Thus a FRR of 90/90/90 
means that the structural members are required to have a resistance period for structural adequacy of 90 
minutes, integrity of 90 minutes and insulation of 90 minutes, i.e. the minimum times that would need to be 
achieved if the members were tested for these criteria in accordance with AS 1530:Part 4. 

AS 1530:Part 4 specifies conditions for the assessment of the fire resistance of a building component or 
member. A prototype specimen is tested in a furnace which is operated so that the furnace temperature- 
time relationship is as shown in Figure C4.1. The standard fire resistance test provides an internationally 
accepted basis for the assessment of the relative degree of fire resistance of different materials and 
building components. 

It must be emphasised that the temperature versus time relationship corresponding to an actual fire is 
dependent on many factors, including quantity and type of fuel, fuel geometry, ventilation and other 
compartment characteristics and is likely to be significantly different from the standard time/temperature 
curve in a standard fire test. Furthermore, in an actual fire, unaffected portions of a building apply 
constraints on members which are almost impossible to simulate in a prototype test situation. 

It is important to realise that AS 1530:Part 4 specifies not only a particular temperature-time relationship 
but also specifies the direction from which prototype test members are to be heated in the furnace, 
namely; floor and roof assemblies (slabs and beams) from below, walls from either sides but not both 
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sides simultaneously and columns from all vertical sides. These requirements have important 
consequences on the manner in which subsequent Clauses in this section are framed and the application 
of these clauses to the design of members in actual buildings. 

Provided that the implications of these limitations are taken into account when interpreting regulatory 
requirements, the use of the standard fire test will remain an important component of building regulations. 
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Figure C4.1 - Standard furnace temperature-time curve 
C4.3 Design performance criteria 

C4.3.1 General performance criteria 

A summary of international developments in design of structures for fire resistance is given in Reference 
4.2. 

C4.3.2 General rules for the interpretation of tabular data and charts 

Most of the tabular data in this section have been taken from Reference 4.1 with a few exceptions where 
noted. 

A change from the previous Standard is that the distance from the surface of the concrete to the 
reinforcing steel is now specified in terms of the "axis distance" rather than the "cover" referred to 
elsewhere in this Standard. Computational and experimental studies have shown that the temperature of a 
reinforcing bar is more accurately predicted in this way. 

The tabular data are based on an assumption that the cover concrete remains in place for the duration of 
the fire, with no spalling. Spalling is an unpredictable phenomenon which is more likely to occur in fresh 
concrete or in other situations where evaporation of moisture within the heated concrete can lead to a 
rapid increase in pore pressure. Some spalling is also related to unstable behaviour of some aggregates 
at elevated temperatures, but this has not been found to be a problem with typical New Zealand 
concretes. High strength concrete is more prone to spalling because of its low porosity, which can be 
largely overcome by mixing into the concrete at least 2 kg/m 3 of monofilament propylene fibres which will 
melt under fire attack to increase the porosity 4 1 . 
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C4.3.3 Increase in axis distance for prestressing tendons 

Increased axis distances are specified in this section because high strength steels used for prestressing 
bars and tendons have more significant loss of strength at elevated temperatures than mild steels. See 
Reference 4.1 for more detail on this requirement. 



C4.4 Fire resistance ratings for beams 

Table 4.1 and Table 4.2 are from Reference 4.1 . 

C4.5 Fire resistance ratings for slabs 

C4.5.1 Insulation for slabs 

The minimum thicknesses in Table 4.3 are based on experimental testing of New Zealand concretes at 
BRANZ 4 3 . These values are slightly less than in the values in Reference 4.1 based on the measured 
performance of fire resistance of typical New Zealand concretes. The small increase in thickness for 30 
minute FRR compared to the previous version is in response to the knowledge that temperatures in short 
duration fires are often higher than those in used in standard fire resistance testing Standards. 

C4.5.2 Structural adequacy for slabs 

Table 4.4 and Table 4.5 are from Reference 4.1 . 

Table 4.5 applies to "flat slabs". A "flat slab" is a continuous two-way reinforced concrete slab of uniform 
thickness, supported only on columns with no beams. The increased thickness above the values in 
Table 4.3 is to prevent possible punching shear around the supporting columns during fire exposure. 
Slabs with column capitals or other local thickening near the columns should comply with Table 4.5 in any 
area of potential shear failure and with Table 4.3 elsewhere in the slab. 

The values in Table 4.6 for "ribbed slabs" are from Reference 4.1. A "ribbed slab" is a concrete slab which 
has a top flange constructed integral with webs or ribs projecting below the flange, acting structurally with 
T-beam behaviour in one direction or two orthogonal directions. 



C4.6 Fire resistance ratings for columns 

The values in Table 4.7 are from Reference 4.1 . These values have been determined for columns with an 
effective length no longer than 3.0 m and no significant eccentricity of loading. The table gives larger 
values of minimum dimension and axis distance for heavily loaded columns. 



Clause 4.6.2 is based on axially loaded columns without significant bending moments. If the design is 
dominated by bending, the column should be considered to be a beam 44 . Reference 4.1 gives additional 
tables for combined bending and axial load in fire exposed reinforced concrete columns. 



C4.7 Fire resistance ratings for walls 

C4.7.1 Insulation for walls 

The minimum thicknesses in Table 4.8 are based on experimental testing of New Zealand concretes at 
BRANZ, as described in C4.5.1. 

C4.7.2 Structural adequacy for walls 

The values in Table 4.9 are from Reference 4.1 , which also gives tabulated data for the case where a wall 
is exposed to fire from both sides at the same time. 
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C4.8 External walls that could collapse outwards in fire 

C4.8.1 Application 

Clause 4.8 applies to external walls which could collapse outwards from a building as a result of a fire 
inside the building. This section is not restricted to those buildings close to a property boundary where it is 
necessary to prevent spread of fire to adjacent property, because it is also necessary to provide protection 
to fire fighters who could be killed or injured if walls fall outwards, in accordance with the New Zealand 
Building Code. 

The traditional approach to external walls in buildings with non-fire-rated roofs has been to ensure that the 
walls remain standing in place after a fire, even if the roof collapses. This Standard is based on a more 
recent approach which allows walls to be pulled inwards by the collapsing steel frame, ensuring that the 
walls remain attached to the steel frame and to each other, to avoid large gaps between the walls which 
would allow spread of fire to adjacent property. This approach is summarised in Reference 4.4. 

C4.8.2 Forces on connections 

The process of design for fire conditions will depend on the design philosophy used for ambient 
conditions. It is impossible to predict the behaviour accurately, so the forces given in this section are rough 
estimates of the possible forces which could develop under various scenarios. 

A detailed analysis must consider all likely forces, including the face load on the wall, the forces resulting 
from thermal bowing of the concrete panels, the forces resulting from deformation or collapse of a steel 
roof structure, and the self weight of the walls due to deformations away from the vertical position. 

C4.8.2(a) The loading standard (NZS 4203) requires free-standing external walls to be designed to resist 
a face load of 0.5 kPa in the "after fire" condition. The value of 0.5 kPa was derived from previous code 
requirements for a nominal level of wind or earthquake load in the after-fire condition. This requirement is 
not included in AS/NZS 1170: Parts or 1, but is retained in this document in order to provide a nominal 
level of force for design of walls and connections, and to ensure some degree of robustness for this type 
of building. A significant change from NZS 4203 is that the face load is now required to be applied during 
the fire, not just after the fire. This is because: 

(a) The primary concern of the New Zealand Building Code is with collapse of walls and possible fire 
spread during a fire; 

(b) Walls able to resist this load during a fire will, in most cases, be able to resist a similar load if they are 
still standing after the fire; 

(c) It is considered acceptable for walls to be pulled inwards during the fire, hence not remain standing 
after the fire. 

A wall connected to a very weak or flexible roof structure will need to be designed to cantilever from its 
base, resisting a face load of 0.5 kPa during fire exposure. Flexural design at the base of the wall should 
include the effects of thermal bowing and the resulting P-delta forces which will cause much larger base 
moments than assumed in the cold design. Note that the relevant reinforcing will either be central in the 
wall where it will remain relatively cool, or near the fire exposed face in which case the properties at 
elevated temperatures should be considered. Guidance on thermal bowing of cantilever walls is given in 
References 4.5 and 4.6. 

C4.8.2(b) For a wall with a cantilever base, which also relies on the roof structure to prevent outwards 
collapse of the wall, it is necessary to check the forces required at the top of the wall to develop a plastic 
hinge at the base of the wall. This bending moment will develop as the roof structure prevents thermal 
bowing in the outwards direction, or as the wall is pulled inwards by the unprotected steel roof structure as 
it collapses. Note that the relevant reinforcing will usually be central in the wall or near the outer face, so it 
is unlikely to have reduced mechanical properties due to elevated temperatures. 

C4.8.2(c) Additional requirements are necessary for walls which also are not free to deform as thermal 
bowing occurs. This applies to a wall connected to reinforced concrete columns or protected steel 
columns, or connected to another wall at right angles. This section also applies to walls connected to half 
height concrete columns or half height protected steel columns which will restrict thermal bowing. Large 
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forces will develop at the connections when such walls attempt to deform due to thermal bowing, which 
may be in two directions (horizontal and vertical). 

C4. 8.2(c) provides a rough approximation of the connection forces which could develop in walls which are 
restrained against thermal bowing deformations. The relevant reinforcing will usually be central in the wall 
or at the outer face, so it is unlikely to have reduced mechanical properties. 

For highly restrained walls bowing in double curvature, the connections should also be able to resist the 
forces associated with flexural yielding in the wall at 45° across the corners of the walls. It is not easy to 
predict the precise location of the yield-line across the corner of a wall. If a nominal distance of, say, 1 
metre is assumed, the force required to develop a 45° yield line is largely independent of its location 
because the lever arm increases in direct proportion to the length of the line (the width of the cracked 
cross section). 

Some Australian documents allow for connections to be designed specifically for large relative 
displacements between the walls and the supporting columns or adjacent corner walls. To satisfy this 
condition, the connections should be detailed to allow a relative outward displacement of H c /25 between 
the wall and the supporting structure, where H c is the height of the connection above the foundations. A 
problem with this approach is that the reduction in the connection force due to the lack of restraint may be 
offset by large P-delta forces. Some details for connections allowing large relative displacements are 
provided in Reference 4.4. 

C4.8.3 Design of connections 

C4.8.3(a) The reduction to 30 % of the yield strength in ambient conditions is based on an expected steel 
temperature of approximately 680 °C, which is the maximum temperature reached in the Eurocode 
"external" fire 47 . In a real fire in a typical industrial building, it is likely that higher temperatures will be 
reached in the early stages of the fire before the roof burns through, but 680 °C is an estimate of the likely 
temperature if the fire continues to burn for some time after the roof has collapsed. 

C4.8.3(b) For steel other than normal mild steel, the connections can be designed using the mechanical 
properties of the steel at 680 °C. 

A higher level of design stress can be used if the steel in the connection is protected using approved fire 
protection materials, in which case specific calculations of steel temperatures will be necessary. 

C4.8.3(c) Proprietary anchors will have fire resistance ratings based on standard fire resistance tests in 
accordance with AS 1530:Part 4 or a similar national or international standard. The minimum rating of 
60 minutes for unsphnklered buildings is an estimate of the worst likely fire severity in a typical industrial 
building with a non fire-rated roof structure. The reduction to 30 minutes for sprinklered buildings reflects 
the much lower probability of a severe fire in such buildings. These values have been prescribed because 
it is impossible to accurately predict the severity of a fire in a single storey building with non-fire-rated roof 
construction. 

These ratings apply even when there is no specific requirement by NZBC C/AS1 for the external wall to be 
fire rated, in order to protect fire-fighters and others outside the building who could be injured if the wall 
unexpectedly collapsed outward. 

C4.8.4 Fixing inserts 

There are a number of proprietary adhesive anchors which have been tested under fire conditions. 
Manufacturers of such systems specify design loads depending on the required fire resistance rating 4,8 . 
Fire-rated adhesive connections rely on synthetic organic resins with or without inorganic fillers or active 
ingredients such as cement. Epoxy grouted inserts without an approved fire resistance rating must not be 
used for connections which are required to carry loads during a fire, because most epoxy resins lose 
strength at temperatures over about 60 °C. 
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C4.10 Fire resistance rating by calculation 

This clause allows fire resistance to be assessed by a recognised method of calculation, such as given in 
Reference 4.1. 

In Reference 4.1, the design fire exposure allows for standard or realistic fire design curves to be used. 
Simple calculation methods are given for predicting the behaviour of single members based on simple 
assumptions. Advanced calculation methods provide the principles for computer analyses based on 
fundamental physical behaviour, for both thermal analysis and mechanical behaviour. These analyses 
need to take into account factors such as transient temperature gradients, variation of thermal properties 
with temperature, axial and flexural restraint, thermally induced forces, and thermally induced 
deformations, throughout the duration of the expected fire. The effects of creep are not explicitly included 
in the advanced calculation methods, but the stress-strain relationships have been modified to include 
creep in an indirect way. 

Reference 4.1 includes comprehensive expressions for thermal and mechanical properties at elevated 
temperatures, and stress-strain relationships at elevated temperatures. This is very useful for any 
analytical modelling of fire behaviour of structures. The tabulated listings in the Eurocodes (many used in 
this Standard) are far more extensive than most other codes, the particular benefit to designers being that 
the tables include the improved fire resistance for members which are loaded below their design capacity 
at the time of a fire. 

Simple hand methods of calculation and discussion regarding advanced calculation methods for fire 
resistance are given in Reference 4.2. 
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C5 DESIGN PROPERTIES OF MATERIALS 

C5.1 Notation 

The following symbols which appear in this section of the commentary, are additional to those used in 

Section 5 of the standard. 

K t factor relating the modulus of rupture to the direct tensile strength of concrete. 

p density (unit weight) of concrete, kg/m 3 

/? p the angular deviation due to wobble effects, radians per metre (rad/mj 

C5.2 Properties of concrete 

C5.2.1 Specified compressive strength 

Although there has been considerable research undertaken recently into the specification and 
performance of hjgh strength concrete, there is insufficient data and experience in New Zealand 
applications to justify the use of a design compressive strength greater than 1 00 MPa. 

The design value of compressive strength adopted may be dictated by considerations of serviceability and 
durability rather than strength alone in certain situations. 

C5.2.2 Applicable density range 

The formula in 5.2.3 for E c is valid down to p = 1400 kg/m 3 . 

C5.2.3 Modulus of elasticity 

The modulus of elasticity of concrete can be represented with acceptable accuracy by the formulae stated. 
However, it must be recognised that E c can vary considerably and is sensitive to aggregate type. For New 
Zealand concretes E c can vary considerably. In determining the distribution of design actions and 
deflections an elastic modulus corresponding to (fc + 10) MPa may be used. The 10 MPa is added so that 
the concrete strength and stiffness is representative of likely average strength values rather than a value 
corresponding to a lower characteristic strength. 

C5.2.4 Modulus of rupture 

The value of the modulus of rupture, f r , used for calculating deflections is taken of 0.6 /Ly f c , where X is a 

factor which is 1.0 for normal concrete and less than 1.0 for lightweight concrete. This is an average 
value, as distinct from a lower characteristic value and is considered appropriate for use in assessing 
deflections of members of typical structural dimensions. 

As indicated in C5.2.6, the modulus of rupture is sensitive to scale effects, and its magnitude decreases 
significantly as the size is increased. 

C5.2.5 Modulus of rupture from testing 

Where tests are used to establish the modulus of rupture, allowance should be made for both the scale 
effect (see C5.2.6 and References 5.1 and 5.2) and the form of testing. Where splitting tests are carried 
out it may be assumed that the direct tensile strength is 90% of this value. The corresponding modulus of 
rupture can then be assessed from C5.2.6. or References 5.1 or 5.2. It should be noted that tensile 
strengths are subjected to appreciable scatter and hence several tests are required to establish a reliable 
mean value. 

C5.2.6 Direct tensile strength concrete ^2 

The value of direct tensile strength given in the clause corresponds to a lower characteristic value, which 
is appropriate for use in strength calculations. 

The tensile strength of concrete in flexure (modulus of rupture) is more variable than the compressive 
strength and is about 10 % to 15 % of the compressive strength. Tensile strength of concrete in flexure is 
neglected in strength design. For methods with normal percentages of reinforcement, this assumption is 
in good agreement with tests. 
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However, the strength of concrete in tension is important in cracking and deflection considerations at 
service loads. 

The direct tensile strength of concrete is difficult to measure due to the complexity of simultaneously 
holding the specimen and applying a concentric load. For this reason the tensile strength is generally 
assessed indirectly, through tests such as the Brazilian splitting test (split cylinder) and the modulus of 
rupture test. In both cases, relatively small specimens are tested and the tensile strength is based on a 
linear elastic analysis of the specimen. However, concrete does not behave as a linear elastic material 
and in both tests allowance has to be made for this non-linear behaviour in assessing direct tensile 
strengths. 

An idealised form of the stress and strain relationship for concrete in tension is shown in Figure C5.1. 
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Figure C5.1 - Idealised stress strain relationship for concrete 

The stress-strain relationship for concrete in tension is generally a linear relationship (up to 85 % of the 
peak strength). Cracking occurs at the maximum stress and the tensile resistance decreases rapidly as 
the crack width increases 5 3 . Generally, the tensile resistance is exhausted at a crack width of about 
0.2 mm. The tensile resistance across the crack arises from the crystals formed by hydration of the 
cement spanning the crack. 

A number of factors can have a marked influence on the ratio of tensile strength to compression strength: 

(a) The tensile strength, particularly the flexural tensile strength (modulus of rupture), decreases as the 
size of concrete subjected to tension increases. 

This change occurs: 

(i) As there is a greater chance of a weak section in larger specimens; 

(ii) With thicker members differential shrinkage between the surface and inside regions can induce 

tensile stresses in the surface layers; 
(iii) With increasing thickness of members the crack widths increase in width and this reduces the 

effectiveness of the post cracking tensile stress transfer across the cracks. 

(b) The proportion and type of course aggregate in the concrete can have a marked influence on tensile 
strength. 

(c) The orientation of the concrete relative to the direction in which it is cast can influence tensile 
strength. This arises due to water-gain, which gives the concrete directional properties in both 
tension and compression 54, 5 ' 5 . The tensile strength is generally 10 % to 30 % lower when the stress 
acts in the direction of casting (that is in the vertical if the orientation of the member has not been 
changed from the casting position) compared with the direction at right angles to this direction. 
However, this difference varies with the type of aggregate, the admixtures that are used, the form of 
compaction and the aggregate type. 

As a guide to tensile strengths the CEB-FIP Model Code 52 indicates that the direct tensile strength, f cU 
can be assessed from the expression 



f ,' A' 



f ct =1.4 



v 10 , 



.(Eq. C5-1) 
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To obtain the modulus of rupture (flexural tensile strength) the direct tensile strength, f t , is multiplied by a 
factor K t , which varies with depth as indicated in the Table C5.1 . 





Table C5.1 - 


- Relationship between modulus of rupture and member depth 




Depth 

(mm) 


50 


100 


200 


400 


800 


1200 


2400 


K 


2.10 


1.67 


1.41 


1.25 


1.16 


1.12 


1.07 



To obtain the lower characteristic tensile strength the value given by Equation C5-1 is multiplied by 0.68, 
while the upper characteristic strength is obtained by multiplying by 1 .32. 

The tensile strengths given by the expression above, should only be taken as a guide to likely values as a 
number of factors, which can have major influence on the strengths are not considered. Tests should be 
conducted where tensile strengths are important for the integrity of the structure. 

C5.2.9 Coefficient of thermal expansion 

The value of 12 x 10" 6 /°C should be satisfactory for most structural calculations. However, the actual 
coefficient varies over a wide range depending on the aggregate type, volume of cement-paste and the 
degree of saturation of the concrete. The coefficient of thermal expansion of self-compacting concrete is 
normally 10 % to 15 % higher than for conventionally placed concrete. 

C5.2.10 and C5.2.11 Shrinkage & creep 

Creep and shrinkage in concrete depends on the composition of the concrete, the effective thickness of 
the elements making up a member and the environment. Increasing the damp curing period of the 
concrete reduces the shrinkage. The amount of creep that occurs under a given load is smaller as the 
age of the concrete at the time the load is applied is increased 5 1) 52 ' 5 6 ' 5J and 58 . 

Due to the sensitivity of creep and shrinkage to aggregate type mix proportions and additives, basic 
design values used in design should, as far as is practical, be based on standard test results. The results 
of such tests need to be modified. Such factors as age of loading for creep, duration of damp curing for 
shrinkage, together with the effective thickness (or volume to surface ratio), environment (relative humidity 
and temperature) etc for both creep and shrinkage, need to be considered to obtain basic values for 
design. References 5.2, 5.7 and 5.8 may be used to make adjustments for these effects. References 5.6 
and 5.9 detail the results of tests on New Zealand concrete and give an idea of typical values. Where 
creep and shrinkage may have a significant influence on the serviceability of a structure the analysis 
should be repeated to cover the likely range of creep and shrinkage values. 

Reinforcement in a section partially restrains movements due to creep and shrinkage. Methods of 
allowing for this action is discussed in references 5.2 and 5.8, and a simple approach is given in 
Appendix CE. 



C5.3 Properties of reinforcement 

C5.3.1 Use of plain and deformed reinforcement 

In general, plain round bars are preferable for ties and stirrups because the small radius bends which are 
required have undesirable metallurgical and mechanical effects on deformed bars 510 . Also, in most 
situations ties and stirrups do not rely on high bond strengths along their straight legs for their action. 
However, there are some cases, such as deep wall beams and lapped splices in tie legs, where it may be 
necessary for stirrups and ties to develop high bond values along their straight portions. In such cases it is 
acceptable to use deformed bars, provided that the radii satisfy 8.4.2. 



Where fatigue criteria govern, or where load capacity must be maintained across localised regions of high 
ductility demand in seismic structures, it may be considered desirable to use plain round bars for flexural 
reinforcement. 
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A common practice in the present concrete industry is to use non-tensioned strand off-cuts as secondary 
reinforcement, or crack control reinforcement in precast, or pre-tensioned units. Reinforcement of this 
type should not be welded or heated. 

C5.3.2 Reinforcement grades 

When the long-term quality of the reinforcement cannot be demonstrated by B3, B4, and B6 of 
AS/NZS 4671, compliance with AS/NZS 4671 shall be demonstrated by B7. 

In terms of AS/NZS 4671 Clause B7, a "batch" shall be interpreted as any bundle of reinforcement to be 
used. Each grade of bar, round or deformed profile and bar size shall be treated as a discrete test unit to 
be individually reviewed. 

Verification that all products in the test unit are from the same cast is to be by the manufacturer's or 
processor's or supplier's certificate. 

From the 15 test pieces per test unit of no more than a 100 tonnes (or part of), the test results shall be 
used to determine compliance with AS/NZS 4671. Up to 60 test pieces per 100 tonnes may be required 
by Clause B7, AS/NZS 4671 , depending on the lack of compliance of the first 1 5 test pieces. 

Where the ductility, strength grade or method of manufacture of the reinforcement is essential for the 
performance of the structure, these must be verified during construction. 

It is important to note that any process involving heat e.g. welding, galvanising and hot bending can 
adversely affect the mechanical properties of quench and tempered reinforcing bar by modification of the 
microstructure. 

Threading of quench and tempered bar removes some to all of the hardened outer layer resulting in a 
disproportionate loss of strength. 

Should the test unit not conform to AS/NZS 4671 then the material of the test unit shall not be used in the 
structural elements being designed to NZS 3101 . 

Ductile reinforcement, Grade 300E or Grade 500E, should be used in all structural elements, which may 
be subjected to: 

(a) Yielding due to seismic forces or displacements; 

(b) Appreciable moment redistribution under any loading combination; 

(c) Redistribution of structural actions due to stage by stage construction or by creep redistribution of 
actions; 

(d) Opening of cracks due to shrinkage, thermal and creep movements in the concrete, or due to 
settlement of the foundations. 

Where significant ductility is required then Grade 300E reinforcement is recommended. Grade 300E 
reinforcement typically has greater ductility and toughness, and a lower overstrength limit, compared with 
Grade 500E reinforcement (regardless of the method of manufacture). 

Where it is intended to use Grade 250N or Grade SOON reinforcement in structural elements, or in regions 
of structural elements, a detailed assessment of the maximum strains that may be induced in the ultimate 
limit state is required. In determining these strains the following points should be considered: 

(A) The strain in reinforcement in a reversing plastic hinge region, due to elongation, is typically twice the 
value calculated from rotation alone; 

(B) The rotation demand on a unidirectional plastic hinge is typically three times the corresponding 
rotation imposed on a reversing plastic hinge; 

(C) High strain levels can be induced in reinforcement at the junctions where precast concrete members 
are used in suspended floor slabs, and at the support locations of these units. These strains arise 
due to: 

(i) Redistribution of structural actions due to the change of structural form and creep and shrinkage 

movements in the concrete; 
(ii) Thermal movements and strains in the concrete and supporting structure; 
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(iii) Elongation and deformation of the supporting structure due to the formation of plastic hinges in a 

major earthquake; 
(iv) Forces induced in the floor slab as it acts as a diaphragm as a result of lateral forces acting on 

the structure due to wind, earth or water pressure or seismic actions. 

C5.3.3 Strength 

The maximum lower characteristic yield strength of reinforcing steel covered by AS/NZS 4671 is 500 MPa. 
Before using steels with greater yield strengths than this, the designer should ascertain their properties to 
ensure that they are suitable for the intended application. The behaviour under actions including but not 
limited to bending, fatigue, exposure to high and/or low temperature, strain age embhttlement and strength 
variations shall be considered. 

C5.3.4 Modulus of elasticity 

The value E s = 200,000 MPa for non-prestressed steel represents a realistic average value obtained from 
many tests. 



C5.4 Properties of tendons 

C5.4.3 Stress-strain curves 

Reference 5. 11 is a resource for evaluating stress-strain data. 



C5.5 Properties of steel fibre reinforced concrete 

The design properties of steel fibre reinforced concrete are dependent on the post-cracking toughness of 
the composite material. The properties of the fibre, such as its aspect ratio, ultimate tensile strength and 
end anchorage have a significant influence on the performance of the fibre reinforced concrete. Different 
fibre properties will result in different fibre dose rates to meet specific design properties. Designs must be 
based on the test data supplied by the fibre manufacturer, or confirmed by tests. The design method of 
Appendix A to Section 5 may be used. 
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APPENDIX A TO C5 

DESIGN PROPERTIES OF MATERIALS 

C5A TEST AND DESIGN METHODS FOR STEEL FIBRE REINFORCED CONCRETE 
SUBJECTED TO MONOTONIC LOADING 



C5.A1 Notation 

The following symbols which appear in this Appendix, are additional to those used in Section C5 of the 
commentary. 



4c 

A s 

b 

b, 

b w 

CMOD-, 

CMOD L 

CMOD, 

CMOD 2 

C/WOD3 

CMOD4 

d 

e 

E c 

tfcm 

e v 

f'c 

F c 

ffct,ax 
ffct.ef 

ffct,fl 

'fctk.ax 

ffctk.fl 

ffctk.L 

'fctm,ax 

ffctm.fl 

ffctm.L 

FL . 5 
FL3.5 

Fr,i 

'Rk,4 



'ywd 



cross section of concrete, mm 

area of concrete within tensile zone, mm 2 

area of tension reinforcement, mm 2 

width of the specimen, mm 

width of the flanges, mm 

minimum width of the web, mm 

crack mouth opening displacement for any increment T, mm 

crack mouth opening displacement at the end of the elastic limit, mm 

crack mouth opening displacement of 0.5 mm, mm 

crack mouth opening displacement of 1 .5 mm, mm 

crack mouth opening displacement of 2.5 mm, mm 

crack mouth opening displacement of 3.5 mm, mm 

effective depth, mm 

eccentricity, mm 

characteristic modulus of elasticity of concrete, MPa 

mean secant modulus of elasticity of steel fibre reinforced concrete, MPa 

the eccentricity of the prestressing force, mm 

concrete characteristic cylinder compressive strength of plain concrete at 28 days, MPa 

compressive force in the concrete in the direction of the longitudinal axis, N 

concrete axial tensile strength, MPa 

the tensile strength of the concrete effective at the time when the cracks may first be expected to 

occur, MPa 

concrete flexural tensile strength, MPa 

concrete characteristic axial tensile strength, MPa 

concrete characteristic flexural tensile strength, MPa 

concrete characteristic value of limit of proportionality, MPa 

concrete mean axial tensile strength, MPa 

mean flexural tensile strength, MPa 

mean value of LOP, MPa 

the value of f R1 reduced to the nearest multiple of 0.5 MPa, MPa 

the value of f R4 reduced to the nearest multiple of 0.5 MPa, MPa 

residual flexural tensile strength, MPa 

residual flexural tensile strength, MPa 

load recorded at CMOD\ or 5rj , N 

residual flexural tensile strength, MPa 

the characteristic residual tensile strength of SFRC at CMOD 4 , MPa 

the mean residual flexural tensile strength of the SFRC at the moment when a crack is expected 

to occur, MPa 

tensile force in the longitudinal reinforcement, N 

design yield strength of the shear reinforcement, MPa 
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h height of beam 

hf height of the flanges, mm 

h sp distance between tip of the notch and top of cross section, mm 

k coefficient which allows for the effect of non-uniform self-equilibrating stresses 

/Ci Equation C5A-14 

k a factor allowing for the influence of aggregate size on shear strength 

k c coefficient which takes account of the nature of the stress distribution within the section 

immediately prior to cracking 

k d factor allowing for the influence of member depth on shear strength 

/c f factor for taking into account the contribution of the flanges in a T-section 

/c p coefficient which takes account of the prestressing effect 

k x factor dependent on the number of specimens 

^xknown factor for known number of specimens when coefficient of variation is known 

/Wnown factor dependent on the number of specimens when the coefficient of variation of the population 

is unknown 

L span of the specimen, mm 

LOP limit of proportionality 

Mi applied stress Fjgure C5.A7 

M 2 assumed stress distribution, Figure C5.A7 

N number of specimens 

A/ S d prestressing force, N 

p w Equation C5A-10 

s spacing of stirrups, mm 

SFR Steel Fibre Reinforced 

SFRC Steel Fibre Reinforced Concrete 



s p standard deviation of stress, MPa 

V b the shear resistance of the member without shear reinforcement, N 

\/ fd contribution of the steel fibre shear reinforcement, N 

\/ rdj 3 design shear resistance of a section of a beam with shear reinforcement and containing steel 

fibres, N 

\/ W d contribution of the shear reinforcement due to stirrups and/or inclined bars, N 

z the internal lever arm, mm 

a the angle of the shear reinforcement in relation to the longitudinal axis; the ratio of prestressing 

<5& deflection at flexural tensile stress, f R , mm 

<5k (1 deflection at flexural tensile stress, f R|1 , mm 

Sr A deflection at flexural tensile stress, f Rj4 , mm 

e strain 

the angle of the concrete struts in relation to the longitudinal axis 

a stress, MPa 

Of real stress in a cracked section 

Of.i 0.45 /ri 

Of 4 0.37 f R 4 

a s the maximum stress permitted in the reinforcement immediately after formation of the crack, 

MPa 
cr 2 , 03 stress across crack Figure C5.A3 

r fd design value of the increase in shear strength due to steel fibres 

u Equation C5A-18 

C5.A2 Introduction 

This methodology was adopted from RILEM TC 162-TDF 5A 1 courtesy of RILEM. These recommendations 
were proposed and approved to be added to the relevant European Codes for design of concrete 
structures. 
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The design of steel fibre reinforced concrete according to the a - e method is based on the same 
fundamentals as the design of normal reinforced concrete. The proposed method is valid for steel fibre 
concrete with compressive strengths of up to 50 MPa. Steel fibres can also be used in high strength 
concrete, i.e. concrete with f' c > 50 MPa. However, care should be taken that the steel fibres do not break 
in a brittle way before being pulled out. 

It must be emphasised that these calculation guidelines are intended for cases in which the steel fibres 
are used for structural purposes and not for example for slabs on grade. They also do not apply for 
applications such as increased resistance to plastic shrinkage, increased resistance to abrasion or impact, 
etc. 

The anchorage capacity of steel fibres maybe lost in areas where significant cracking is expected. 
C5.A4. 1.1(f) limits the maximum crack width for the use of fibres to 3.5 mm. Cracking of this magnitude 
can be expected in regions where plastic rotations are expected. For this reason steel fibres should not 
be relied upon in plastic hinge regions of primary or secondary lateral load elements unless supported by 
test data. The method described in this section applies to members subject to monotonic loading. The 
performance of fibre reinforced members subjected to fatigue or cyclic based cases should be determined 
by special study. Significant cracks can also be expected to form in regions where relative rotation 
between members is concentrated. For example the topping of a flooring system often cracks above a 
supporting beam. Under lateral loads the primary lateral load resisting beams will elongate due to 
geometric considerations or due to the formation of plastic hinges in the beams. The elongation of the 
beam may results in cracks in the diaphragm above the beams supporting the floor. These cracks are 
likely to exceed 3.5 mm and therefore fibres in these locations should not be relied upon unless supported 
by special studies. 

Design procedures in this Appendix are for steel-fibre, reinforced concrete, only. They are based on the 
RILEM recommendations 5A1 . Design procedures for some high performance synthetic fibres have been 
established by the fibre suppliers, but to date, no independent generic design rules have been proposed 
for these materials. Structural applications of synthetic fibres are currently outside the scope of this 
Standard. 

Designers using synthetic fibres should follow the suppliers design guidelines, and confirm the results by 
special studies. 

The use of synthetic fibres to control plastic shrinkage cracking, or to prevent explosive spalling of damp 
cover concrete during severe fires, is outside the scope of this Standard: their efficacy in these 
applications is well documented, but is proprietary information. 



C5.A3 Material properties 

C5.A3.1 Compressive strength 

The compressive strength of steel fibre reinforced concrete (SFR concrete) should be determined by 
means of standard tests on concrete cylinders. The addition of steel fibres to concrete does not change 
the properties of the concrete unless the fibre content is high enough to make compaction difficult, in 
which case most properties (f c ', E c ) will reduce. 

The design principles are based on the characteristic 28-day strength, defined as that value of strength 
below which no more than 5 % of the population of all possible strength determinations of the volume of 
the concrete under consideration, are expected to fall. Hardened SFR-concrete is classified in respect to 
its compressive strength by SFR-concrete strength classes which relate to the cylinder strength f' c 
(Table C5.A1 ). Those strength classes are the same as for plain concrete. 

C5.A3.2 Flexural tensile strength 

When only the compressive strength f' c has been determined, the estimated mean and characteristic 
flexural tensile strength of steel fibre reinforced concrete may be derived from the following equations: 
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'fctm.ax " 



0.3(f ( 



x2/3 



(MPa) (Eq. C5A-1) 



ffctk.ax - 0-7ffctm,ax 



(MPa) (Eq.C5A-2) 



ffct,ax _ 0-6ffct.fi 



(MPa) .(Eq.C5A-3) 



ffctk.fi — 0.7ff, 



fctm.fl 



(MPa) (Eq. C5A^) 



The corresponding mean and characteristic values for the different steel fibre reinforced concrete strength 
classes are given in Table C5.A1. 

Table C5.A1 - Steel fibre reinforced concrete strength classes: characteristic compressive 
strength f' c (cylinders), mean f fc tm,fiand characteristic f fctk , f | flexural tensile strength mean secant 

modulus of elasticity £ fcm in MPa 



/c 


20 


25 


30 


35 


40 


45 


50 


'ctm.fl 


3.7 


4.3 


4.8 


5.3 


5.8 


6.3 


6.8 


ffctk.fl 


2.6 


3.0 


3.4 


3.7 


4.1 


4.4 


4.8 


Mem 


25,000 


26,500 


27,900 


29,200 


30,300 


31,500 


32,600 



5.A1 



If bending tests are performed, the following method can be used to determine the characteristic value 
of the limit of proportionality (LOP) (cf. bending test) 5A 2 : 



W = W-/<xSp (MPa) (Eq. C5A-5) 



with 

ffctk.L 

ffctm.L 



is the characteristic value of LOP (MPa) 
is the mean value of LOP (MPa) 
is the standard deviation (MPa) 



s p = 



E« 



fctm,L 



" 'fct,L ) 



(n-1) 



.(Eq. C5A-6) 



n is the number of specimens 

k x is the factor dependent on the number of specimens; some values are given in Table C5.A2. 

The maximum value of Equations C5A^ and C5A-5 can be taken as the flexural tensile strength of the 
SFR concrete. In Table C5.A2, /c xunknown means the coefficient of variation of the population is unknown; 
instead of the standard deviation of the population, the standard deviation of the spot check will be used. 

Table C5.A2 - k x as a function of the number of specimens 



n 


1 


2 


3 


4 


5 


6 


8 


10 


20 


30 


00 


^xknown 


2.31 


2.01 


1.89 


1.83 


1.80 


1.77 


1.74 


1.72 


1.68 


1.67 


1.64 


^xunknown 


- 


- 


3.37 


2.63 


2.33 


2.18 


2.00 


1.92 


1.76 


1.73 


1.64 



C5.A3.3 Residual flexural tensile strength 

The residual flexural tensile strength f Rjij which is an important parameter characterising the post-cracking 
behaviour of steel fibre reinforced concrete, is determined by the CMOD (crack mouth opening 
displacement) - or deflection controlled bending test 



5A.2 



The residual flexural tensile strength f R1 , f RA respectively, are defined at the following crack mouth opening 
displacement {CMOD) or mid-span deflections (<5kj): 



CMODi = 0.5 mm - 
C5-10 



Srj = 0.46 mm 
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CMOD4 = 3.5 mm - 5r A = 3.00 mm 

and can be determined by means of the following expression: 



*ki=- 



3F RJ L 



2bh 



MPa (Eq.C5A-7) 



sp 



where 

b is the width of the specimen (mm) 

/? sp is the distance between tip of the notch and top of cross section (mm) 

L is the span of the specimen (mm) 

F Ri is the load recorded at CMOD, or <5kj (N) (see Figure C5.A1) 




CMOD (mm) 



Figure C5.A1 - Load - CMOD diagram 

The relationship between "characteristic" and "mean" residual flexural tensile strength is given in C5.A3.2 
Equation C5A-5. 

Hardened SFR-concrete is classified by using two parameters that are determined by the residual flexural 
strength f Ri1 and f RA . The first parameter FL Q5 is given by the value of f Ri1 reduced to the nearest multiple 
of 0.5 MPa, and can vary between 1 MPa and 6 MPa. The second parameter FL 3 . 5 is given by the value of 
/r.4 reduced to the nearest multiple of 0.5 MPa, and can vary between MPa and 4 MPa. These two 
parameters denote the minimum guaranteed characteristic residual strengths at CMOD values of 0.5 and 
3.5 mm, respectively. The residual strength class is represented as FL FZ_o. 5 /FL 3 .5, with the corresponding 
values of the two parameters. For example, a SFRC with a characteristic cylinder compressive strength of 
30 MPa, and /" Ri1 = 2.2 MPa and f RA = 1.5 MPa would have FL 03 = 2.0 MPa and F/_ 35 = 1.5 MPa and be 
classified as Grade 30 MPa F/.2.0/1.5. 



C5.A4 Design at ultimate limit states 

C5.A4.1 Ultimate limit states for bending and axial force 

C5.A4.1.1 General 

The design method was originally developed without size-dependent safety factors. A comparison of the 
predictions of the design method and of the experimental results of structural elements of various sizes 
revealed a severe overestimation of the carrying capacity by the design method. In order to compensate 
for this effect, size-dependent safety factors have been introduced. It should be outlined that the origin of 
this apparent size-effect is not yet fully understood. Further investigation is required in order to identify if it 
is due to a discrepancy of material properties between different batches, to a size-effect intrinsic to the 
method, or a combination of both. 
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(b) 

(c) 
(d) 



In assessing the ultimate resistance of a cross section, the assumptions given below are used: 

(a) Plane sections remain-plane (Bernoulli); 

The stresses in the steel fibre reinforced concrete in tension as well as in compression are derived 

from the stress-strain diagram shown in Figure C5.A2; 

The stresses in the reinforcement (bars) are derived from an idealised bi-linear stress-strain diagram; 

For cross sections subjected to pure axial compression, the compressive strain in the SFR-concrete is 

limited to -0.20 %. For cross sections not fully in compression, the limiting compressive strain is 

taken as -0.35%. In intermediate situations, the strain diagram is defined by assuming that the 

strain is - 0.20 % at a level three-sevenths of the height of the compressed zone, measured from the 

most compressed face; 

For steel fibre reinforced concrete which is additionally reinforced with bars, the strain is limited to 

2.50 % at the position of the reinforcement in Figure C5.A4; 

To ensure enough anchorage capacity for the steel fibres, the maximum deformation in the ultimate 

limit state is restricted to 3.5 mm. If crack widths larger than 3.5 mm are used, the residual flexural 

tensile strength corresponding to that crack width and measured during the bending test has to be 

used to calculate <r 3 . It is recommended that this value, which replaced f R4j should not be lower than 

1 MPa; 

In exposure Class C, where severe cracking is expected, the contribution of the steel fibres near the 

surface has to be reduced. For this reason the steel fibres should not be taken into account in a layer 

near the surface. 



(e) 

(f) 



(g) 




oh = 0.7 f fctm , fl (1 .6 - d) (d in m) (MPa) 
a 2 = 0.45 f Ri1 /c h (MPa) 
O3 = 0.37f R , 4 MMPa) 



E c = (3320 Jr7 + 6900] -?— 
v ^ c 12300 



1.5 



k h is the size factor (as shown in Figure C5.A3) 

= 1.0-0.6^^ 
475 

where 

125<h<600(/?in mm) 

£\ = Oi/£ c 

£2= £\ + 0.01% 
£ 3 = 2.5% 



Figure C5.A2 - Stress-strain diagram 
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Figure C5.A3 - Size factor k h 
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Figure C5.A4 - Stress and strain distribution 



C5.A4.2 Shear 



The calculation for shear shown here applies to beams and plates containing traditional flexural 
reinforcement (bar and mesh). It also applies to prestressed elements and columns in which axial 
compression forces are present. The approach proposed is the best possible until further evidence 
becomes available. 

When no longitudinal reinforcement or compression zone is available, no generally accepted calculation 
method for taking into account the effect of the steel fibres for resisting shear can be formulated. 

Where a member is subjected to shear stresses, the minimum area of longitudinal reinforcement provided 
shall comply with section 9 for beams and section 10 for columns. 

Bent-up bars shall not be used as shear reinforcement in beams except in combination with steel fibres 
and/or stirrups. In this case at least 50 % of the necessary shear reinforcement shall be provided by steel 
fibres and/or stirrups. 

For shear design of members with constant depth, the member is assumed to consist of compressive and 
tensile zones of which the centres are separated by a distance equal to the internal level arm z 
(Figure C5.A5). The shear zone has a depth equal to z and width 6 W . The internal level arm is calculated 
perpendicular to the longitudinal reinforcement by ignoring the effect of any bent-up longitudinal 
reinforcement. 

The parameters given in Figure C5.A5 are: 

a the angle of the shear reinforcement in relation to the longitudinal axis (45° < a < 90°) 

6 the angle of the concrete struts in relation to the longitudinal axis 

F s tensile force in the longitudinal reinforcement (N) 

F c compressive force in the concrete in the direction of the longitudinal axis (N) 

b w minimum width of the web (mm) 

d effective depth (mm) 
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s spacing of stirrups (mm) 

z the internal lever arm corresponding to the maximum bending moment in the element under 
consideration (mm) in a member with constant depth 

An example of the standard method, i.e.: 6- 45°, will be used for the shear analysis. 



Compression chord 
Struts 




Tensile chord 
Shear reinforcement 




%?% 






Figure C5.A5 - Strut and tie modeS 

C5.A4.2.1 Standard method 

The design shear resistance of a section of a beam with shear reinforcement and containing steel fibres is 

given by the equation: 



V^=V b +V M + V wd 

with 

V b the shear resistance of the member without shear reinforcement, given by: 



.(Eq. C5A-8) 



^b _ ^a^d 



where 



(0.07 + 10p w )^> w d (Eq. C5A-9) 



V b shall not be more than 0.2 yf<! b w d nor need be less than 0.08 ^f' c b w d, and k a and /c d are given by 
9.3.9.3.4. 



where 



Pw = 






(Eq. C5A-10) 



where 

A s is the area of tension reinforcement bars extending equal to or greater than "d + anchorage length" 

beyond the section considered, Figure C5.A6, mm 2 
b w is the minimum width of the section over the effective depth d (mm). 
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Figure C5.A6 - Section for determining P w 

\Z fd is the contribution of the steel fibre shear reinforcement, given by: 

V M = 0.7 kfkitfobvd (N) (Eq.C5A-11) 

where 

/c f is the factor for taking into account the contribution of the flanges in a T-section: 



/c f = 1 + n 



V^w J 



-j and fcf < 1.5 (Eq. C5A-12) 



with 



hf is the height of the flanges (mm) 
t) f is the width of the flanges (mm) 
b w is the width of the web (mm) 



n = — — — <3 and n < — — 



.(Eq. C5A-13) 



/c 1= 1 + 



200 



(cf in mm) and /r, < 2 (Eq. C5A-14) 



r fd is the design value of the increase in shear strength due to steel fibres 

r fd = 0.12 f RM - - (Eq. C5A-15) 

V wd is the contribution of the shear reinforcement due to stirrups and/or inclined bars, given by: 



^wd =— c/f ywd (1 + cota)sina(N) 



where 



.(Eq. C5A-16) 



s is the spacing between the shear reinforcement measured along the longitudinal axis (mm) 
a is the angle of the shear reinforcement with the longitudinal axis 
fywd is the design yield strength of the shear reinforcement (MPa) 
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When checking against crushing at the compression struts, V R62 is given by the equation: 

\ZRd l2 =^^odftw0.9c/(1 + cota) (N).... (Eq. C5A-17) 

with 



u = 0.7--^->0.5 (L in<MPa) (Eq. C5A-18) 

200 c 

For vertical stirrups, or for vertical stirrups combined with inclined shear reinforcement, cot a is taken as 
zero. 



C5.A5 Design at serviceability limit states 

C5.A5.1 General 

When an uncracked section is used, the full steel fibre reinforced concrete section is assumed to be active 
and both concrete and steel are assumed to be elastic in tension as well as in compression. 

When a cracked section is used, the steel fibre reinforced concrete is assumed to be elastic in 
compression, and capable of sustaining a tensile stress equal to 0.45 f Rj1 . 

C5A5.2 Minimum reinforcement 

The following formula is proposed for calculating the minimum amount of longitudinal reinforcement bars, 
A Si in order to obtain controlled crack formation: 

4 s =(/c c /cV fct]ef -0.45f Rm1 )^ L (mm 2 ) (Eq.C5A-19) 

where 

/R mi i is the average residual flexural tensile strength of the steel fibre reinforced concrete at the moment 

when a crack is expected to occur (MPa), 
A s is the area of reinforcement bar within the tensile zone (mm 2 ). If A s is smaller than zero only steel 

fibres are necessary to control cracking. 
A ct is the area of concrete within tensile zone (mm 2 ). The tensile zone is that part of the section which 

is calculated to be in tension just before formation of the first crack. 
er s is the maximum stress permitted in the reinforcement immediately after formation of the crack 

(MPa). This may be taken equal to the yield strength of the reinforcement (f yk ). However, a lower 

value is likely to be needed to satisfy the crack width limits. 
/fctef is the tensile strength of the concrete effective at the time when the cracks may first be expected to 

occur (MPa). In some cases, depending on the ambient conditions, this may be within 3-5 days 

from casting. Values of f fct , e f may be obtained from Equation C5A-1 by taking f' c as the strength at 

the time cracking is expected to occur. When the time of cracking cannot be established with 

confidence as being less than 28 days, it is recommended that a minimum tensile strength of 3 MPa 

be adopted. 
k c is a coefficient which takes account of the nature of the stress distribution within the section 

immediately prior to cracking. The relevant stress distribution is that resulting from the combination 

of effects of loading and restrained imposed deformations. 

k c = 1 for pure tension (e = MIN = 0) 

k c = 0.4 for bending without normal compressive force (e = oo ). 

In the range between e = and e = oo : 
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where elh < 0.4 



1+ e 



kc= ~ W~ (Eq.C5A-20) 

1 + — 
h 

where e/h > 0.4 



h 0.4/7 
1 + 

k c = f 6 h ^ (Eq.C5A-21) 



2.5 1 + — 
6e. 

k is a coefficient which allows for the effect of non-uniform self-equilibrating stresses. The value can 

be taken as 0.8 as a first approximation. 
k p is a coefficient which takes account of the prestressing effect: 

/c p =1-—|l-/c c +2.4-^-6^^] (Eq. C5A-22) 



l C 



where 



a is the ratio of prestressing — — (Eq. C5A-23) 

™fct,ef 

a ^k kPa 
CP A c 



A/ S d is the prestressing force (N) 

A c is the cross section of concrete (mm 2 ) 

e v is the eccentricity of the prestressing force (mm) 



if e v = 



*p=1-7-(1-*c) -. - (Eq.C5A-24) 

for pure bending (k c = - 0.4), it follows that: 

Ar p = 1 -1.5a (Eq.C5A-25) 

C5.A6 Detailing provisions 

The rules applicable to normal reinforcement (bar, mesh) and prestressing tendons can be found in 
NZS 3101 . Only requirements applicable to "steel fibre reinforced concrete" will be discussed below. 

C5.A6.1 Shear reinforcement in beams 

A minimum shear reinforcement is not necessary for members with steel fibres. But the fibres must be 
guaranteed that the fibres have a significant influence on the shear resistance. Fibre type and fibre 
dosage must be sufficient so that a characteristic residual flexural tensile strength f RM of 1.0 MPa is 
achieved. 
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C5.A7 Derivation of stresses in cr- £ diagram test 

The stresses a 2 and o$ in the a- e diagram are derived from the residual flexural tensile strength as 
explained below. 

The residual flexural tensile strength f R j and f Rj4 are calculated considering a linear elastic stress 
distribution in the section 5A3 . (Figure C5.A7 (a)). However, in reality, the stress distribution will be 
different. To calculate a more realistic stress a f in the cracked part of the section, the following 
assumptions have been made (Figure C5.A7 (b)): the tensile stress o\ in the cracked part of the steel fibre 
concrete section is constant. 



The crack height is equal to ±0.66 h sp at F R|1 , to ±0.90 h sp at F Rj4 respectively. 



Requiring M^ = M 2 , o\ can then be expressed as: 
Of (1 = 0.45 f R|1 
Of 4 = 0.37 r R 4 
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d f 



M, 



bh: 



sp 
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Figure C5.A7 - Stress distribution 
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C6 METHODS OF STRUCTURAL ANALYSIS 



C6.1 Notation 

The following symbols which appear in this section of the Commentary are additional to those used in 

Section 6 of the Standard: 

A e effective area of section of linear elastic analysis of structures, mm 2 

A Q gross area of section, mm 2 

A' s area of compression reinforcement, mm 2 

A s area of non-prestressed tension reinforcement, mm 2 

c r expected loss in stress due to creep of prestressing reinforcement 

E earthquake forces, N 

E c modulus of elasticity of concrete, MPa 

EI flexural rigidity of a member, N mm 2 

f y lower characteristic yield strength of non-prestressed reinforcement, MP 

h overall thickness or depth of member, mm 

I e effective moment of inertia, mm 4 

I Q moment of inertia of gross concrete section about centroidal axis neglecting reinforcement, mm 4 

L shear span of beam, mm 

M* bending moment transferred from the slab to the support, N mm 

M* design bending moment at mid-span in X direction, N mm 

M* design bending moment at mid-span in y direction, N mm 

A/* design axial load at ultimate limit state, N 

Ve shear at base of wall from lateral earthquake forces, N 

W u uniformly distributed design load per unit dimension, factored for strength, N mm 

A, y6y coefficients given in Table C6.2 

<f> strength reduction factor 

/j structural ductility factor 

C6.2 General 

C6.2.1 Basis for structural analysis 

In the design of a structure, action effects such as bending moment, shear force and axial force must be 
determined at critical sections under the load combinations for both the ultimate and serviceability limit 
states. Various methods of structural analysis can be used in structural design, and 6.2.3 prescribes 
those that may be used in the design of concrete structures. Clause 6.2.1 indicates that any method of 
analysis, even the semi-empirical ones allowed in 6.2.1 must be used with understanding and in 
accordance with the basic principles of structural mechanics. 

C6.2.2 Interpretation of the results of analysis 

This clause emphasizes that the designer must consider carefully the design implications of all the 
simplifications and idealisations that are inevitably made in any structural analysis. 

C6.2.3 Methods of analysis 

This clause specifies the methods of analysis that may be used for the determination of action effects at 
the ultimate and serviceability limit states. The most frequently used methods of analysis, based on 
elastic concepts, are dealt with first, and the simplified approximate methods last. Plastic collapse 
methods of analysis for slabs, continuous beams and frames are included as well as more accurate non- 
linear methods of analysis based on computer simulation. 
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Where an element or part of an element has strain profiles that are not linear, such as anchorage zones of 
prestressed members, see Section 16, deep beams (including pile caps, foundation beams) and floors 
acting as diaphragms, strut and tie models may be used. 

C6.2.4 Vertical loads on continuous beams, frames and floor systems 

The load arrangements specified in this clause should be sufficient for normal structures. A more 
extensive investigation should be undertaken for unusual structures. 



C6.3 Linear elastic analysis 

C6.3.1 Application 

Concrete structures behave in a linear elastic manner only under small, short-term loads. With increasing 
load, cracks develop in the peak moment regions, and as the non-linear effects become increasingly 
important, the moment distribution departs more and more from the initial linear elastic distribution. 
Nevertheless, 6.3 allows the use of linear elastic methods to determine the moments, shears, etc. at both 
the serviceability and ultimate limit states. 

While overall elastic behaviour is assumed in the structural analysis to determine moments in the structure 
as the basis for ultimate strength design, local inelastic action is at the same time assumed in undertaking 
the strength design of individual cross sections. Provided the structure is ductile, this design approach is 
justified by the lower bound theorem of plasticity. 

C6.3.2 Span lengths 

The centre-to-centre span is used in the analysis for equilibrium and static compatibility reasons. The 
finite size of supporting members is taken into account by 6.3.3 which defines the critical section for 
strength design. 

C6.3.5 Stiffness 

Clause 6.3.5 does not give specific values for stiffness to be used in elastic analysis for strength design. It 
only requires that reasonable assumptions be made to represent the limit state being considered, and that 
these assumptions be applied consistently throughout the structure. Within these limits, the designer is 
free to choose appropriate stiffness values. 

One common assumption that is made for member stiffnesses, for determining design moment actions for 
both the ultimate and serviceability limit states, is to use 0.8 E C I Q for columns and 0.4. E C I Q for flexural 
members. The value of I g is based on the gross section second moment of area (moment of inertia). 
Changing the stiffness values generally has only a small effect on the magnitudes of critical design 
moments. However, where deformations are to be calculated, be these plastic hinge rotations or 
deflections, it is important that realistic stiffness values are used. 

Where deflections are to be assessed, or where a more accurate assessment of moments is required in 
the serviceability limit state, the stiffness values should be calculated as set out in 6.8. Where inelastic 
rotations are to be calculated in potential plastic zones, the EI value should be based on either section 
properties calculated neglecting tension stiffening or on a more fundamental basis, which is consistent 
with the principles set out in 6.8.1 and either 6.8.2 or 6.8.3. 

C6.3.6 Secondary bending moments and shears resulting from prestress 

When prestress is applied to an indeterminate structure, the support restraints are likely to induce 
hyperstatic (parasitic) reactions, internal moments and other stress resultants. These 'secondary' effects 
must be taken into account in designing the structure for strength and serviceability. At service load, fully 
prestressed concrete structures are commonly uncracked and partially prestressed members are subject 
usually to only slight cracking. For serviceability design purposes, therefore the hyperstatic reactions and 
secondary moments and shears may be determined by elastic analysis of the uncracked structure. 
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C6.3.7 Moment redistribution in reinforced and prestressed members for ULS 

Where design actions for the ultimate limit state are obtained from an elastic analysis the values of 
moments, shears and reactions may be subsequently modified in recognition of inelastic behaviour. As 
the moments given in C6.7.2 and C6.7.3 already include approximations, their further reduction is not 
permitted. 

In calculating inelastic rotations in potential plastic zones, it is essential to use realistic, or slightly 
conservative section properties in the analysis. Hence, unless a more fundamental analysis is made, it is 
recommended that the section properties between potential plastic zones are based on E c / Cr . 

C6.3.7.1 General requirements 

If the load on a statistically indeterminate structure is increased progressively from a low value to a 
relatively high value, the member behaviour changes from elastic to inelastic and there is a corresponding 
change in the relative magnitude of the moments at critical sections, i.e., a redistribution of internal 
moments occurs. If the structure is ductile, the moments change progressively from an initial linear elastic 
distribution to a fully plastic distribution, with plastic hinges forming in the peak moment regions eventually 
producing a mechanism. 

C6.3.7.2 Deemed to comply approach for reinforced members 

The extent to which moment redistribution can occur depends on the ductility, or potential for plastic 

deformation, in peak-moment regions. 

For design purposes, moment redistribution is taken as a percentage increase or decrease in the 
elastically determined bending moment at a particular cross section, with an appropriate adjustment of the 
bending moment at all other sections so that the resulting bending moments and shear forces are in 
equilibrium with both the vertical and horizontal external loads and forces. 

In a framed structure with beams constructed fully integral with their supports, for a single bending 
moment diagram, reduction of the support negative moments by up to 30 % will require an increase in the 
maximum positive moment in the mid-span region by the average of the reduction in the support negative 
moments. It will also result in a shift along the beam of the points of contraflexure in the redistributed 
moment bending moment diagram over the region 'X' as shown in Figure C6.1. In the negative moment 
region of the elastic analysis bending moment diagram, reduction of the support moment by 30 % will 
result in a greater than 30 % reduction of the moment over the rest of these regions, and a reversal of the 
sign of the moment between the elastic and redistributed moment diagrams points of contraflexure. It 
must be noted that the design is still to provide for at least 70% of the elastic analysis bending moment 
throughout the elastic analysis negative moment regions to provide for the serviceability limit state. 
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Figure C6.1 - Redistribution of moments 

C6.3.8 Idealised frame method of analysis 

This clause applies to the analysis of multi-storey buildings of reinforced concrete and prestressed 
concrete that can be represented as a framework of line members with a regular layout. The Clause also 
applies to the analysis of framed structures with a regular layout incorporating two-way slab systems as 
specified in (d). 

(a) Idealised frames 

The building framework may be analysed as a series of idealised, approximately parallel, two- 
dimensional frames running in one main direction, and a second series of such frames running in the 
transverse direction. 

Each idealised frame shall consist of the footings, the rows of vertical (or near-vertical) members and 
the horizontal (or near-horizontal) members they support at each floor level. 

The analyses for vertical, horizontal and other loads shall be carried out for each idealised frame in 
accordance with either 6.3 or 6.4 and the general requirements of 6.2.1 and 6.2.2. 

For beams and slabs built integrally with supports the critical section for maximum negative bending 
moment may be taken at the face of the support. 
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(b) Analysis for vertical loads 

The arrangement of vertical loads to be considered in the analysis of an idealised frame shall be in 
accordance with 6.2.4. In the analysis of a frame for vertical loads, the frame may be analysed in its 
entirety. Alternatively, it shall be permissible to deal with one storey at a time, in accordance with the 
following: 

(i) To determine the moments and shears in a floor due to vertical loading, the floor together with 
the columns above and below may be isolated and analysed, the columns being assumed fixed 
at the remote ends. The bending moment and shear at a given support may be determined on 
the assumption that the floor is fixed at the support one span away, provided that the floor 
continues beyond that point, 
(ii) To determine the forces and moments in columns due to vertical loading, each level of columns 
may be considered together with the floors and columns above and below, the columns being 
assumed fixed against rotation and translation at their remote ends and the floors being assumed 
fixed at the adjacent supports and held against sway. 

Any change in length of the beams and slabs due to axial force and any deflection due to shear force 
may be neglected. 

The effect of any change in length of columns due to axial shortening on the actions in the floor 
system should be considered in the analysis. 

In order to provide for live load acting on part of a span, the minimum shear force due to live load in 
any section of a member shall be taken as one-quarter of the maximum shear force due to live load in 
the member when subjected to uniformly distributed live load. 

(c) Analysis for horizontal loads 

Floor slabs acting as horizontal diaphragms that distribute lateral forces among the frames shall be 
designed in accordance with Section 13. 

The full idealised frame must be considered in the analysis for horizontal loads unless adequate 
restraint is provided, for example by bracing or shear walls. 

(d) Idealised frame method for structures incorporating two-way slab systems 
(i) Application 

It is permissible to apply the idealised two-dimensional method of frame analysis to regular, 
reinforced and prestressed framed structures incorporating two-way slab systems having 
multiple spans including: 

(A) Solid slabs with or without drop panels; 

(B) Slabs incorporating ribs in two directions, including waffle-slabs; 

(C) Slabs having recessed soffits, if the portion of reduced thickness lies entirely within both 
middle strips; 

(D) Slabs having openings complying with the requirements of (d)(v) below; and 

(E) Beam-and-slab systems, including thickened slab bands. 

(ii) Effective width 

The idealised frame consists of the footings, the columns and the slab floors acting as wide 
beams. 

The effective width of the beams to be used in the analysis varies depending on span length and 
column size, and may be different for vertical and lateral loads. In the absence of more accurate 
calculations, the stiffness of horizontal flexural members at each floor level for a vertical load 
analysis may be based on a width: 

(A) For flat slabs, equal to the width of the design strip, L { \ or 

(B) For T-beams and L-beams, calculated in accordance with 9.3.1.3. 
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(iii) Distribution of bending moments between column and middle strips 

In the idealised frame each beam (design strip) shall be divided into column strips and middle 
strips. 

The column strip shall be designed to resist the total negative or positive bending moment at the 
critical cross sections multiplied by an appropriate factor within the ranges given in Table C6.1. 

That part of the design strip bending moment not resisted by the column strip shall be 
proportionally assigned to the half-middle strips on either side of it. 

Each middle strip shall be designed to resist the sum of the moments assigned to its two 
adjoining halves, except that a middle strip adjacent to, and parallel with an edge supported by a 
wall shall be designed to resist twice the bending moment assigned to the adjoining half middle 
strip from the next interior design strip parallel to the wall. 

Table C6.1 - Distribution of bending moments to the column strip 



Bending moment under consideration 


Column strip moment factor 


Negative moment at an interior support 


0.60 to 1.00 


Negative moment at an exterior support 


0.75 to 1.00 


Positive moment at all spans 


0.50 to 0.70 



(iv) Torsional moments 

Where moment is transferred to the column by torsional moment in the slab or spandrel beams, 
the slab or spandrel beams shall be designed in accordance with Section 7, as applicable. 

In beam-and-slab construction, the spandrel beams shall be reinforced with at least the minimum 
torsional reinforcement required by Section 7. 

(v) Openings in slabs 

Slabs containing openings may be analysed in accordance with all of Section 12 without the 
need for further calculation provided that the amount of reinforcement interrupted by the opening 
is distributed to each side of the opening and the plan dimensions of the opening are no larger 
than the following: 

(A) The width of each middle strip, in the area common to two middle strips; 

(B) One-quarter of the width of each strip, in the area common to a column strip and a middle 
strip; 

(C) One-eighth of the width of each column strip, in the area common to two column strips, 
provided that the reduced section is capable of transferring the moment and shear forces to 
the support. The slab shall also comply with the shear requirements of Section 12. 



C6.4 Non-linear structural analysis 

C6.4.1 General 

A rigorous analysis requires accurate mathematical modelling of the material properties as well as the 
structural behaviour. In practice, the analysis of structural behaviour at this level of complexity is 
undertaken using an appropriate computer facility and programme. At the present time, the use of this 
method will probably be restricted to exceptional structures. As more refined computer programmes and 
more powerful and cheaper computer facilities become available, use of rigorous methods of analysis can 
be expected to increase substantially. Provision is therefore made for non-linear analysis in this clause. 

C6.4.2 Non-linear material effects 

In concrete structures, the main sources of non-linear structural behaviour arise through non-linear 
material behaviour. This clause lists various sources of material non-linearity. 

C6-6 



NZS 31 01 :Part 2:2006 



C6.4.3 Non-linear geometric effects 

This clause draws attention to the fact that non-linear effects in concrete structures may also arise from 
geometric non-linearities, particularly when individual components are relatively slender. 

C6.4.4 Values of material properties 

Throughout this standard design strengths are based on lower characteristic material strengths, which are 
referred to as design strengths. However, in practice the use of lower characteristic material strengths 
and stiffness values will result in an over-estimate of deformation in the structure as a whole. Hence for 
the purposes of assessing deformation and distribution of actions in a structure the average material 
properties may be used. However, to retain the required safety index in the ultimate limit state all section 
strengths must be on design strengths. 

C6.5 Plastic methods of analysis 

As slabs usually contain relatively small proportions of reinforcement, the moment curvature graph for a 
typical slab segment has a long, almost flat plateau. In addition, one-way continuous and two-way slabs 
are statically indeterminate and are capable of undergoing significant redistribution of moments. Plastic 
methods of analysis therefore are eminently suitable for slabs. An important practical advantage is that 
the methods can be applied to slabs of irregular and complex shapes. 

For more detailed information on the various methods of plastic analysis for slabs, see References 6.1, 
6.2, 6.3, 6.4, 6.5, 6.6, 6.7, 6.8, 6.9, and 6.10. 



C6.6 Analysis using strut-and-tie models 

Although not formalised in most codes, the inappropriateness of the application of flexural theory based on 
linear strain distributions to squat members and regions of discontinuity has long been recognised. Details 
of analysis based on strut-and-tie models that idealise admissible internal load paths, are given in 
Appendix A. This approach is applicable to deep beams, corbels and brackets, diaphragms and walls 
particularly with openings, and regions of discontinuity in members. 



C6.7 Simplified methods of flexural analysis 

C6.7.1 General 

The simplified methods of analysis contained in this clause are appropriate for hand calculation. 

C6.7.2 Simplified method for reinforced continuous beams and one-way slabs 

This clause provides a simple, approximate and conservative method for evaluating the moments and 
shears in certain continuous reinforced beams and one-way slabs. 

If moment reversals occur during construction caused by temporary propping or similar actions, a 
separate analysis will be required. 

Note that the moment values at different cross sections are not statically compatible and so should not be 
used for deflection calculations. 

(a) Negative design moment 

The negative design moment at the critical section, taken for the purpose of this clause at the face of 
the support, shall be as follows (where W u is the uniformly distributed design load per unit length, 
factored for strength): 
(i) At the first interior support: 

(A) Two spans only W u L n 2 l9 

(B) More than two spans W u L n 2 hO 

(ii) At other interior supports WuLrfh'l 

(iii) At interior faces of exterior supports for members built integrally with their supports: 
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(A) For beams where the support is a column tV u Z_ n 2 /16 

(B) For slabs and beams where the support is a beam tV u Z_ n 2 /24 

(b) Positive design moment 

The positive design moment shall be taken as follows (where W u is the uniformly distributed design 
load per unit length, factored for strength): 

(A) In an end span W u L n 2 /11 

(B) In interior spans W u L n 2 /16 

(c) Transverse design shear force 

The transverse design shear force in a member shall be taken as follows (where W u is the uniformly 
distributed design load per unit length, factored for strength); 
(i) In an end span: 

(A) At the face of the interior support 1.15 W u L n /2 

(B) At mid-span W u L n /7 

(C) At the face of the end support lV u L n /2 

(ii) In interior spans: 

(A) At the face of supports W U LJ2 

(B) At mid-span tV u /_ n /8 

C6 .7,3 Simplified method for reinforced two-way slabs supported on four sides 

The design bending moments for strength can be determined using the simple moment coefficients given 
for certain two-way slabs supported on four sides by beams or walls. 

(a) Design bending moments 

The design bending moments in a slab shall be determined as follows: 

(i) The positive design bending moments at mid-span, M* and A//*, on strips of unit width spanning, 
L x and Z- y , (where L y > Z_ x ) respectively shall be calculated from the following equations: 

m: = &WuU 2 (Eq.C6-1) 

M* y = ^W u L x 2 (Eq.C6-2) 

where W u is the uniformly distributed design load per unit area factored for strength and & and 
/5y are given in Table C6.2. 

The moments, so calculated, shall apply over a central region of the slab equal to three-quarters 
of Z_ x and L y respectively. Outside of this region, the requirement for strength shall be deemed to 
be complied with by the minimum strength requirement for slabs. 

(ii) The negative design bending moments at a continuous slab edge shall be taken as 1.33 times 
the mid-span values in the direction considered. 

If the negative moment on one side of a common support is different from that on the other side, 
the unbalanced moment may be redistributed. 

(iii) The negative design bending moment at a discontinuous edge, where there is a likelihood of 
restraint, may be taken as half the mid-span value in the direction considered. 

(b) Torsional moment at exterior corners 

The torsional moment at the exterior corners of a slab shall be deemed to be resisted by complying 
with the requirements of 12.5.6.7. 
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(c) Load allocation 

For calculating shear forces in the slab or the forces applied to the supporting walls or beams in the 
absence of more accurate calculations, it may be assumed that the uniformly distributed load on the 
slab is allocated to the supporting beams or walls as shown in Figure C6.2. 

Ed^ of supporting 

hmm or wall 




Figure C6.2 - Allocation of load 



Table C6.2 - Positive bending moment 


coefficients for rectangular slabs s 


upported on four sides 


Edge condition 


Short span coefficients (&) 


Long span 

coefficients 

[fiy) for all 

values of 


Values of LJLy 


t 


1.0 


1.1 


1.2 


1.3 


1.4 


1.5 


1.75 


>2.0 


1 . Four edges continuous 


0.024 


0.028 


0.032 


0.035 


0.037 


0.040 


0.044 


0.048 


0.024 


2. One short edge 
discontinuous 


0.028 


0.032 


0.036 


0.038 


0.041 


0.043 


0.047 


0.050 


0.028 


3. One long edge 
discontinuous 


0.028 


0.035 


0.041 


0.046 


0.050 


0.054 


0.061 


0.066 


0.028 


4. Two short edges 
discontinuous 


0.034 


0.038 


0.040 


0.043 


0.045 


0.047 


0.050 


0.053 


0.034 


5. Two long edges 
discontinuous 


0.034 


0.046 


0.056 


0.065 


0.072 


0.078 


0.091 


0.100 


0.034 


6. Two adjacent edges 
discontinuous 


0.035 


0.041 


0.046 


0.051 


0.055 


0.058 


0.065 


0.070 


0.035 


7. Three edges discontinuous 
(one long edge 
continuous) 


0.043 


0.049 


0.053 


0.057 


0.061 


0.064 


0.069 


0.074 


0.043 


8. Three edges discontinuous 
(one short edge 
continuous) 


0.043 


0.054 


0.064 


0.072 


0.078 


0.084 


0.096 


0.105 


0.043 


9. Four edges discontinuous 


0.056 


0.066 


0.074 


0.081 


0.087 


0.093 


0.103 


0.111 


0.056 



The positive moment coefficients specified in Table C6.2 are 
obtained from the following equations: 



derived from yield-line theory and are 



Ps = 



3 + 



K s y ) s y 



§St 



.(Eq. C6-3) 
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.(Eq.C6-4) 



where 

& = 2.0 if both short edges are discontinuous 

= 2.5 if one short edge is discontinuous 

= 3.1 if both short edges are continuous 
Sy - values as for S* but referred to the continuity of the long edges 

The negative design moment at a continuous edge, or at a restrained discontinuous edge, is taken as a 
factored value of the positive moment. 

These values should not be used for defection calculations (see 6.8). 

C6.7.4 Simplified method for reinforced two-way slab systems having multiple spans 

Two-way systems can be analysed for bending moments and shear forces either by the simplified method 
given here in C6.7.4 or by the idealised frame method described in C6.3.8. 

Two-way slab systems are statically indeterminate to a large degree and can exhibit considerable 
variation in redistribution of moments from the uncracked state to final maximum capacity 6 11, 6 12 . Recent 
tests on edge panels 6 13 6 ' 14 have not only confirmed this but have indicated that when approaching 
maximum load capacity, the distribution of moments is controlled largely by the distribution of steel in the 

slab. 

Thus in the analysis stage, there is no unique moment field which the designer needs to determine. 
Within wide limits, whatever moment the designer adopts should be acceptable for determining the 
flexural strength for the slab provided that equilibrium is satisfied. 

Furthermore, the flexural strength of the slab is enhanced significantly by the development of very large in- 
plane forces (membrane action) as the slab approaches failure. In the case of slab-beam systems, this 
increased flexural strength is many times larger than the value calculated by ignoring the effect of in-plane 
forces. Recent tests 6 " 13 have shown that even in the case of a flat-plate floor, the in-plane forces 
significantly increase the flexural strength of the slab. 

All these facts suggest that in the design process, any analysis involving a high degree of refinement is 
quite unnecessary and bears no relation to reality. 



The designer is reminded that a more important consideration in the safety of a flat-slab system is the 
transfer of fi 
Section 12). 



transfer of forces from the slab to the support by a combination of flexure, shear and torsion 6 15 . (See 



Definitions 

Design strip, column strip and middle strip. The definitions embody all the rules necessary for laying out 
the various strips used for the design and detailing of two-way slab systems. Note that if the support grid 
is not rectangular throughout (i.e., one or more columns are offset), the transverse widths of the strips will 
vary along the affected spans. This will affect both the load and the stiffness of those spans. 

For the purpose of this section, the following definitions apply: 
(a) Column strip 

That portion of the design strip extending transversely from the centreline of the supports: 

(i) For an interior column strip, one-quarter of the distance to the centreline of each adjacent and 

parallel row of supports; or 
(ii) For an edge column strip, to the edge of the slab and one-quarter of the distance to the centreline 
of the next interior and parallel row of supports; 

C6-10 



NZS 31 01 :Part 2:2006 



but of total width not greater than L/2, as shown in Figure C6.3. 

(b) Design strip 

That part of a two-way slab system, which is supported, in the direction of bending being considered, 

by a single row of supports and which in each span extends transversely from the centreline of the 

supports: 

(i) For an interior design strip, halfway to the centreline of each adjacent and parallel row of 

supports; or 
(ii) For an edge design strip, to the edge of the slab and halfway to the centreline of the next interior 

and parallel row of supports (see Figure C6.3). 

(c) Middle strip 

The portion of the slab between two column strips or between a column strip and a parallel supporting 
wall (see Figure C6.3). 

(d) Span support 

The length of a support in the direction of the span (a s ) taken as: 

(i) For beams or for flat slabs without either drop panels or column capitals, the distance from the 

centreline of the support to the face of the support; or 
(ii) For flat slabs with drop panels or column capitals or both, the distance from the centreline of the 

support to the intersection with the plane of the slab soffit of the longest line, inclined at an angle 

of 45° to the centreline of the support, which lies entirely within the surfaces of the slab and the 

support, as shown in Figure C6.4. 

For the purpose of Item (ii), circular or polygonal columns may be regarded as square columns with 
the same cross-sectional area. 

(e) Transverse width 

The width of the design strip (L t ) measured perpendicular to the direction of bending being considered 
(see Figure C6.3)). 
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Figure C6.3 - Widths of strips for two-way slab systems 
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Figure C6.4 - Span support and span lengths for fSat slabs 

Total static moment for a span 

The total static moment {M ), for a span of the design strip shall be taken as equal to or greater than: 



M = 



W U L { L < 
8 



.(Eq.C6-5) 



where 

W u is the uniformly distributed design load per unit area, factored for strength 

U is the width of the design strip 

L is the L minus 0.7 times the sum of the values of a s at each end of the span (see Figure C6.4) 

Design moments 

The design moments in a span shall be determined by multiplying the total static moment (M ) by the 
relevant factor given in Table C6.3 and Table C6.4. 

These design moments may be modified by up to 10 % provided that the total static moment (M ) for the 
span in the direction considered is not reduced. 

The section under negative moment shall be designed to resist the larger of the two interior negative 
design moments determined for the spans framing into a common support, unless an analysis is made to 
distribute the unbalanced moment in accordance with the stiffness of the adjoining members. 
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Table C6.3 - Design moment factors for an end span 



Type of slab system and edge 
rotation restraint 


Exterior negative 
moment factor 


Positive moment 
factor 


Interior negative 
moment factor 


Flat slabs with exterior edge 
unrestrained 


0.0 


0.60 


0.80 


Flat slabs with exterior edge restrained 
by columns only 


0.25 


0.50 


0.75 


Flat slabs with exterior edge restrained 
by spandrel beams and columns 


0.30 


0.50 


0.70 


Flat slabs with exterior edge fully 
restrained 


0.65 


0.35 


0.65 


Beam-and-slab construction 


0.15 


0.55 


0.75 



Table C6.4- Design moment factors for an interior span 



Type of slab system 


Negative moment factor 


Positive moment factor 


All types 


0.65 


0.35 



Transverse distribution of the design bending moment 

The design negative and positive bending moments shall be distributed to the column strip and middle 
strip in accordance with C6.3.8 (d)(iii). 

Moment transfer for shear in flat slabs 

For the purpose of shear design, the bending moment transferred from the slab to the support, M*, shall 
be taken as the unbalanced bending moment at that support. 

At an interior support: 



M* > 0.06 [(1.25G + 0.75Q)/_ r (/_ o ) 2 - 1.25G/_,(/_o ) 2 . 



.(Eq. C6-6) 



where 

/_o is the smaller value of L for the adjoining spans 

At an exterior support, the actual moment shall be taken. 

Shear forces in beam and slab construction 

In beam and slab construction, the shear forces in the supporting beams may be determined by using the 
allocation of load given in C6.7.3(c). 

Openings in slabs 

Only openings that comply with the requirements of C6.3.8(d)(v) shall be permitted in slabs analysed 
using the above simplified methods. 



C6.8 Calculation of deflection 

C6.8.2 Deflection calculation with a rational model 

Many factors influence the deflection of reinforced concrete and there are few realistic analytical models 
that can be used in practical design. Flexural cracking has a major influence on the stiffness of a section. 
However, the concrete between cracks can resist some of the tension force and by this means the 
average strain in the reinforcement is reduced. This is known as tension stiffening. As cracks develop 
tension stiffening reduces. With creep in the concrete the compression strains in concrete increase and 
tension stiffening reduces. This increases section curvatures and deflections. Shrinkage of the concrete 
can have two effects on deformation. Firstly it can result in initial compression strains being induced in the 
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concrete, which when released by flexural cracking increases the strain in the reinforcement and hence 
section curvature and resultant deflection. Secondly shrinkage of the concrete increases the strain in the 
compression zone, which increases curvature and deflections. It should be noted that the sign of the 
curvature due to shrinkage depends on the sign of the gravity load bending moment acting in that location. 
Shrinkage acts to increase the strains on the compression side of the member. Hence shrinkage 
curvatures cannot be calculated in isolation from gravity load curvatures. 

C6.8.3 Calculation of deflection by empirical method 

(a) One-way construction (non-prestressed) 

For the calculation of immediate deflections of uncracked prismatic beams, the usual methods or 
formulae for elastic deflections may be used with a constant value of E C I Q along the length of the 
beam. However, if the beam is cracked at one or more regions or if its depth varies along the span, a 
more exact calculation becomes necessary. The procedure in 6.8.3(a) and developed in Reference 
6.16 was selected as being relatively simple and sufficiently accurate for use with limiting values 
identified in NZS 1 170.5 to control deflections 6 ' 17 ' 6 18 ' 6 19 . 

It is noted that for additional load increments, such as live load, I e must be calculated for total moment 
M a , and the deflection increment computed from the total deflection, as indicated in References 6.19 
and 6.20. For simplicity in the case of continuous beams, the standard procedure suggests a simple 
averaging of positive and negative moment values to determine I e . In certain cases, a weighted 
average relative to the moments may be preferable, such as the methods suggested in Reference 
6.20. Alternatively, where there is a significant difference between the negative and positive moment 
values, the individual values may be used for their respective regions. 

Laboratory tests of beams subjected to short-term loading indicate that the measured deflection 
predicted using Equation C6-2 is typically within ±30 %. Greater discrepancy must be expected in 
practical construction 621 . 

Shrinkage and creep due to sustained loads cause additional deflections over and above those that 
occur when loads are first placed on the structure. The additional deflections are called "long-term 
deflections". Such deflections are influenced by temperature, humidity, curing conditions, age at time 
of loading, quantity of compression reinforcement, magnitude of the sustained load, and other factors. 

Many factors influence the magnitude of the long-term deflection, which develops in a member. 
Clearly a member made from concrete, which has a high free shrinkage value and/or a high creep 
factor, will sustain greater long-term deflection than a member where the creep and shrinkage 
potentials of the concrete are low. Reinforcement acts to restrain creep and shrinkage movements 
and for this reason the longitudinal reinforcement in the compression zone has a significant influence 
on the magnitude of the long-term deflection. However, this is the only factor recognised by Equation 
6-4 and other factors, which can have a major influence, are not accounted for directly. The empirical 
equation for this component of deflection does not take into account the sensitivity of the concrete to 
its specific creep and shrinkage characteristics. Thus thin members in conditions with a low relative 
humidity can be expected to sustain greater deflections than those implied by Equation 6-4. 
Consequently the reliability of the total deflection will be considerably less than that for the short-term 
loading. Designers should treat the values predicted by this method as an indication of the likely 
order of deflection rather than as an absolute value. It should be noted that typically the long-term 
deflection takes five years to fully develop, but this may take longer for thick members. 

(b) Two-way construction (non-prestressed) 

It should be noted that the deflection calculated in (b) is the additional deflection which develops over 
time. The maximum deflection is obtained by adding this value to the short-term deflection calculated 
in (a). 

C6.8.4 Prestressed concrete 

For the calculation of long-term deflection of prestressed concrete members refer to Appendix CE. 
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C6.8.5 Shored composite construction 

Since few tests have been made to study the immediate and long-term deflections of composite members, 
the rules given in 6.8.4 were based on the judgement of ACI Committee 318 and on experience. 

If any portion of a composite member is prestressed or if the member is prestressed after the components 
have been cast, the provisions of 6.8.4 (c) apply and deflections must be calculated accordingly. For non- 
prestressed composite members, deflections need to be calculated and compared with the limiting values 
in the referenced loading standard for the relevant serviceability limit state criteria only when the thickness 
of the member is less than the minimum thickness given in Table 2.1 or Table 2.2. In unshored 
construction the relevant thickness depends on whether the deflection before or after the attainment of 
effective composite action is being considered. 

The modified effective modulus method can be adopted to analyse for staged construction. This has the 
advantage that this gives a reasonable estimate of the creep redistribution of actions that occurs when a 
structural form is modified after either loading or prestress has been applied. The method of analysis 
described in C6.8.4 is applied to each stage of construction, with the creep and shrinkage values for the 
different concretes being based on the values that are expected to develop in the stage being considered. 

C6.9.1 Linear elastic analysis 

To obtain realistic predictions for the internal actions in statically indeterminate structures, and to estimate 
the periods of vibration and particularly lateral deflections, allowance should be made for the effects of 
cracking on member stiffness. Although the effects of cracking on flexural rigidity, E c / g , will vary along a 
member according to the moment pattern, average values of effective sectional properties applicable to 
the full length of prismatic members may be assumed. 

Recommended values of effective section properties that may be used for the elastic analysis of 
structures subjected to seismic forces corresponding with the ultimate limit state are as shown in columns 
2 & 3 of Table C6.6. These values are appropriate for sections with typical reinforcement contents as 
used in multi-storey buildings. They are intended to correspond to the member stiffness when it sustains 
first yield. Where columns are designed with a high level of protection against plastic deformation an 
increased stiffness value is recommended as these members sustain little inelastic deformation compared 
with the beams. 

For rectangular beams the values of the effective second moment of area are of the correct order for p 
values (AJb^d) of up to 0.8% for Grade 500 reinforcement and 1.1% for Grade 300 reinforcement. 
Analyses show that when the bending moment exceeds 1.6 times the flexural cracking moment the 
effective EI value is essentially independent of the concrete strength. This occurs as in a cracked section 
the majority of stiffness comes from the flexural tension reinforcement. For beams with moderate to high 
flexural tension reinforcement contents the values in Table C6.6 may be on the low side. For rectangular 
beams in such cases the product of the effective second moment of area and the modulus of elasticity, 7 e , 
may be assessed from: 

I e = E 40 (0.32 + 40(p- 0.0075)) 7 g (Eq. C6-7) 

where E 40 is the elastic modulus for concrete with compression strength of 40 MPa and the minimum 
values of J e are 0.32E 40 with Grade 500 reinforcement and 0.40E 40 with Grade 300 reinforcement. 

As an alternative to the values in Table C6.6 for T and L beams the effective second moment of area may 
be taken as the corresponding moment of area for an equivalent rectangular beam. The width of the 
beam is taken as 1.1 times the web width (1.1 Jb w ) and the flexural tension reinforcement content, p, is 
taken as the total area of flexural tension reinforcement in the web and in the flanges within a overall 
beam depth on each side of the web. Pretensioned units in the flange are likely to further increase the 
effective stiffness. However, further research is required to enable this effect to be quantified. 
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In assessing the effective stiffness of beams or walls allowance should also be made for: 

(a) Deformation that occurs within the support joint zones due to the development of reinforcement into 

the supporting member; and 

Deformations associated with diagonal tension cracking in short members such as coupling beams. 

Note: This applies to conventionally reinforced beams only - diagonally reinforced beams are 

covered separately in Table C6.6. 



(b) 



The effective section properties in Table C6.6 should be modified by additional factors for each of these 

two effects as described below: 

(a) Deformation within support joint zones is sometimes allowed for in analysis programs by first defining 

"rigid" joint zones and then applying a "rigid zone reduction factor" to account for deformations within 

the joints. This method is not easily applied to walls; 

As an alternative for beams or walls, the deformation due to the development of reinforcement into 
the supporting member, or members, may be allowed for by multiplying the effective second moment 
of area, I e , for the clear span, L n by R, which is given by: 



R = 



(/_ n +a d1 +a d2 ) 



. (Eq. C6-8) 



Where the subscript 1 and 2 refers to each end of the member, and the value of a^ is the smaller of 
0.4 U or ^ . 

Where: 

/_ n = the clear span 

/_ d = the development length of the reinforcement anchored into the supporting member 

h c = the depth of the supporting column or foundation beam. 

For cantilever members a d2 is zero. 

(b) Deformation due to diagonal cracking can result in a major decrease in the shear stiffness of short 
beams, such as coupling beams, or other beams where the shear due to seismic actions is essentially 
uniform over the length of the member. If the nominal shear stress sustained by the member is less 

than 0.25 ^ the extent of diagonal cracking should be small and stiffness reduction due to this 

effect can be ignored. Where this shear stress is exceeded the I e value, reduced as described in the 

previous paragraph for deformation associated with development of reinforcement, should also be 

M 
multiplied by the factor a c , where a c depends on the ratio of — , as indicated in Table C6.5. 

Table C6.5 - Factor to allow for deformation associated with diagonal cracking in beams 



M 
Vd 


<0.5 


0.75 


1.0 


1.5 


2 


«c 


0.25 


0.38 


0.5 


0.75 


1 



Because seismic actions at the serviceability limit state for structures with ductility capacities less than 
(j = 5 may be significantly less than those for the ultimate limit state, a reduced extent of cracking and 
correspondingly increased structural stiffness may be expected under serviceability limit state conditions. 
Accordingly the stiffness under serviceability limit state actions of structures designed for elastic response 
at the ultimate limit state may be based on uncracked member sections using / g or A g . For the estimation 
of actions under serviceability limit state conditions, particularly deflections, of structures with ductility 
capacities between // = 1.25 and jj = 6, effective section properties may be interpolated between values 
based on gross concrete areas and those corresponding to ultimate limit state conditions. For 
convenience and to enable visual interpolations to be made, recommended properties relevant to the 
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serviceability limit state for structures with ductility capacities of // = 3 are also given in column 5 of 
Table C6.6. 

Generally the effective area of wall and column cross sections may be taken as the gross area. While 
flexural cracking reduces the effective area of a wall or column for resisting stresses due to axial loads, 
elongation associated with flexural cracking tends to negate any axial shortening calculated allowing for 
the reduction in effective cross section. 

The table gives an indication of the effective second moment of area of individual members in a structure 
for purposes of analysis for earthquake actions. The effective stiffness of reinforced concrete members is 
influenced by many factors. These include: 

(a) The amount and distribution of reinforcement, particularly the reinforcement in the tension zone of the 
member; 

(b) The extent of cracking, which affects the magnitude of tension stiffening; 

(c) The tensile strength of the concrete; 

(d) The initial conditions in the member before the structural actions are applied. For example, shrinkage 
and creep of the concrete places reinforcement in compression, and as a consequence at cracking 
the reinforcement can be sustaining appreciable compression. This increases the strains in the 
reinforcement and hence the curvature to a predetermined tensile stress level in the reinforcement. 
As a result the effective stiffness of a member can be reduced below that assumed in calculations 
which ignore these actions. 

Not all the factors described above can be included in a table such as Table C6.6. Consequently the 
values given are indicative of those values which might be expected in buildings with typical member 
dimensions, reinforcement proportions and initial stresses induced due to creep and shrinkage. 

Table C6.6 - Effective section properties, ^ 



Type of member 


Ultimate 


imit state 


Serviceability limit state 




f v = 300 MPa 


f v = 500 MPa 


/<=1.25 


//=3 


//=6 


1 Beams 












(a) Rectangular 11 


0.40 /g 

(use with £ 40 ) § 


0.32 /g 

(use with £ 40 ) § 


k 


0.7 /g 


0.40 / g 

(use with E 40 ) § 


(b) T and L beams 11 


0.35 /g 

(use with £ 40 ) § 


0-27 4, 

(use with £ 40 ) § 


k 


0.6 /g 


0.35 lg 

(use with E 40 ) § 


2 Columns 












(a) N*IA Q f' c > 0.5 


0.80 I q (1.0 / g )* 


0.80 7 g (1.0/ g )* 


k 


1.0 /g 


As for the 
ultimate limit 
state values in 
brackets 


(b) N*IA a f' = 0.2 


0.55 /g (0.66 Jgf 


0.50 / g (0.66 / g )* 


k 


0.8 /g 


(c) N*IA g f' c = 0.0 


0.40 / g (0.45 / g )* 


0.30 / g (0.35 / g )* 


k 


0.7 /g 


3 Walls 11 












(a) N*IA,f' c = 0.2 


0.48 /g 


0.42 /g 


k 


0.7 /g 


As for the 
ultimate limit 
state values 


(b) N*IA a f c = 0A 


0.40 /g 


0.33 /g 


k 


0.6 /g 


(c) N*IA a t c = 0.0 


0.32 /g 


0.25 /g 


k 


0.5 / g 


4 Diagonally 
reinforced 
coupling beams 


0.6/g for flexure 

Shear area, A shea „ as in text 


k 

I .O /^shear 

for ULS 


0.75 7 g 

I .ZO /^shear 

for ULS 


As for ultimate 
limit state 


NOTES - 

(§) With these values the E value should be the elastic modulus for concrete with a strength of 40 MPa regardless of the actual 

concrete strength. 
($) The values in brackets apply to columns which have a high level of protection against plastic hinge formation in the ultimate 

limit state. 
(|[) For additional flexibility, within joint zones and for conventionally reinforced coupling beams refer to the text. 



Diagonally reinforced coupling beams deform predominantly in shear, hence for these members a 
relatively high flexural stiffness is required together with an appropriate shear stiffness. The shear 
stiffness should be based on the shear sustained when the diagonal reinforcement first reaches yield. 
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Additional information on stiffness and performance of diagonally reinforced beams is given in 
Reference 6.22 

The shear force, V d , sustained when the diagonal reinforcement reaches the yield point is given by: 

V d = 2 A d f y sin a (Eq. C6-9) 

Where A d is the area of the set of diagonal bars in one of the diagonals (there being two sets in each 
beam) and a is the inclination of the bars to the axis of the beam. 

In calculating the shear displacement at first yield allowance should be made for development of the bars 
in the coupled walls. To allow for this it is recommended that the effective length of the bars is taken as 
(Ucos a + f y cf b /15). With this value the shear deformation, <5y, at yield is given by: 



8, 



cosa 15 



^- (Eq.C6-10) 



Where L is the clear length of the coupling beam. Assuming the compression stiffness of the diagonal 
reinforcement and concrete is 20 % of the tension reinforcement, the shear deflection of the beam, &< , is 
given by: 

^=77-^ (Eq.C6-11(a)) 

2 §\na 

and the equivalent shear area, ^shear, is given by: 

^shear=7^- (Eq. C6-11(b)) 

where G is the shear modulus of concrete (0.4E C ) 

C6.9.1 .3 Walls and other deep members 

For structural walls, shear deformations and distortions in the anchorages and foundations may also need 

to be considered and for this purpose Reference 6.23 may be used. 

C6.9.1 .4 Ductile dual structures 

The design forces should be allocated to each element at each level of a dual structure in accordance with 
relative stiffnesses, taking also torsional or concurrency effects into account. However, in cognizance of 
the inelastic response of ductile structures, some plastic redistribution from potentially weaker to 
potentially stronger elements may be considered. It is important that the primary energy dissipating 
elements and complete plastic mechanisms be clearly identified. Capacity design procedures modified to 
account for characteristic features of ductile frame and ductile wall behaviour, as well as for the interaction 
of these components in dual systems should be used in respect of all elements. Such procedures are 
described in Reference 6.24. 

Internal forces in diaphragms, required to rectify the inherent incompatibility of elastic deformations of 
frames and walls in dual systems, may be significant. Diaphragm actions in accordance with 13.4 require 
special attention, particularly when precast floor systems are used. 

C6.9.1 .5 Redistribution of moments and shear forces 

Some additional considerations for moment redistribution when considering inelastic earthquake response 
are outlined in the following paragraphs. Redistribution of moments or shear forces is relevant only to 
those continuous members, such as beams, columns or walls, which form part of the plastic mechanism 
chosen to provide the required structural ductility capacity. 

Beams, which contain potential plastic regions are required to be designed to be ductile. The ductility can 
be improved by moment redistribution. The purpose of moment redistribution in seismic design is to 
reduce the absolute maximum moment, usually in the negative moment region, and compensate for this 
by increasing the moments in the non-critical (usually positive moment) regions of a span. Thus a better 
distribution of strength along a span is attained and differences in the quantity of reinforcement used in the 
top and bottom of the beam may be reduced. This improves the ductility of the plastic hinges (regions). 
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Moreover, the critical moments at either side of a column, usually for different directions of lateral forces, 
can be equalised. This reduces the need to terminate beam bars in interior column-beam joints. Also the 
positive moment potential of beams at column faces can be more fully utilised. The maximum moment 
that can be redistributed is defined, similarly to the requirement of 6.9.1.5. This value is set in (a) at 30% 
of the maximum moment ordinate, derived from an elastic analysis, for the appropriate combination of 
loads and forces at the ultimate limit state, as required by NZS 1170.5 or referenced loading Standard. 
The redistribution involves plastic rotation at potential plastic hinge regions. 

The 30% redistribution limit was considered prudent to safeguard against premature onset of and possibly 
excessive yielding due to earthquake forces corresponding with the serviceability limit state in structures 
designed for an ultimate limit state that is based on large ductility factors. 

In carrying out the redistribution it is important to ensure that the lateral storey shear force is not reduced. 
In regular moment resisting frames this can be achieved by keeping the sum of the beam terminal 
moments constant before and after redistribution. In irregular structures it is necessary to keep track of 
the column shear forces and make sure that in any level the sum of the shears is not reduced by 
redistribution. 

In certain cases, particularly in gravity load dominated frames and those of limited ductility, the 
simultaneous formation of plastic hinges at both ends of some columns in a storey is permitted (see 
Appendix D, method B. 

Irrespective of which redistribution method is employed the minimum nominal shear strength permitted in 
a column, at the ultimate state, shall be equal to or greater than 1 .7 times the shear force V E , where V E is 
the shear force induced in the member due to seismic actions. 

From considerations of equilibrium for any span it is evident that if the support moments of a given 
bending moment pattern are changed then corresponding adjustments must be made in the mid-span 
region of the beam to maintain equilibrium for vertical loads and forces. 

The full mechanism of a structure subjected to earthquake forces, consisting mainly of structural cantilever 
or coupled walls, comprises plastic hinges at the bases of all these walls. It may be advantageous to 
allocate more or less lateral design force to a structural wall than indicated by the elastic analysis. 
Through the formation of simultaneous plastic hinges in all walls this is possible, and therefore a moment 
redistribution of up to 30% is permitted. The designer must ensure that in the process the total lateral 
strength of the assembly of structural walls is not reduced. 

An extensive treatment of moment redistribution under seismic actions, together with examples, is given in 
Reference 6.24 and an example on moment redistribution is given in Reference 6.24 and 6.25. 
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C7 FLEXURE, SHEAR AND TORSIONAL STRENGTH OF MEMBERS WITH OR 
WITHOUT AXIAL LOAD 



C7.1 Notation 

The following symbols, which appear in this section of the Commentary, are additional to those used in 
Section 7 of the Standard. 

A co area enclosed within the perimeter (actual cross section), mm 2 

/A g Gross area of section, mm 2 A2 

A oc area enclosed by the mid-wall perimeter of (uncracked) tube, mm 

/A ps area of prestressed reinforcement in flexural tension zone, mm 2 

/A s steel area, mm 2 i 

| A2 

c b neutral axis depth when tension reinforcement just commences to yield and concrete compression 

strain of 0.003 occurs at the extreme compression fibre, mm 

dp distance from extreme compression fibre to centroid of prestressing reinforcement, mm 

f se effective stress in prestressed reinforcement after losses, MPa 

f ps stress in prestressing reinforcement at nominal flexural strength, MPa 

f s steel stress, MPa 

/y S an equivalent yield stress associated with the equivalent tube thickness (f s ), MPa ^2 

j ratio of internal level-arm of flexural forces to effective depth of the member 

K<[ constant in Equation C7-18 

p length of perimeter of section measured between centres of longitudinal bars in corners of the 

member, mm 

q shear flow 

7 torque, (torsional moment), N mm 

T c torque resisted by concrete, N mm 

t c assumed constant wall thickness of a tube, mm 2 

T cr torque at first cracking, N mm 

t s an equivalent thin tube thickness, mm A2 

v t shear stress due to torsion, MPa 

a inclination of compression force relative to axis of a member 

a\ angle between shear-friction reinforcement and shear plane 

£s steel strain 

£y steel strain at first yield 

C7.2 Scope 

Section 7 covers basic aspects of the design of members for flexure, shear and torsion. 

With regard to shear, design equations for the shear resisted by the concrete mechanisms and by the 
shear reinforcement are given in Section 9 for reinforced concrete beams and one-way slabs, Section 10 
for reinforced concrete columns and piers, Section 12 for reinforced concrete two-way slabs and Section 
19 for prestressed concrete. 

C7.3 General principles 

In these design provisions it is assumed that the presence of shear does not affect the flexural strength, 
and that the presence of flexure does not affect the shear strength. However, the presence of axial load 
affects both the flexural strength and the shear strength. 
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C7.4 Flexural strength of members with shear and with or without axial load 

C7.4.1 Flexural strength requirement 

Equation 7-1 simply states that the design flexural strength, ^ M n , of the section is required to be at least 
equal to the design bending moment on the section at the ultimate limit state, M*. 

C7.4.2 General design assumptions for flexural strength 

C7.4.2.1 Strength calculations at the ultimate limit state 

Normally the strength of the member will be based on the cracked cross section, including the concrete 
cover in compression outside the transverse reinforcement. Then the assumptions of 7.4.2 apply, which 
are the same as for members not designed for seismic forces. References 7.1, 7.2, 7.3 and others give 
theory and design aids. The use of an extreme fibre concrete compressive strain of 0.003, as specified in 
7.4.2.3, will generally result in a satisfactory prediction for the flexural strength of a beam but may lead to 
a significant underestimate of the flexural strength of a column, particularly if high strength steel 
reinforcement is used. This is because, for beams with reinforcement only in the extreme fibres, the 
maximum moment may not show much variation over a large range of high strains, but for columns the 
strain level may have a significant effect on the stresses in the steel reinforcement arrayed around the 
column perimeter. 

When considering the behaviour of the cross section at advanced strains in the inelastic range after the 
spalling of the cover concrete, the strength of the cross section should be based on the core of the 
member within the spiral or perimeter hoops. After spalling of the cover concrete, which typically occurs at 
extreme fibre compressive strains of 0.003 to 0.008, the increase in the strength and ductility of the 
confined concrete within the transverse reinforcement and the strain hardening of the longitudinal 
reinforcement will generally allow the core of the member to maintain a substantial moment and axial load 
capacity. Loss of concrete cover has a more significant effect on the moment capacity of members with 
small cross section than on members with large cross section at high curvatures. For columns with 
constant axial load and confined as required in 10.4.7.4.1 or 10.4.7.5.1 a significant increase in flexural 
strength of the cross section can occur after spalling of the cover concrete. References such as 7.4, 7.5 
and 7.6 give information on the stress-strain behaviour of confined concrete at high strains which could be 
used in moment-curvature analysis to determine the flexural strength and curvature at far advanced 
strains. 

C7.4.2.2 Strain relationship to geometry 

Many tests have confirmed that the distribution of strain is essentially linear across a reinforced concrete 

cross section, even near the flexural strength 7 1 . 

Both the strain in the reinforcement and in the concrete are assumed to be directly proportional to the 
distance from the neutral axis. This assumption is of primary importance in design for determining the 
strain and corresponding stress in the reinforcement. 

C7.4.2.3 Maximum concrete strain 

The maximum concrete compressive strain at crushing of the concrete has been observed in tests to vary 
from 0.003 to much higher values in certain conditions 71 . However, the strain at the extreme 
compression fibre of the gross concrete cross section at which the ultimate (maximum) moments is 
developed is usually about 0.003 to 0.004 for members of normal proportions and materials. 

C7.4.2.4 Steel stress-strain relationship 

For deformed bar reinforcement, it is generally sufficiently accurate to assume that when the stress in 

reinforcement is below the yield strength, f y , the stress is proportional to strain. The increase in strength of 

the steel due to the effect of strain hardening of reinforcement is generally neglected for strength 

computations. 

The modulus of elasticity shall be taken as specified in 5.3.4 or 5.4.2 as appropriate. 
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C7.4.2.5 Concrete tensile strength 

The tensile strength of concrete in flexure (modulus of rupture) is a more variable property than the 
compressive strength and is about 10 % to 15 % of the compressive strength. The tensile strength of 
concrete in flexure at the ultimate limit state is neglected in strength design for flexure. For members with 
normal percentages of reinforcement, this assumption agrees well with tests 7 ' 1 . 

The strength of concrete in tension, however, is important in cracking and deflection considerations at the 
serviceability limit state and in the development of strength by bond of reinforcement and shear strength of 
the ultimate limit state. 

C7.4.2.6 Concrete stress-strain relationship 

This assumption recognises the non-linear stress distribution of concrete in compression at high stress. 
As maximum stress is approached, the stress-strain relationship for concrete is not a straight line but 
some form of a curve (stress is not proportional to strain). The general shape of the curve for unconfined 
concrete is a function of concrete strength and consists of a rising curve from zero to a maximum at a 
compressive strain between 0.0015 and 0.0035 followed by a descending curve to an ultimate strain 
(crushing of the concrete) of 0.004 or greater. As discussed under C7.4.2.3, this Standard sets the 
maximum useable compressive strain at 0.003 for design. 

For normal strength concrete (f' c less than about 55 MPa) the rising branch of the stress-strain curve is 
near linear up to about 0.5 f' c , reaches maximum at a strain of about 0.002 and has a descending branch 
which becomes more steep as f' c increases. For higher strength concrete the stress-strain behaviour 
becomes more brittle. For example when f' c is in the range 80 MPa to 100 MPa the rising branch is near 
linear up to f' at a strain of about 0.003, and the descending branch is near vertical. High strength 
concrete has less post-peak deformability than normal strength concrete 7 7 . 

Research has shown that the important properties of the concrete stress distribution can be approximated 
closely by using any one of several different assumptions as to the form of stress distribution. This clause 
permits any particular stress distribution to be assumed in design if shown to result in predictions of 
flexural strength in reasonable agreement with the results of comprehensive tests. Many stress 
distributions have been proposed. The three most common are the parabola, trapezoid, and rectangle. Of 
importance is the reasonable prediction of the magnitude and location of the compression stress resultant. 

C7.4.2.7 Equivalent rectangular concrete stress distribution 

For practical design this clause allows the use of a rectangular compressive stress distribution (stress 
block) to replace the more exact concrete stress distribution. For the equivalent rectangular stress block, 
an average stress of 0.85/c is used when f' c is less than 55 MPa; for higher concrete strength the average 
stress is taken to reduce linearly to a minimum of 0.75 f' c at f' c = 80 MPa and to remain constant at 0.75 f' c 
when f' c is higher than 80 MPa. The depth of the equivalent rectangular stress block is a = /^e. The value 
of $ is 0.85 for concrete with f' c < 30 MPa; for higher strength concrete fy is taken to reduce linearly to a 
minimum of 0.65 at f' c = 55 MPa and to remain constant at 0.65 when f' c is higher than 55 MPa. 

The recommended properties of the equivalent rectangular stress block for normal strength concrete are 
based on test results due to Hognestad et al 78 , Rusch 79 and others 71 . The Building Code of the 
American Concrete Institute (ACI 318) states that for concrete strengths greater than 55 MPa, research 
data 7-10, 7-11 supports the use of an equivalent rectangular stress block with average stress of 0.85 f' c and 
fi\ = 0.65. However, tests at the University of Canterbury 7 12 on columns with concrete compressive 
strengths of about 100 MPa showed that this ACI recommendation can be non-conservative, and that to 
obtain good agreement between predicted and experimental flexural strengths of columns for concrete of 
that strength the average stress of the equivalent rectangular stress block had to be taken as less than 
0.85 fi Hence the values for the parameter ^ given by Equation 7-2 were proposed 7 12 . The Norwegian 
concrete design standard NS 3473 has recommendations which agree with this trend for high strength 
concrete. The results of other recent research also agrees with this trend for high strength concrete. 
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The rectangular stress distribution does not represent the actual stress distribution in the compression 
zone at ultimate, but does provide essentially the same results as those obtained in tests 713 . Flexural 
strength equations commonly used in design are based on the equivalent rectangular stress block. 



C7.4.2.8 Balanced conditions 

The balanced strain condition at the cross section of a member is used to determine the neutral axis 
depth, c b , when the tension reinforcement just commences to yield as the concrete reaches its assumed 
ultimate strain of 0.003 at the extreme compression fibre. 

C7.4.2.9 Compression reinforcement 

For the additional strength due to compression reinforcement, see References such as 7. 1 and 7.13. 



C7.5 Shear strength of members 

C7.5.1 General 

The equations for shear are presented in terms of shear force. However, critical shear force levels are 
calculated from limiting shear stress levels for two reasons. Firstly, the limiting shear stress levels are 
applicable to many different situations and hence this gives a rational basis for calculations. Secondly, the 
shear stress level gives the designer a feel for how critical shear is in any particular situation. 

The nominal shear strength is taken as the nominal shear stress multiplied by the effective area of 
concrete, /A cv , that resists shear. This area is defined in the sections for the type of member that is being 
considered. 

It is important to note that the implication that shear stresses are uniform over the shear area arises from a 
simplification made in the ACI 318 code in 1967. In fact shear stresses may be far from uniform and in 
carrying out strut and tie analysis it may be necessary to work from the actual distribution of shear 
stresses. 

C7.5.2 Maximum nominal shear stress, v n 

The maximum nominal shear stress is limited to prevent diagonal compression failure of the concrete. 
The presence of diagonal tension cracks in a web reduces the crushing strength of the concrete. A shear 
stress of 0.2 f c ' approximately corresponds to a diagonal compression stress of 0.45 f' c , which is close to 
the level of diagonal compression which might be expected to result in compression failure. 

C7.5.3 Nominal shear strength 

As stated by Equation 7-6 the total nominal shear strength of a section, V n , is considered to be the sum of 
the nominal shear strength provided by the concrete mechanisms, V c , and the nominal shear strength 
provided by the shear reinforcement, V s , The nominal shear strength provided by the concrete 
mechanisms, V c , is assumed to be the same for a member without shear reinforcement as for a member 
with shear reinforcement. The nominal shear strength, V c , provided by the concrete mechanisms is taken 
to be equal to the shear force causing significant inclined cracking. These assumptions are discussed in 
the ACI-ASCE Committee 426 reports 7 - 14 - 7 - 15 and in References 7.16 and 7.17. 

C7.5.4 Nominal shear strength provided by the concrete, V c 

The nominal shear strength provided by concrete in regions of members, which contain flexural cracks, 
depends upon shear transfer across cracks by aggregate interlock action, dowel action of longitudinal 
reinforcement and shear resisted by the compression zone. The shear resistance provided by aggregate 
interlock action decreases as crack widths increase. For this reason any action which increases crack 
widths, such as axial tension, reduces the shear strength provided by concrete, Vc. 
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Figure C7.1 - Influence of inclination of compression force on shear strength 

Inclination of the flexural compression force, C, in a member (tan a) may increase or decrease the shear 
strength, as illustrated in Figure C7.1, and as given by Equation C7-1. Where the internal lever-arm, yd, 
increases with increasing bending moment the shear strength is increased by the vertical component of 
the flexural compression force. Where the internal lever-arm decreases with increasing bending moment 
the shear strength of the concrete is deceased by the vertical component of the flexural compression 
force. 

V c = v c A cv + Ctan a (Eq. C7-1) 

C=M*ljd 

where yd is the internal lever arm and a is the inclination of the compression force relative to the axis of the 
member. 

C7.5.5 Nominal shear strength provided by the shear reinforcement 

Shear strength provided by shear reinforcement is calculated by a truss analogy. The diagonal 
compression forces in the web are assumed to be inclined at an angle of tan" 1 y to the longitudinal axis of 
the member (/ is the ratio of the internal lever-arm to the effective depth). 

C7.5.7 Location and anchorage of reinforcement 

With shear reinforcement a truss-like action occurs in a beam or slab, in which the longitudinal flexural 
tension reinforcement provides the tension chord, the compression zone acts as the compression chord, 
the stirrups act as tension members in the web and the concrete sustains diagonal compression forces. 

It is essential that shear (and torsional) reinforcement be adequately anchored at both ends to be fully 
effective on either side of any potential inclined crack. This generally requires a hook or bend at the end of 
the reinforcement as provided by 7.5.7.1. Stirrups must enclose the flexural tension reinforcement to be 
effective in resisting shear. In shallow members conventional shear reinforcement may be ineffective as 
cover requirements may prevent the stirrups being anchored in the compression zone. 

Lapped splices in stirrups may only be used where inelastic action due to seismic actions is not expected, 
deformed bars are used and shear stresses are not high. This situation arises in many bridge structures. 
The use of lapped stirrups can simplify construction particularly where haunched prestressed members 
are used. 

C7.5.8 Design yield strength of shear reinforcement 

Limiting the design yield strength of shear reinforcement to 500 MPa provides a control on diagonal crack 
width. Higher strength reinforcement also may be brittle near sharp bends. 

C7.5.9 Alternative methods for determining shear strength 

The approach given in 7.5.1 to 7.7.8 is based on the method in the 2002 ACI Building Code (ACI 318), 
though this has been modified to allow for scale effects in members (see 9.3.9.) The method is largely 
empirical and it has been retained because of its simplicity and in this modified form has been shown to 
produce satisfactory shear strength predictions. More rational approaches have been developed in recent 
years, for example as in References 7.18, 7.19, 7.20, 7.21, 7.22. In Europe a "variable angle truss 
model" is used 721 and in Canada a modified compression theory model has been developed 7 ' 19 . These 
alternative (more rational) approaches are more complex but can be used to advantage for some 
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applications, such as prestressed concrete bridge girders. Where the "Strut and Tie" method is used V c 
should be taken as zero except for the component of shear resistance provided by inclination of the 
compression force relative to the tension force (see Figure C7.1 .) 

C7.5.10 Minimum area of shear reinforcement 

Members without shear reinforcement, or with a very low proportion of shear reinforcement, can fail in a 
brittle manner without warning. To prevent such failures due to unexpected loads, or due to loading 
situations not usually considered in design (such as actions induced by creep, shrinkage, thermal effects 
or accidental loading) the Standard requires a minimum area of transverse reinforcement given by 
9.3.9.4.13 for beams and one-way slabs, 10.3.10.4.4 for columns and 1 1 .3.10.3.8(b) for walls". 



C7.6 Torsional strength of members with flexure and shear with and without axial 
loads 

C7.6.1 Members loaded in torsion 

C7.6.1 .2 Requirement for torsional reinforcement 

In the design of reinforced concrete members to resist torsional loads, it is necessary to distinguish 
between two different types of torsion, one arising from equilibrium requirements and the other from the 
need to satisfy compatibility of deformation. 

"Equilibrium torsion" is required to maintain equilibrium in the structure. This is generally the case in 
statically determinate structures. Where a member is subjected to "equilibrium torsion" it is necessary to 
provide adequate reinforcement to ensure that the member is capable of resisting the torsion required by 
statics. Figure C7.2 shows an example. For the cantilever canopy to be in equilibrium the beam must 
provide the corresponding torsional as well as flexural and shear strength. 




Design torque shall not be 
reduced because moment 
redistribution Is not possible 

Figure C7.2 -An example where "Equilibrium torsion" is required to maintain the load 

"Compatibility torsion" arises when twist is required to maintain compatibility of deformations in the 
structure. This kind of torsion occurs in statically indeterminate structures if the torsion can be eliminated 
by releasing relevant restraints. In such situations twist, torsion and torsional stiffness are interrelated. 
Figure C7.3 shows an example. The rotation of the ends of the floor beam introduces twist into the 
spandrels. The resulting bending moment at the ends of the floor beam and the corresponding torsion in 
the spandrels will depend on the relative values of flexural and torsional stiffness of these members. 
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Figure C7.3 - A structure in which torsion arises because of compatibility requirements 

Generally the torsional provisions of the Canadian Code for the Design of Concrete Structures for 
Buildings 723 have been adopted rather than those of ACI 318. These provisions are similar to those 
recommended by the European Concrete Committee 7 24 . The torsional strength of prestressed concrete 
members is considered in References 7.19, 7.25 and 7.26. 



Prior to the formation of diagonal cracks, a reinforced concrete beam in torsion behaves essentially as an 
elastic beam. The reinforcement at this stage makes no contribution to torsional resistance. The 
dimensions of the cross section such as shown in Figure C7.4(a) and the properties of the concrete alone 
determine the response 71 . It is more convenient, and accurate enough for design purposes, to use the 
equivalent tube approach 7 27 . This approach replaces the actual cross section of the beam by an 
equivalent thin walled tube, as shown for example in Figure C7.4(b). This tube has the same external 
dimensions as the actual cross section and it has a wall thickness of: 

f c = 0.75/\ co /p c - (Eq.C7-2) 

but not exceeding the actual wall thickness in hollow sections, where p c is the external perimeter of the 
actual cross section and A co is the area enclosed within this perimeter. 

Using the well known relationship for the response of a thin-walled tube in torsion, the shear stress, v u 
produced by torsion, 7, is given by: 

(Eq.C7-3) 



^"oc'c 



where A oc is the area enclosed by the mid-wall perimeter of the tube. This value can be calculated from 
the external dimensions of the section and the tube thickness or thicknesses. However, for solid sections 
a reasonable approximation is A oc = 0.67 A co , and for hollow sections this value is generally conservative. 

Substituting into Equation C7-3, using the approximation for A oc and assuming that diagonal cracking will 
occur when the principal tensile stress (equal to the shear stress) is equal 0.33^f c , the torque required to 
crack the member, 7" cr , is given by: 



A2 



A2 



A2 



T cr =0.44,4 co f c 



Vf 



.(Eq.C7-4) 



It is implied in 7.6.1.2 that when the required nominal torsional strength, 7 n <T l<j> from Equation 7-7 is 

less than approximately one quarter of the calculated torsional cracking moment, the effects of equilibrium 
torsion may be neglected. 
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(a) Actual cross section (b) Equivalent tube 

Figure C7.4 - The equivalent tube concept for uncracked members in torsion 

C7.6.1.3 Torsion due to deformation compatibility 

Where compatibility torsion arises it is necessary to evaluate both the flexural and torsional stiffness of the 
relevant members. The equivalent thin-walled tube may be used to determine the torsional rigidity G c Kg r0 ss 
of the uncracked section. Tube theory gives: 

A2 4 (a Y t 

G c K g :oss = Gc [ ° c> ° ....(Eq.C7-5) 

Poc 

where G c is the shear modulus of the concrete, which can be taken as 0.4 E c , and p oc is the perimeter of 
A2 A oc (in a solid rectangular section p oc can be taken as p c - 4 t c ). The torsional rigidity of the cracked 
member is a small fraction only of the torsional rigidity of the uncracked section. The torsional rigidity in 
the cracked state is primarily determined by the deformation of the reinforcement; its value G c K cr can be 
found from the stiffness of the equivalent thin-walled tube. This is: 

G c K cr =^^£B^ (Eq.C7-6) 

2 p V S P° 

where E s is the Young's modulus of the reinforcing steel. For typical beams it will be found that the 
A2 torsional stiffness after cracking as given by Equation C7-6, is generally only a few percent of the 
torsional stiffness of the uncracked member, as given by Equation C7-5. 

A2 As torsional reinforcement is stressed only in the torsionally cracked state, it is appropriate to design this 
reinforcement for the moment it will sustain in its torsionally cracked state. For a statically indeterminate 
structure, these actions can be determined by performing an elastic based analysis using stiffness values 
appropriate for torsionally cracked (Eq. C7-6), and flexurally cracked members (see 6.8). For prestressed 
members, such an analysis may require the stiffness values in a member to be subdivided into flexurally 
and torsionally cracked and uncracked regions to obtain realistic actions. In the transition between 
uncracked and cracked section properties, the torsional stiffness reduces to a much greater extent than 
the flexural stiffness. This results in a redistribution of actions, with a major reduction in the magnitude of 
torsional moments 7 28 . 

Members designed to resist torsions, the magnitudes of which have been determined from the above 
stiffness values, will behave in a satisfactory manner. The analysis, however, may involve considerable 
work. If the torsion on the member arises only because the member must twist to maintain compatibility, 
the magnitude of the torsion will be almost directly proportional to the torsional stiffness. This is 
demonstrated in Figure C7.3 where the torsion in the spandrel is caused by the need for the spandrel to 
A2 rotate with the end of the floor beam. Thus, decreasing the amount of torsional reinforcement decreases 
the stiffness, and as a result the applied torque is reduced. With the reduction in torque, the positive 
moments in the transverse beam increase. 

In cases where torsion is not required for equilibrium, 7.6.1.3 allows the designer to provide a minimum 
amount of properly detailed torsional reinforcement and assume that the torsional stiffness of the member, 
and hence the torsion in the member, is zero. In reality, there will be some torsion in the member, and the 
presence of this torsion should be considered in detailing adjacent or supported members. For example, 
in the transverse beam spanning between the spandrel beams in Figure C7.3, torsion resisted by the 
spandrel beams induces negative moments in the transverse beam. To ensure satisfactory performance 
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in the serviceability limit state, negative moment reinforcement should be provided near the support A2 
regions to control negative moment cracking. In many common situations, the actual torsional stiffness 
and torsional cracking moment cannot be accurately determined due to interaction with shear, flexure and 
axial forces, due to restraint provided by the remainder of the structure. If a beam forms torsional cracks, 
it elongates by an amount equal to the average strain in the longitudinal torsional reinforceme, times the 
member length. With surrounding members, as occurs in many buildings and bridges, this elongation may 
be partially restrained. The resultant compression, due to this restraint, may increase the torsional 
strength in the restrained member, but reduce the torsional strength in the adjacent restraining members, 
which are subjected to tension due to their restraining action. Designers need to be conscious of the 
difficulty of accurately assessing torsional actions and take a conservative approach to the provision of 
flexural reinforcement in members where moments may be sustained by torsional resistance in supporting 
members. 

Under serviceability limit state conditions, the torsion based on the stiffness of uncracked sections may be 
large enough to cause cracking. If the resulting crack width is of concern, two thirds of the torque so 
computed should be used to determine the torsional reinforcement 7 19 . Effects of prestressing, if any, 
should be included. 



A2 



C7.6. 1 .5 Torsional strength requirement 

By similarity to the requirements of 7.6.1.3 the design torsion, 7"*, is related to the nominal torsional 

strength required, which is then used in all subsequent equations . 

C7.6.1 .6 Torsional shear stress 

After diagonal cracks form, the torsional resisting mechanism of the member changes completely. The 
torsional shear stresses are now assumed to be provided solely by the diagonal compressive stresses in 
the diagonally cracked concrete. This diagonally compressed concrete is held in equilibrium by tensile 
stresses in the longitudinal and the transverse reinforcement. Because the transverse reinforcement 
cannot "hold" the concrete cover in equilibrium without generating high concrete tensile stresses, 
particularly at the corners of a section, at higher loads this concrete cover will spall off. Hence in the 
cracked state it is the dimensions of the reinforcing cage which governs the behaviour and not the exterior 
dimensions of the concrete. 

In the cracked state the beam is again idealised as a thin-walled tube, but this time the mid-wall perimeter, 
p , is assumed to pass through the centres of the longitudinal bars in the corners of the closed stirrups, 
and the concrete wall thickness, t Q , is assumed to be: 

t o = 0J5AJ Po (Eq.C7-7) 

where A is the area enclosed by p , and t Q may not be taken greater than the actual wall thickness. A2 

Figure C7.5(a) shows an example section in which A = b h where fa Q may be taken as 0.5 (b' Q + b" ). 
Also p = 2 (h Q + jt» ). The assumed thickness of the tube, t Q , is also indicated. 

To check against crushing of the concrete due to the diagonal compression, the nominal torsional shear 
stress is calculated from: 

'- ■ ^ (Eq - ^ 

This torsional shear stress is limited to 0.2f c ', or 8 MPa, whichever is less. The value of 0.2 f' c is a 
conservative approximation to the values for the maximum safe shear stress that will not lead to a failure 
in diagonal compression as predicted by the compression field theory 7 ' 29 . 
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Figure C7.5 - Effective sections for torsional resistance 

C7.6.1 .7 Torsion in flanged sections 

In determining the effective section for flanged beams, not more than three times the thickness of a flange, 
as shown in Figure C7.5 should be considered when computing A or A co . The designer may neglect the 
contribution of flanges to torsional strength and stiffness. 

C7.6.1 .8 Torsional and flexural shear together 

Equation 7-9 limits the maximum shear stress due to combined torsion and shear to 02f' c or 8 MPa 

whichever is less. 

A2 C7.6.2 Reinforcement for compatibility torsion 

Where members may be subjected to twist due to the requirements of compatibility, but the torsional 
moments in the member are assumed to be negligible due to the loss of torsional stiffness, it is important 
to ensure that the member has sufficient ductility to enable the required level of twist to develop without 
causing a brittle failure. To achieve this, the clause requires longitudinal and transverse reinforcement to 
be added to the member to give it a nominal torsional strength equal to the smaller of: 

(a) The torsional moment found in an analysis neglecting the reduction in stiffness due to torsional 
cracking; or 

(b) The torsional moment equal to 7~ n .min given by Equation 7-10. 

Equation 7-10 gives an estimate of the torsional moment causing torsional cracking. Reinforcement to 
sustain this moment is based on a space truss where the concrete sustains diagonal compression forces 
inclined at an angle between 35° and 55° to the axis of the member. 

For a member to have ductility in torsion, the torsional strength must be limited by yielding of the 
reinforcement rather than crushing of the concrete. For this case, the thin wall tube concept can be 
employed with an equivalent thin walled steel tube with a thickness of t s and yield strength of f ys given by: 



*s 'ys 



S P 



0.5 



.(Eq.C7-9) 



which gives a nominal torsional strength of: 



T =?A t f 

' n ^^o l s 'ys 



.(Eq. C7-10) 
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Substitution for f s f ys in Equation C7-10 gives Equation 7-1 1(a) and the limits given in Equation 7-1 1(b) 
limit the inclination of the diagonal compression forces to within the range of 35° to 55°. 

As indicated in 7.6.2.2 and 7.6.2.3, any adequately anchored longitudinal reinforcement and any closed 
ties or stirrups, which are in the section to resist flexure or shear, may be included in the areas of 
transverse reinforcement, A, and longitudinal reinforcement, A b required by Equation 7-1 1(a). 

C7.6.3 Torsional reinforcement details 

To ensure the effective response of the torsional reinforcement this clause requires that the closed stirrups 
be closely spaced and that reasonably sized longitudinal bars be placed in each corner of the closed 
stirrups 7 19, 7 30 . Because of the possibility of the cover concrete spalling, for reasons commented on in 
C7.6.1.6, closed stirrups for torsion are required to be anchored by either welding, or anchoring by 135° 
hooks, or by 90° hooks where a flange protects the concrete on the outside of the hook from spalling, as 
illustrated in Figure C7.5A. 



Figure C7.5A illustrates acceptable ways of anchoring stirrups designed to resist torsion. 
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Figure C7.5A - Anchorage of stirrups for torsion 
C7.6.4 Design of reinforcement for torsion required for equilibrium 



C7.6.4.1 and C7.6.4.2 Torsion design moment and torsion reinforcement 

Where a torsional moment required for equilibrium exceeds the limit given in 7.6.4.1, the required nominal 
torsional strength is taken as the larger of T /$ or the calculated torsion moment inducing diagonal 
cracking. The latter requirement ensures that the member has adequate ductility in torsion to prevent a 
brittle failure in the event of an overload. 

For torsion required for equilibrium, it is assumed that there is no interaction between torsion, flexure or 
shear, with or without axial load. Consequently, the requirements for transverse and longitudinal 
reinforcement to resist torsion are added to reinforcement areas required for the other actions in the load 
cases involving torsion. However, it should be noted that this is an approximation which does not hold in 
plastic hinge regions. In such zones, the longitudinal reinforcement increases the flexural strength and the 
torsional resistance decreases to a negligible value. 

The equations for the area of closed stirrups and longitudinal reinforcement to resist torsion associated 
with equilibrium requirements, given in Equation 7-12, are based on the assumption that the diagonal 
compression struts, and hence diagonal tension cracks, form at an angle of close to 45° to the axis of the 
member. This assumption is made to be consistent with the assumption on which the shear design 
equations are based. It should be noted that this is in contrast to the more relaxed assumptions made 
where the torsional reinforcement is required for torsion induced by compatibility requirements alone. 

Where a member is designed to resist torsion required for equilibrium, it is important to check that the 
deformation due to torsion in the serviceability limit state is acceptable, see C7.6.1 .3. 
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A2 C7.6.4.3 Longitudinal torsional reinforcement reduction in compression zone 

Torsion induces longitudinal tension uniformly around the perimeter of the section. This distributed force 
is superimposed on any flexural forces in the section. Equation 7-12(b) gives the total longitudinal tension 
force, A £ f v , required to resist torsion. The proportion of this force in the compression zone is b"/p Q , 

where b" is the core dimension measured from centre-to-centre of the peripheral stirrup in the 
compression zone. Hence, from the above and Equation 7-1 2(b) the longitudinal tension force due to 
torsion in the compression zone, T tc , is given by: 

T {c =v [n t b" . (Eq.C7-15) 

The compression force due to flexure, C, may be taken as: 

M* 

C = -^— ....(Eq. C7-16) 

0.9d 

where the 0.9c/ represents the internal lever-arm, which is an approximation for an internal lever-arm in a 
cracked elastic section. Combining these two equations the area of longitudinal reinforcement required in 
the compression zone, A £C , is given by: 



A^ c - 



v*J n b 



tn ° 0.9d 



f y 



.(Eq. C7-17) 



It should be noted that when A^ in the equation above is negative, it indicates that longitudinal 
reinforcement is not required for torsion. However bars must be placed in the corners of the stirrups to 
provide anchorage against the diagonal compression forces, which meet at the corners. 

C7.7 Shear-friction 

C7.7.1 General 

With the exception of 7.7, virtually all provisions regarding shear are intended to prevent diagonal tension 
failures rather than direct shear transfer failures. The purpose of 7.7 is to provide design methods for 
conditions where shear transfer should be considered: an interface between concretes cast at different 
times, an interface between concrete and steel, reinforcement details for precast concrete structures, and 
other situations where it is considered appropriate to investigate shear transfer across a plane in structural 
concrete. (See References 7.31 and 7.32). 

C7.7.3 Design approach 

Although uncracked concrete is relatively strong in direct shear there is always the possibility that a crack 
will form in an unfavourable location. The shear-friction concept assumes that such a crack will form, and 
that reinforcement must be provided across the crack to resist relative displacement along it. When shear 
acts along a crack, one crack face slips relative to the other. If the crack faces are rough and irregular, 
this slip is accompanied by separation of the crack faces. At ultimate, the separation is sufficient to stress 
the reinforcement crossing the crack to its yield point. The reinforcement provides a clamping force AJ y 
across the crack faces. The applied shear is then resisted by friction between the crack faces, by 
resistance to the shearing off of protrusions on the crack faces, and by dowel action of the reinforcement 
crossing the crack. The successful application of 7.7 depends on proper selection of the location of an 
assumed crack 731,733 . 

C7.7.4 Shear-friction design method 

C7.7.4.1 Shear-friction reinforcement perpendicular to shear plane 

The relationship between shear-transfer strength and the reinforcement crossing the shear plane can be 
expressed in various ways. Equations 7-13 and 7-14 of 7.7.4 are based on the shear-friction model. 
This gives a conservative prediction of shear-transfer strength. The equations include the effect of 
external force A/* acting normal to the shear plane. Other relationships that give a closer estimate of 
shear-transfer strength 733, 7 34, 7 35 can be used under the provisions of 7.7.3. For example, when the 
shear-friction reinforcement is perpendicular to the shear plane and there is no external force acting 
normal to the shear plane, the shear strength V n is given by References 7.34 and 7.35. 
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V n = 0.8/Avf/y + A& (Eq.C7-18) 

where A c is the area of concrete section resisting shear transfer (mm 2 ) and Ki = 2.75 MPa for normal 
density concrete, 1.38 MPa for all-lightweight concrete, and 1.72 MPa for sand lightweight concrete. 
These values of /C| apply to both monolithically cast concrete and to concrete cast against hardened 
concrete with a rough surface as defined in 7.7.9. 

In this equation, the first term represents the contribution of friction to shear-transfer resistance (0.8 
representing the coefficient of friction). The second term represents the sum of the resistance to shearing 
of protrusions on the crack faces and the dowel action of the reinforcement. 

When the shear-friction reinforcement is inclined to the shear plane, and there is no external force acting 
normal to the shear plane, such that the shear force produces tension in that reinforcement, the shear 
strength V n is given by 



V n = A/ y (0.8sina f +cosa f ) + /A c K 1 sin 2 a f - (Eq. C7-19) 

where a f is the angle between the shear-friction reinforcement and the shear plane, (i.e. < <% < 90°). 

When using the modified shear-friction method, the terms {A^yA c ) or (/Avf/y sin a f //4 c ) should not be less 
than 1 .38 MPa for the design equations to be valid. 

When using the shear-friction design method the required area of shear-transfer reinforcement A^ is 
computed using Equations 7-13 and 7-14. 

C7.7.4.2 Shear-friction reinforcement inclined to shear plane 

When the shear-friction reinforcement is inclined to the shear plane, such that the component of the shear 
force parallel to the reinforcement tends to produce tension in the reinforcement, as shown in Figure C7.6, 
part of the shear is resisted by the component parallel to the shear plane of the tension force in the 
reinforcement. 7 ' 35 Equation 7-14 should be used only when the shear force component parallel to the 
reinforcement produces tension in the reinforcement, as shown in Figure C7.6. When a f is greater than 
90°, the relative movement of the surfaces tends to compress the bar and Equation 7-14 is not valid. 
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Figure C7.6 - Shear-friction reinforcement at an angle to assumed crack 

C7.7.4.3 Coefficient of friction 

In the shear-friction method of calculation, it is assumed that all the shear resistance is due to the friction 
between the crack faces. It is, therefore, necessary to use artificially high values of the coefficient of 
friction in the shear-friction equations so that the calculated shear strength will be in reasonable 
agreement with test results. For concrete cast against hardened concrete not roughened in accordance 



with 7.7.9, shear resistance is primarily due to dowel action of the reinforcement and tests 
reduced value of // = 0.6/1 specified for this case is appropriate. 



7.36 ■ 
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The value of // for concrete placed against as-rolled structural steel relates to the design of connections 
between precast concrete members, or between structural steel members and structural concrete 
members. The shear-transfer reinforcement may be either reinforcing bars or headed stud shear 
connectors; also, field welding to steel plates after casting of concrete is common. The design of shear 
connectors for composite action of concrete slabs and steel beams is not covered by these provisions, but 
should be in accordance with Reference 7.37. 

C7.7.5 Maximum shear strength 

This upper limit on shear strength is specified because Equations 7-13 and 7-14 become non- 
conservative if V n has a greater value. 

C7.7.7 Reinforcement for net tension across shear plane 

If a resultant tensile force acts across a shear plane, reinforcement to carry that tension should be 
provided in addition to that provided for shear transfer as indicated by Equations 7-13 and 7-14. Tension 
may be caused by restraint of deformations due to temperature change, creep, and shrinkage. Such 
tensile forces have caused failures, particularly in beam bearings. 

When moment acts on a shear plane, the flexural tension stresses and flexural compression stresses are 
in equilibrium. There is no change in the resultant compression A/ y acting across the shear plane and the 
shear-transfer strength is not changed. It is therefore not necessary to provide additional reinforcement to 
resist the flexural tension stresses, unless the required flexural tension reinforcement exceeds the amount 
of shear-transfer reinforcement provided in the flexural tension zone. This has been demonstrated 

7 38 

experimentally 

It has also been demonstrated experimentally 7 32 that if a resultant compressive force acts across a shear 
plane, the shear-transfer strength is a function of the sum of the resultant compressive force and the force 
A/y in the shear-friction reinforcement, as expressed in Equations 7-13 and 7-14. In design, advantage 
should be taken of the existence of a compressive force across the shear plane to reduce the amount of 
shear-friction reinforcement required, only if it is certain that the compressive force is permanent. 

C7.7.8 Shear-friction reinforcement 

If no moment acts across the shear plane, reinforcement should be uniformly distributed along the shear 
plane to minimize crack widths. If a moment acts across the shear plane, it is desirable to distribute the 
shear-transfer reinforcement primarily in the flexural tension zone. 

Since the shear-friction reinforcement acts in tension, it should have a full tensile anchorage on both sides 
of the shear plane. Further, the shear-friction reinforcement anchorage should engage the primary 
reinforcement, otherwise a potential crack may pass between the shear-friction reinforcement and the 
body of the concrete. This requirement applies particularly to welded headed studs used with steel inserts 
for connections in precast and cast-in-place concrete. Anchorage may be developed by bond, by a 
welded mechanical anchorage, or by threaded dowels and screw inserts. Space limitations often require 
a welded mechanical anchorage. For anchorage of headed studs in concrete see Reference 7.33. 

C7.7.1 Concrete placed against as-rolled structural steel 

When shear is transferred between as-rolled steel and concrete using headed studs or welded reinforcing 
bars, the steel shall be clean and free of paint. 

C7.7.1 1 Additional design requirements for members designed for earthquake effects 

To counteract the effects of the degradation of shear-friction resistance in plastic hinge regions due to 
reversal of actions, protection against sliding shear shall be in accordance with 9.4.4.1 .4 to 9.4.4.1 .5. 
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C8 STRESS DEVELOPMENT, DETAILING AND SPLICING OF REINFORCEMENT 
AND TENDONS 



C8.1 Notation 

The following symbols, which appear in this section of the Commentary, are additional to those used in 
Section 8 of the Standard: 

A s area of non-prestressed tension reinforcement, mm 2 

A area of bar formed into spiral or circular hoop reinforcement, mm 2 

c b minimum top cover to reinforcing bar, mm 

c p minimum clear spacing between reinforcing bars in a horizontal layer, mm 

c s minimum side cover to reinforcing bar, mm 

h c column depth parallel to the longitudinal beam bars being considered, mm 

h b beam depth, mm 

L s splice length, mm 

N s restraining force developed by a circular tie against one vertical column bar, N 

R tensile strength of circular tie or spiral, N 

C8.2 Scope 

The provisions of Section 8 apply to detailing of reinforcement and tendons including the design of 
anchorage, development and splices. Provisions also cover minimum bend radii, minimum reinforcement 
in walls and shrinkage and temperature reinforcement in slabs. Requirements are also given for detailing 
spiral, circular and rectangular hoop reinforcement in columns and for stirrups and ties in flexural 
members. 

The provisions for development include deformed and plain bars and wire, bundled bars, welded and 
smooth wire fabric and prestressing strand. 

They also cover standard hooks in tension, mechanical anchorage and anchorage of transverse 
reinforcement. A comprehensive set of requirements is given to govern development of flexural 
reinforcement. Provisions for splices deal with lap splices, welded splices and mechanical connections. 



C8.3 Spacing of reinforcement 

C8.3.1 Clear distance between parallel bars 

The spacing limits of this clause have been developed from successful practice over many years, 
remaining essentially unchanged through many codes. The minimum limits were established to permit 
concrete to flow readily into spaces between bars and forms without developing honeycomb, and to 
prevent the concentration of bars on a line that might result in shear or shrinkage cracking. The spacing 
between two bar bundles in slabs must conform with 8.3.1 

C8.3.4 Bundled bars 

Bond research 8 1 showed that bar cut-offs for beams and splices for columns should be staggered. 

Bundled bars should be tied, wired or otherwise fastened together to ensure that they remain in position. 

The limitation that bars larger than 32 mm be not bundled in beams or girders of buildings has been taken 
from the ACI 318 Code which applies primarily to buildings. The 1974 American Association of State 
Highway and Transportation Officials (AASHTO) design criteria 82 for reinforced concrete bridges 
permitted two-bar bundles of bars up to 57 mm in bridge girders or columns, usually more massive than 
those in buildings. Conformity with crack control requirements in the Standard will effectively preclude 
bundling of bars larger than 35 mm as tensile reinforcement. The Standard phrasing "bundled in contact, 
assumed to act as a unit", is intended to preclude bundling more than two bars in the same plane. Typical 
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bundle shapes are triangular, square, or L-shaped patterns for three or four-bar bundles. As a practical 
provision, bundles more than one bar deep in the plane of bending may not be hooked or bent as a unit. 
Where end hooks are required, it is preferable to stagger them. Bending and hooking of bundles must be 
established in this manner, even at supports. 

C8.3.5 Spacing of principal reinforcement in wails and slabs 

These maximum spacing limits have remained essentially unchanged for many years. The spacing of 
reinforcement in topping slabs shall be such that effective anchorage required for diaphragm action, in 
accordance with 13.3.5, is assured. 

C8.3.6 Spacing of outer bars in bridge decks or abutment walls 

Experience has shown that the spacing of reinforcement at greater than 300 mm centres in the exposed 

surfaces of bridge decks or abutment walls is likely to result in long-term maintenance problems, due to 

shrinkage effects of direct exposure to the weather and the fatigue effects of live loading. Two cases are 

given which would permit the spacing to be increased to a maximum of 450 mm. An example of (a) would 

be the soffits of cantilever slabs, while an example of (b) would be the earth face of abutment retaining 

walls. 

C8.3.7 Spacing between longitudinal bars in compression members 

These requirements for minimum bar spacing, like those in 8.3.1, were developed originally to provide 
access for concrete placing in columns. Use of the bar diameter as a factor in establishing the minimum 
spacing permitted is an extension of the original provision to larger bars. 

C8.3.8 Spacing between splices 

Commentary C8.3.1 and C8.3.7 are applicable here. See also 8.3.5. 

C8.3.9 Spacing between pre-tensioning reinforcement 

These requirements are provided to prevent weakened planes for splitting bond failure developing in the 
cover concrete in the anchorage zones. Provision has been made for reducing the clear distance for 
hollow-core flooring systems. 

C8.3.10 Bundles of ducts for post-tensioned steel 

When ducts for post-tensioning steel in a beam are arranged closely together vertically, provision must be 
made to prevent the reinforcement, when tensioned, from breaking through the duct. Horizontal 
disposition of ducts must allow proper placement of concrete. Generally a clear spacing of 1 V 3 times the 
nominal maximum size of the coarse aggregate, but equal to or greater than 25 mm, proves satisfactory. 
Where concentration of reinforcement or ducts tends to create a weakened plane in the concrete cover, 
reinforcement should be provided to control cracking. 



C8.4 Bending of reinforcement 

C8.4.2.1 Minimum bend diameters for main bars 

The minimum bend diameters given in Table 8.1 are generally twice the bend test diameters specified in 

AS/NZS4671. 

When large steel stresses need to be developed in the bend, radial bearing and splitting stresses in the 
concrete may become excessive. Equation 8-1 controls the diameter of the bend when there is a 
combination of high tensile stress at the bend, large bar diameter and low concrete strength. 

The quantities shown in Table 8.1 are based on the assumption that s b = d b + 40. The requirements for 
the development length may be difficult to satisfy when beam bars are anchored in exterior columns in 
accordance with 9.4.3.2.5. In such cases the means by which the development length of hooked bars can 
be reduced, as permitted in 8.4.2.1, should be investigated, or alternatively the diameter of bend must be 
increased. 
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Clause 8.4.2.1 also permits the addition of transverse bars to allow the use of Table 8.1 values for d\ in 
cases where Equation 8-1 in would call for larger values. 

The arrangement of the transverse bars is shown in Figure C8.1, and is based on the fact that excessive 
bearing stresses will not extend past the first 60° of bend that is closest to the critical section. 

The transverse bars should extend for a distance of at least 3 d b beyond the centreline of the outermost 
bars in each layer. 




K^Jh+s 



Figure C8.1 - Arrangement of additional transverse bars to reduce bearing stress 

C8.4.2.2 Minimum bend diameter in fatigue situations 

Bends in primary reinforcement should be avoided in regions of high stress range. The minimum diameter 
of bend of slab reinforcing bars, for example, of cranked transverse reinforcement in bridge deck slabs, is 
increased to the bar bend diameter equal to or greater than that specified in 2.5.2.2. High localised areas 
of stress concentration, which occur in tight radius bends, can cause fatigue failure to propagate from 
these locations. 



A2 



C8.4.2.3 Stirrup and tie bends 

It is not intended that a tie is to have different bend diameters should it pass round longitudinal bars of 

different diameters. 

C8.4.3 Bending of welded wire fabric 

Welded wire fabric of plain or deformed wire can be used for ties and stirrups. The wire at welded 
intersections does not have the same uniform ductility and ease of bending as in areas which were not 
heated. These effects of the welding temperature are usually dissipated over a length of approximately 
four wire diameters. Minimum bend diameters permitted are in most cases the same as those required in 
the bend test for wire material. The requirements of 8.4.3 for welded wire fabric are shown in Figure C8.2. 



£4^lf^ 




d\ > 4 d b if cf b > 7 mm 
d| > 2 cf b if cf b < 7 mm 



Figure C8.2 - Bends in welded wire fabric for stirrups and ties 
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C8.5 Welding of reinforcement 

C8.5.1 Compliance with AS/NZS 1554: Part 3 

Reinforcing steels not conforming to AS/NZS 4671 will require different welding techniques and the 
designer and fabricator must become familiar with these techniques before designing a weld or attempting 
to weld the steel. 

Due to the low carbon metallurgy of reinforcing steel manufactured to AS/NZS 4671, the steel is 
considered readily weldable. However, AS/NZS 4671 permits a range of manufacturing processes for the 
production of steel reinforcement. Due care must be exercised for welding of such reinforcement because 
the welding process can alter the metallurgy and microstructure of the as-rolled bars. In certain situations 
this may result in lower yield strengths and lower ultimate tensile strengths in the heat affected zones of 
the weld sites. This may lead to detrimental behaviour with loss of ductility in the bar and fracture of the 
bar may occur. Refer to AS/NZS 1554:Part 3 and the reinforcement manufacturer's recommendations for 
details of appropriate welding techniques. 

In line quenched and tempered bars are subject to loss of strength when welded. 

Steel which has been heavily strained can become embrittled if heated, particularly into the critical range 
of approximately 250 °C - 450 °C. This can be avoided by welding (or any other heating procedure) at 
some distance from bends or, provided the steel is not quenched and tempered, by a stress relieving heat 
treatment of the bend zone. 

C8.5.2 in-line quenched and tempered steel bars 

Welding of in-line quenched and tempered bars can have detrimental effects on the strength and ductility 
of the bars and associated connection. AS 3600 requires designers to assume that the strength of such 
reinforcement has a design strength of 250 MPa when raised to the temperatures associated with welding, 
galvanising or hot bending. Such a requirement is considered inappropriate in a seismically active country 
where concentration of yielding at a weld position would be undesirable and could result in brittle failure. 



C8.6 Development of reinforcement 

C8.6.1 Development of reinforcement - General 

The development length concept for anchorage of reinforcement was first introduced in the 1971 ACI 
Building Code, to replace the dual requirements for flexural bond and anchorage bond contained in earlier 
editions of the ACI Building Code. It is no longer necessary to consider the flexural bond concept which 
placed emphasis on the computation of nominal peak bond stresses. Consideration of an average bond 
resistance over a full development length of the reinforcement is considered more meaningful, partly 
because most bond tests consider average bond resistance over a length of embedment of the 
reinforcement, and partly because unpredictable extreme variations in local bond stresses exist near 
flexural cracks 8 ' 1 . 

The term "development" used in this Standard implies the development of the required strength of the 
reinforcement at a critical section. This may be the computed tensile stress, yield strength, f y , or breaking 
stress. 

The development length concept is based on the attainable average bond stress over the length of 
embedment of the reinforcement. In application the development length concept requires the specified 
minimum lengths or extensions of reinforcement beyond all points of peak stress in the reinforcement. In 
flexural members such peak stresses generally occur at the points specified in 8.6.12.2. This development 
length or anchorage is necessary on both sides of such peak stress points. 

Often the reinforcement continues for a considerable distance on one side of a critical stress point so that 
calculations need involve only the shorter distance; for example, the negative moment reinforcement 
continuing through a support to the middle of the next span. However, bars often need to be extended by 
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a greater distance to satisfy special requirements applicable to tension zones of flexural members in 
accordance with 8.6.12, 8.6.13 and 8.6.14. 

C8.6.3 Development length of deformed bars and deformed wire in tension 

A combination of recommendations from ACI 318 and other research 83 have been used to form the 
equations in 8.6.3.2 and 8.6.3.3. 

C8.6.3.2 Basic development length in tension 

Concrete cover, clear distance between bars in a layer and bar diameter are the principal quantities which 
determine the basic development length of a bar. Transverse reinforcement, crossing splitting cracks, will, 
to a certain extent, improve anchorage. Accordingly, empirical expressions have been derived to 
determine the basic development length /_ db . Additional parameters, which may beneficially influence 
development, are then taken into account separately in 8.6.3.3. 

The basic development length, /_ dbJ in this clause is proportional to the lower characteristic yield stress of 
the bar. Equation 8-2 includes a a to recognise that for top reinforcement the reduction in the quality of 
bond because the excess water used in the mix for workability and air entrapped during the mixing and 
placing operations may rise toward the top of the finished concrete before setting is complete. Entrapped 
below bars, this water and air leaves the bar less bonded to the concrete on the underside. For horizontal 
top bars in a structural member, bond resistance reflects this weakened underside restraint because the 
loss can be of the order of 50 % in extreme cases. 

The symbol f' c is limited to 70 MPa because data on the development and bond of bars at concrete 
strengths above 70 MPa is not readily available to date. 

To allow designers to reduce Z_ db , if desired, a more rigorous determination of /_ d may be undertaken using 
8.6.3.3. 

C8.6.3.3 Refined development length in tension 

To reduce the development length specified in 8.6.3.2, three factors may be considered: 

(a) Because the development length required is proportional to the tensile stress to be developed, the full 
development length may be reduced proportionally when the stress is lower than the yield strength. 
This is achieved by the modification factor A sr IA sp . It should be noted, however, that this reduction 
must not be used at or near critical sections of members subjected to earthquake forces, nor should 
the area of reinforcement required only to control shrinkage and temperature effects in restrained 
members be omitted when computing ^W- 

(b) Concrete splitting is a common mode of failure when the strength of bars is developed, and when the 
surrounding concrete cannot sustain the circumferential tensile stresses induced by the bond 
stresses. As either cover or clear distance between bars is increased, improved resistance to 
concrete splitting is achieved. 



Equation 8-5 recognises that an increased cover or clear distance between bars will result in increased 
bond strength. Equation 8-5 is based entirely on test results. Figure C8.3 indicates typical splitting cracks 
along embedded bars. c m is the smallest of c b , c s and c p . 



First splitting - 
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Figure C8.3 - Definition and significance of distances c b , c s and c p 
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The beneficial effect of transverse reinforcement , which may control the opening of splitting cracks as 
shown in Figure C8.3, is expressed by the area of transverse reinforcement A tr . The effectiveness of ties, 
stirrups, hoops or spirals in crossing a potential splitting crack is illustrated in Figure C8.4. For such 
reinforcement to be effective, at least three bars must cross a potential crack over the development length. 
However, transverse reinforcement used for any other purpose, such as shear resistance or to provide 
stability for compression bars or confinement of concrete, may be included for this purpose. 

In the case of Figure C8.4 (a), Ar is effective only for the outer bars. The designer would have several 
choices in this case. A different L 6 could be calculated for the inner and outer longitudinal bars, or the 
effect of transverse reinforcement could be ignored, or Ar could be taken into account as an average for 
the bars, using total area of transverse bars crossing the plane of splitting divided by the number of 
longitudinal bars in the layer, n. The last approach was checked 83 using data reported by Untrauer and 
Warren 85 and it was found to give a reasonable estimate of measured values. This approach is 
incorporated in the definition of Ar in this section. 

Where a number, n, of longitudinal bars are enclosed by a spiral, the value of Ar to control splitting, as 
shown for a circular member in Figure C8.4 is given by: 



6A 



<A (Eq.C8-1) 
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Figure C8.4 - Basis for calculation of Ar 

The 300 mm minimum development length shall not be multiplied by the a a , a b , Ocor c^ factors. 

Because the multiplier in 8.6.3.3(c), which allows for the beneficial effects of transverse reinforcement, 
involves additional calculations, the designer may always assume that Ar is zero, so that the multiplier 
becomes unity. 
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C8.6.4 Development length of plain bars and plain wire in tension 

As required by 5.3.1, plain bars other than those explicitly listed should only be used when special 
verifiable reasons exist. The development of plain bars in tension must not rely on straight development 
length. 

C8.6.5 Development length of deformed bars and deformed wire in compression 

These provisions are similar to those of the previous structural Concrete Standard, NZS 3101:1995. 

The weakening effect of flexural tension cracks is not present for bars in compression and usually end 
bearing of the bars on the concrete is beneficial. Therefore, shorter development lengths have been 
specified for compression than for tension. The development length may be reduced by up to 25 % 
according to 8.6.5.3 when the compression reinforcement is enclosed within a column by spiral or 
rectangular ties, hoops or supplementary ties, or an individual spiral around each bar or group of bars is 
used. The interpretation of the effective transverse reinforcement area in the calculation of Ar for 8.6.5.3 is 
defined in the notation of the Standard and illustrated in Figure C8.4. 

C8.6.7 Development of bundled bars 

An increased development length for individual bars is required when three or four bars are bundled 
together. The extra extension is needed because the grouping reduces the effective surface area over 
which bond stresses to the surrounding concrete can be transferred. 

The designer should also note 8.3.4 relating to the cutoff points of individual bars within a bundle and 
8.7.2.2 relating to splices of bundled bars. 

C8.6.8 Development of welded plain and deformed wire fabric in tension 

C8.6.8.1 Development length of wire fabric 

The requirements of either 8.6.8.2 or 8.6.8.3 may be used to calculate the development length, Z_ d , 

required for plain or deformed wire fabric in tension. 

C8.6.8.2 Development length of welded wire fabric - cross wires considered 

Figure C8.5 shows the development requirements for wire fabric with the development primarily 
dependent on the location of the cross wires rather than the bond characteristics of the plain or deformed 
wire. An embedment of at least two cross wires 50 mm or more beyond the point of critical section is 
adequate to develop the yield strength of anchored wires 8 6 . 
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Figure C8.5 - Development of welded wire fabric 

C8.6.8.3 Development length of welded wire fabric - cross wires not considered 

If no cross-wires are present or assumed to be present the development of the plain or deformed wire will 
be dependent upon bond. Hence the requirements of 8.6.3 or 8.6.4 will govern, except that the minimum 
development length is reduced to 200 mm. 

C8.6.9 Development of prestressing strand 

The development requirements for prestressing strand are intended to provide bond integrity for the 
strength of the member. The provisions are based on tests performed on normal density concrete 
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members with a minimum cover of 50 mm. These tests may not represent the behaviour of strand in low 
water-cement ratio, no-slump concrete. Fabrication methods should ensure consolidation of concrete 
around the strand with complete contact between the steel and concrete. Extra precautions should be 
exercised when low water-cement ratio, no-slump concrete is used. In general, this clause will control only 
for the design of cantilever and short-span members. The requirement of doubled development length for 
strand not bonded through to the end of the member is also based on test data 8 7 . 

The expression for development length L 6 may be rewritten as: 



3 b 



fe 



ps 



- f seK 



. (Eq . C8-2) 



where L d and d b are in mm, and f pSl and f se are in MPa. The first term represents the transfer length of the 
strand, that is, the distance over which the strand must be bonded to the concrete to develop the prestress 
f se in the strand. The second term represents the additional length over which the strand must be bonded 
so that a stress f ps may develop in the strand at nominal strength of the member. 

The variation of strand stress along the development length of the strand is shown in Figure C8.6. 



At nominal sliengtfi 




Dfe!am» Ifoti toa wA of strand 

Figure C8.6 - Variation of steel stress with distance from free end of strand 

The expressions for transfer length and for the additional bonded length necessary to develop an increase 
in stress of (f ps - f se ) are based on tests of members prestressed with clean 8 mm, 9 mm and 12 mm 
diameter strands for which the maximum value of f ps was 1 980 MPa 87, 88, 8 ' 9 . 

The transfer length of strand is a function of the perimeter configuration area and surface condition of the 
strand, the stress in the strand and the method used to transfer the strand force to the concrete. Strand 
with a slightly rusted surface can have an appreciably shorter transfer length than clean strand. Gentle 
release of the strand will permit a shorter transfer length than abruptly cutting the strands. 

The provisions of 8.6.9 do not apply to plain wires nor to end anchored tendons. The length for smooth 
wire could be expected to be considerably greater due to the absence of mechanical interlock. Flexural 
bond failure would occur with plain wire when first slip occurred. 
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C8.6.10 Standard hooks 

Clause 8.6.10 is based on the recommendations of ACI Committee 408 83? 810 . Refer to Figure 8.1 for a 
diagrammatic explanation of L dh . 

One or more bars anchored by standard hooks with a development length according to Equation 8-12, 
and in close proximity to each other, should develop the strength of the bars provided the bars are 
included in a viable "strut and tie" mechanism. A viable mechanism consists of equilibrating internal 
actions where the bond stresses along the hook and the bearing stresses in the bend of the hook are 
balanced by (i) compression fields in the surrounding concrete and (ii) tension fields produced by 
reinforcement bounding and passing through the volume of concrete in which the bars are anchored. 

Note that Reference 8.11 recommends that for the strut developed inside of the bend of the hook the 
angle of the strut to the straight shaft of the hook (length L b , in Figure 8.1) should not be greater than 55°. 
If the angle is greater than 55° then the pull-out of a cone of concrete, before the yield strength of the bar 
is reached, is likely. This failure mode should be avoided. A typical situation where a concrete cone pull- 
out can occur at the connection of a floor to a wall, is where starter bars are anchored with a standard 
hook close to the adjacent face of the wall. 

Typical situations where the "strut and tie" mechanism exists include: beam column joints, column and 
beam stubs (for anchoring bars outside the beam column joints) and longitudinal bars terminated by 
standard hooks at (i) the end of cantilevers elements (slabs, beams and foundation pads) and (ii) where 
curtailment of the longitudinal bars occurs within elements, where the traditional shear "truss" or "strut and 
tie" mechanisms exist. 

Where a "strut and tie" mechanism does not exist, the failure mode of the bar under tension may be the 
pull-out of a cone of concrete, before the yield strength of the bar is reached. It is possible to prevent the 
pull-out of a concrete cone and the bar embedded in it, by tying back the cone into the "strut and tie" 
mechanism with appropriate tension reinforcement. 

Meshes or grillages of reinforcement in the plane of the concrete element, such as a wall panel, are 
ineffective in preventing a cone type of failure 8 12 . One method for determining adequate embedment or 
development lengths terminated with standard hooks (not complying with 8.6.10.3) may be found in 
Reference 8.12. 

A study of the failures of hooked bars indicates that splitting of the cover parallel to the plane of the hook 
is the primary cause of failure and that the splitting originates at the inside of the hook where stress 
concentrations are very high. For this reason, Equation 8-12 is a function of d b which governs the 
magnitude of compressive stresses on the inside of the hook. Only standard ACI hooked bars were tested 
and the influence of a larger radius of bend was not evaluated. The test results indicate that as the straight 
lead length increases, the lateral splitting force which develops in the side cover decreases; this is 
reflected in an improvement in hook capacity. 

The recommended provisions include adjustments to reflect the resistance to splitting provided by 
enclosure in transverse reinforcement. If the side cover is large so that side splitting is effectively 
eliminated, as in mass concrete, the product of the factors a b , ai and a 2 as given in 8.6.10.3 may be used. 
Minimum values of L dh are indicated to prevent failure by direct pullout in cases where the standard hook 
may be located very near the critical section. No distinction is made between top bars and other bars. 

In many cases where the value of L dh given by Equation 8-12 is used, the value of d\ required will be 
greater than that given in Table 8.1 as it will be governed by Equation 8-1 . In such cases, if it is desired to 
reduce the value of d t to that given in Table 8.1 , the value of L dh will have to be increased above that given 
to be used by Equation 8-12 in order to give an increased value for the lead length L b as shown in 
Figure 8. 1 which will allow a reduced value of d\ from Equation 8-1 . 

C8.6.1 0.1 Standard hooks - definition 

The standard hooks defined in this section are shown in Figure 8.1. 
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C8.6.10.3 Development length of standard hooks in tension 

The required development length L d h for hooked bars in tension in accordance with 8.6.10, may be larger 
than what might be available in a column when the requirements of 9.4.3.2 shown in Figure C9.18 are to 
be satisfied. In such situations it is better to improve the bearing conditions in the bend than to provide 
extra straight anchorage length beyond the 90° bend. When transverse bars, as shown in Figure C8.1 , are 
provided, a 20 % reduction in the development length L dh of Figure 8.1 may be made. When beam bars 
are anchored within column bars in the core of a beam column joint, the application of the multiplier a<\ = 
0.7 in 8.6.10.3(b) is appropriate. 

The bars placed in the bend help reduce the local bearing stresses and reduce the tendency for splitting 
cracks to form in the plane of the bend. The extension of these bars by 3d b beyond the plane of the bar 
does not imply any limit on the spacing of adjacent bent bars. 

When the same bar is required to develop yield strength in compression, the bent portion of the 
anchorage must be disregarded in satisfying the requirements of 8.6.5.1. However, when bars are 
anchored in column cores, as described above, the confinement may be considered to be equivalent to 
that implied in 8.6.5.3. The development of bars in compression will commence closer to the inner face of 
exterior columns. 

C8.6.1 1 Mechanical anchorage 

Mechanical end anchorages should be made adequate for strength both for prestressing tendons and for 
reinforcing bars. 
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C8.6.1 2 Development of flexural reinforcement 

C8.6.12.2 Critical sections 

Critical sections for a typical continuous beam are indicated in Figure C8.7, together with the different 

criteria which determine where bars may be cut off 
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8.6.12.3(b) 




(a) Moment coverage diagram 



x. 



Z^Z 



Length to develop f 
at face of support 
8.6.13.2 and 8.6.13.4 



Point of inflection 
of bars "c" limited 

b y 8.6.13.4 



(b) Beam with longitudinal reinforcement 



Figure C8.7 - Development of flexural reinforcement in a typical continuous beam 

C8.6.12.3 Extension of tension reinforcement 

The moment diagrams customarily used in design are approximate; some shifting of the location of 

maximum moments may occur due to changes in loading, settlement of supports, unaccounted lateral 
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forces or other causes. A diagonal tension crack in a flexural member without stirrups may shift the 
location of the calculated tensile stress approximately a distance d towards a point of zero moment. When 
stirrups are provided, this effect is less severe, although still present to some extent. 

To provide for shifts in the moment demand, the Standard requires the extension of reinforcement by a 
distance 1.3c/ beyond the point at which it is theoretically no longer required to resist flexure, and by d 
beyond the length L d . Cut-off points of bars to meet this requirement are illustrated in Figure C8.7. 

When bars of different sizes are used, the extension should be in accordance with the diameter of bar 
being terminated. A bar bent to the opposite face of a beam and continued to the point where the bar 
crosses the mid-depth of the member may logically be considered effective in satisfying this clause. 

The same principles apply to the curtailment of vertical reinforcement in walls, as implied by the design 
moment envelope for cantilever walls shown in Appendix D, Figure CD. 7. 

C8.6.12.4 Termination in a tension zone 

Evidence of reduced shear strength and consequent loss of ductility when bars are cut off in a tension 
zone, as in Figure C8.7, has been reported by several investigators 8 13 . As a result, the Standard does 
not permit flexural reinforcement to be terminated in a tension zone unless special conditions are satisfied. 
Flexural cracks tend to open early wherever any reinforcement is terminated in a tension zone. If the steel 
stress in the continuing reinforcement and the shear strength are each near their limiting value, diagonal 
tension cracking tends to develop prematurely from these flexural cracks. Diagonal cracks are less likely 
to form where shear stress is low (see 8.6.12.4(a)). Diagonal cracks can be restrained by closely spaced 
stirrups (see 8.6.12.4(b)). Tension bars bent into the web at an angle not exceeding 45° and terminating at 
a distance of at least d/2 away from the tension face may be considered exempt from the requirements of 
this clause, because such bars do not terminate in a tension zone. These requirements are not intended 
to apply to tension splices which are covered by 8.7.2 and the related 8.6.3. 



C8.6.12.5 End anchorage in flexural members 

Members such as brackets, members of variable depth and others where steel stress f s does not 
decrease linearly in proportion to a decreasing moment require special consideration for proper 
development of the flexural reinforcement. For the bracket shown in Figure C8.8 the stress in the 
reinforcement at nominal strength is almost constant at approximately f v from the face of support to the 
load point. In such a case, development of the flexural reinforcement depends largely on the anchorage 
provided at the loaded end. A welded cross bar of equal diameter may be used as a means of providing 
effective end anchorage. An end hook in the vertical plane, with the minimum diameter bend, is not totally 
effective because an unreinforced concrete corner may exist near loads applied close to the corner. For 
wide brackets (perpendicular to the plane of the figure) and loads not applied close to the corners, U- 
shaped bars in a horizontal plane provide effective end hooks (see section 16). 
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Figure C8.8 - Consideration of the critical anchorage for a special member 
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C8.6.13 Development of positive moment reinforcement in tension 

C8.6.13.1 Limitation in area of bars 

Certain proportions of the maximum positive moment reinforcement are required to be carried into the 
support to provide for some shifting of the moment due to changes in loading, settlement of supports, 
lateral forces and other causes. 

C8.6.13.2 Critical sections 

When a flexural member is part of a primary lateral force-resisting system, forces greater than those 
anticipated in design may cause reversal of moment at supports; therefore the required positive 
reinforcement should be well anchored into the support. This anchorage is to assure ductility of response 
in the event of unexpected overstress, such as from blast or earthquake. It is not sufficient to use more 
reinforcement at lower stresses. The full anchorage requirement does not apply to any excess 
reinforcement provided at the support. 

C8.6.13.3 Limitation in diameter of bars at simple supports 

Flexural bond considerations require the anchorage length to be checked in regions of members where 
the bending moment is zero, that is at simple supports and at points of contraflexure. In such regions the 
area of tension reinforcement provided may be small and the shear force relatively large, resulting in high 
flexural bond stresses. Clauses 8.6.13.3 and 8.6.13.4 ensure bond failure will not occur. In Figure C8.9, 
M n is the nominal moment supplied by the reinforcement at the support. MJV* can be increased by 30 % 
if the reaction confines the end of the reinforcement. 

Figure C8.9 and Figure C8.10 illustrate the use of the provisions of 8.6.13.3 and 8.6.13,4, 
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Figure C8.9 - Procedure for determining maximum size bar at simple support 
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Figure C8.10 illustrates the use of the provisions of 8.6.13.4. 
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Figure C8.10 - Procedure for determining the maximum size of bars "A" at a point of inflection for 

positive reinforcing 

In routine design it may often be found that M n IV* > L d and hence no further check need then be made. 
When a requirement of 8.6.13.3 or 8.6.13.4 is not satisfied, the designer should either reduce the diameter 
of bars, whereby L d is reduced, or increase the area of positive reinforcement at the section considered, 
whereby M n is increased, or undertake both of these steps. 
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Figure C8.11 - Anchorage into exterior column 

C8.6.14 Development of negative moment reinforcement in tension 

Figure C8.11 and Figure C8.12 illustrate two methods of satisfying requirements for anchorage of tension 
reinforcement beyond the face of support. For anchorage of reinforcement with hooks, see commentary 
discussion C8.6.10. 

Clause 8.6.14.3 provides for possible shifting of the moment diagram at a point of inflection, as discussed 
under C8.6.13.3. This requirement may exceed that of 8.6.13.3 and the more restrictive of the two 
provisions governs. 

The principles involved in 8.6.14.4 are the same as those considered in C8.6.13.3. 
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NOTE - Usually anchorage in the column becomes part of the adjacent beam reinforcement. 

Figure C8.12 - Anchorage into adjacent beam 

C8.7 Splices in reinforcement 

For ductility of a member, lap splices should be adequate to develop more than the yield strength of the 
reinforcement; otherwise a member may be subject to sudden splice failure when the yield strength of the 
reinforcement is reached. The lap splice lengths specified in the Standard satisfy this ductility requirement 
for members. 

Splices should, if possible, be located away from points of maximum tensile stress. 

The use of welded splices or mechanical connections with capacity less than the actual breaking strength 
is permitted if the design criteria of 8.7.5.4 are met. Therefore, lap welds of reinforcing bars, either with or 
without back-up material, welds to plate connections, and end-bearing splices are allowed under certain 
conditions. 

C8.7.1 General 

The designer's written approval should be obtained for any welding as what seems to be an unimportant 
weld to a site operative could affect a critical member. 

C8.7.2 Lap splices of bars and wire in tension 

C8. 7.2.1 Bar sizes of lap splices 

Research on lap splices with bars of diameter greater than 40 mm is limited. There is insufficient data to 

establish lap lengths for either tensile or compressive lap splices for these bars. 

C8.7.2.2 Lap splices of bundled bars 

The increased length of lap required for bars in bundles is based on the reduction in the exposed 
perimeter of the bars. Where the factors in this clause are applied it is not intended that the factors in 8.6.7 
should also be applied. 



1.10, 8.3 



C8.7.2.3 Length of lap splices of deformed bars or wire 

This clause follows the recommendations of ACI Committee 408 ° lu ' 00 . The recommendation that splice 
and development for deformed bars and wire are the same is also adopted by ACI 318. Statistical studies 
have shown that no additional factors are necessary for splices . Straight plain bars shall not be spliced 
except with hooks or mechanical anchorages. 

In determining the required splice length, L s , the distance c p to be used is illustrated in Figure C8. 13. 
Where all bars are spliced at the same location, c p is the clear distance between bars. Where the splices 
are staggered and the overlap is less than L s , c p reflects this improvement. With staggered splices, the 
spacing between bars generally will not be as critical as is the cover to the centre of the bar. 
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Figure C8.13 - Definition of c p for splices 

C8.7.2.4 Length of lap splices of plain bars or wire 

This clause will apply when, under 5.3.1, there are specific or special necessities to use plain bars for 
other than ties, stirrups, spirals or hoops. The required standard hooks, as required by 8.6.10.1 and 8.4. 2 X 
such as shown in Figure 8.1 , are not intended to pass around and engage other reinforcement. When the 
hooks are located near the surface of a member, the hooks should be embedded in the core concrete of 
the member. One application of lap splices in plain bars is detailed in 8.7.2.8. 

C8.7.2.5 Length of non-contact lap splices 

To ensure that the effective splice length, /_ s , is maintained in splices with transverse spacings, s L , of bars 
larger than 3d b , L ds is introduced which assumes an approximately 33° diagonal compression field as 
illustrated in Figure C8.14. 




Figure C8.14 - The spacing of spliced bars 

C8.7.2.8 Lap splices of stirrups, ties and hoops 

Deformed bars and plain bars used for stirrups, ties or rectangular hoops may be spliced when necessary, 
provided standard hooks as required by 8.6.10.1 and 8.4.2 such as shown in Figure 8.1, are used. The 
hooks must be embedded in the concrete core, that is, the plane of the hook must not be in the cover 
concrete. Hooks anchored through and inside the core may be oriented to suit convenience in 
construction. Hooks required for lap splicing of transverse reinforcement need not engage a longitudinal 
bar for anchorage. 

The need for splices in transverse reinforcement may arise when stirrups and ties for shear resistance or 
other purposes in beams, columns, beam column joints or walls cannot be placed in the form of a closed 
hoop. 
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C8.7.3 Lap splices of bars and wires in compression 

Recent bond research has been primarily related to bars in tension. Bond behaviour of compression bars 
is not complicated by the problem of transverse tension cracking and thus compression splices do not 
require provisions as strict as those specified for tension splices. 

C8.7.3.2 Lap splices in compression with stirrups and ties 

Effective tie legs included in the evaluation of Ar are those which cross a potential splitting crack which 
develops in the plane at which two spliced bars might be in contact with each other. An example is shown 
in Figure C8. 16. 

C8.7.3.3 Lap splices in compression with spiral reinforcement 

Compression lap lengths may be reduced when the lap splice is enclosed throughout its length by spirals 
because there is increased splitting resistance. Spirals should meet requirements of 10.3.10.7, 10.3.10.8 
and 10.3.10.5. Because spirals do not cross a potential splitting crack when spliced bars in contact are 
aligned radially, they are less efficient in confining a splice. Therefore the area of the spiral is required to 
be /V/6 times longer than that of a tie crossing a crack at 90° assumed in 8.7.3.2. Potential radial splitting 
cracks, developing when all spliced bars touch a circular spiral may eventually link up with circumferential 
cracks because the diameter of the strained spiral increases. The two mechanisms are illustrated in 
Figure C8.16. 

C8.7.4 Welded splices and mechanical connections 

Designers should avoid the need to weld reinforcing steel if possible as follows: 

(a) Where butt jointing is required there is a good range of coupling devices available. Lapping, 
particularly of smaller bars, may also be an option; 

(b) Tack welding of stirrups or ties to main bars may result in a reduction in capacity of the main bar, 
either through metallurgical changes, or the generation of notches due to undercut if the procedures 
of AS/NZS 1554:Part 3 are not followed; 

(c) Where welds are required to provide lightning protection, care should be taken to choose a route 
through non-critical members. 

Welds complying with 8.7.4.1(a) can withstand the most severe strain or stress cycles. Hence they are 
acceptable in all locations, in particular, for splicing main longitudinal reinforcement in plastic hinge 
regions and in beam column joints. Weld quality should comply with the requirements of AS/NZS 1554: 
Part 3, Section 9 for "Direct Butt Splices". 

The categories of splices in 8.7.4.1(b) will be adequate for large bars in main members outside plastic 
hinge regions and for welded splices in stirrups, ties, spirals or hoops. The limit of the breaking strength of 
the bar will ensure that the strength of the connection will be greater than the maximum design force in the 
bar. Weld quality should comply with the requirements of AS/NZS 1554:Part 3, Section 9 for "Other 
splices". 

C8. 7.4.2 Limitations on the classification of welded splices for grade > 450 MPa reinforcement 

The current Standard for welding of reinforcement, AS/NZS 1554.3, allows the use of welding 
consumables with a minimum strength of 550 MPa (E5518) or 620 MPa (E6218). It is considered unlikely 
that the use of the lower strength electrode will provide an appropriately high probability that the full 
strength of a Grade 500 bar will be achieved. Whether the full strength of the bar in the upper 
characteristic range for Grade 500 reinforcing can be achieved with the higher strength electrode requires 
verification. 

Yielding of the weld is undesirable as the plastic deformation is limited to a short length. This can greatly 
reduce the ductility of the bar and lead to a brittle type of failure of a member. For this reason welded 
Grade 500 reinforcement should be approached with caution where plastic deformation may be required. 

C8. 7.5.2 Performance requirements for classification as a "high-strength" mechanical connection 
A stiffness criterion is imposed on mechanical splices of C8. 7. 5. 2(b) to ensure that large premature cracks 
are not produced by excessive extensions in splicing devices. Accordingly the displacement of the spliced 
bars relative to each other and measured in a test over the length of the connector, should not exceed 
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twice the elongation of the same size of unspliced bar over the same measured distance when subjected 
to 0.7 f y . 



C8.7.5.3 Use of welded splices and mechanical connections 

See commentary on 8.7.4.1(c). This clause describes the situation where welded splices or mechanical 
connections with capacity less than the actual breaking strength of the bar may be used. It provides a 
relaxation in the splice requirements where the splices or connections are staggered and an excess 
reinforcement area is available. The criterion of twice the computed tensile stress is used to cover 
sections containing partial tensile splices with various percentages of the total reinforcement continuous. 

C8.7.6 Splices of welded plain or deformed wire fabric 

The strength of lap splices is dependent on either the anchorage obtained from the cross-wires, as shown 
in Figure C8.15 and as detailed in 8.6.8.2, or the development of the individual wires as detailed in 8.6.8.3. 
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Figure C8.15 - Lap splice of welded fabric 

C8.8 Shrinkage and temperature reinforcement 

So-called shrinkage and temperature reinforcement is required at right angles to the principal 
reinforcement to prevent excessive cracking and to tie the structure together to assure behaviour as 
assumed in the design. The amount specified (0.7//y) is empirical but follows closely values which have 
been used satisfactorily for many years. 

The provisions of this section apply to "structural floor and roof slabs" only and not to slabs on ground. 

It should be kept in mind that the reinforcement ratios given in this clause are minimum values and apply 
to the situation where restraint against shrinkage has been minimised. It is well known that if the slabs are 
fully restrained against shrinkage and temperature movement, much higher reinforcement ratios are 
required to avoid severe cracking. In most cases it is possible to select structural form, construction joint 
positions and pouring sequences to minimize restraint in suspended slabs, and this Standard has followed 
the practice of most leading national codes in giving reinforcement ratios appropriate to this situation. 

For the condition of full restraint, first principles require that the yield strength of the reinforcement passing 
through any potential crack position should be greater than the ultimate tensile strength of the 
corresponding cross-sectional area of concrete during the period after initial setting. This would require, 
for example, a reinforcement percentage of the order of 0.45 % for the case of a specified 28 day concrete 
compressive strength f c ' of 25 MPa and characteristic yield strength of reinforcement f y of 300 MPa. 

Splices and end anchorages must be designed for the full specified yield strength. 



C8.9 Additional design requirements for structures designed for earthquake effects 
C8.9.1 Splices in reinforcement 

C8.9.1.1 Placement of splices 

Splices other than those described by 8.7.4.1(a) should not be used in potential plastic hinge regions or in 
beam column joints where anchorage conditions may be very critical. Therefore splices should be located 
away from critical sections of potential plastic hinges by the distances specified. In a column, if plastic 
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hinges form, their location will be at the top and bottom ends of storey heights, adjacent to beams or 
footings. When plastic hinge development is not expected because columns, designed in accordance with 
Appendix D, Method A, have considerable reserve flexural strength, splices may be located also in the top 
and bottom ends of storey heights, the preferred position usually being immediately above a floor. 

C8.9.1 .2 Lap splices in regions of reversing stresses 

Transverse reinforcement provided around splices with Grade 430 bars in accordance with Equation 
8-18, was found to ensure that at least 85 % of the nominal strength of a column section with all bars 
spliced could be sustained in at least 20 cycles of reversed loading without distress. Such splices were 
found to sustain even a few limited excursions beyond yield. In determining the splice length from 8.6.3, 
the beneficial effect of this transverse reinforcement may be utilised for A {r . Transverse ties must cross 
potential sliding failure planes between two spliced bars as shown in Figure C8.16. 
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Figure C8.16 - Bar force transmission by shear-friction at lapped splices 

At locations along beams and the mid-height of columns, where it can be shown that reversing stresses 
do not exceed 0.6f y , in tension or compression, transverse reinforcement provided to satisfy other 
requirements, such as 8.7.3.2 and 8.7.3.3, may be considered to ensure satisfactory splice performance. 

C8.9.1 .3 Requirements for welded splices or mechanical connections 

In members that are subjected to seismic forces, welded splices or mechanical connections are required 

to develop the breaking strength of the bars. This is due to the consideration of the severe consequences 

for the structure if failures of such classes of connections do occur. The requirement is analogous to lap 

splices of bars being required to develop more than the yield strength of the bars and not being reduced in 

length because more reinforcement is provided than that required at the lap location (8.6.3.3 and 

9.4.3.2.3). 

In determining the criteria for welded splices and mechanical connections, standard of workmanship, 
difficulty of inspection, and the final reliability of the splice in service has been taken into account. Even so, 
designers should be aware of the necessity for a site testing programme to ensure that these splices meet 
the requirements of 8.7.5.2. and 8.9.1.3. The requirement for staggering positive connections, by at least 
900 mm if the strain measured over the full length of the connector (at 0.9 bar yield) exceeds that of an 
unspliced bar by more than 10 %, is because of increased strains at the point of maximum moment in a 
splice region. A series of tests carried out in New Zealand on a number of mechanical reinforcing bar 
splice systems 8 14 indicated that several systems could meet this strain limitation requirement. 

Splices conforming to 8.7.4.1(a) and 8.7.4.1(b) may be located in the same plane or section. 



C8-19 



NZS 31 01: Part 2:2006 



REFERENCES 



8.1 ACI Committee 408, "Bond Stress - The State of the Art", ACI Journal, Proceedings Vol. 63, No. 
11, Nov. 1966, pp. 1161-1188. Also "ACI Manual of Concrete Practice", American Concrete 
Institute, Detroit, 1979, Part 2. 

8.2 "Standard Specifications for Highway Bridges". American Association of State Highway and 
Transportation Officials, Washington, D.C., 11th edition, 1974, 284 pp. Interim Specifications, 1973. 

8.3 Jirsa, J.O., Lutz, LA and Gergely, P., "Rationale for Suggested Development, Splice and Standard 
Hook Provisions for Deformed Bars in Tension", Concrete International, Vol. I, No.7, July 1979, pp. 
47-61. 

8.4 Paulay, T. and Priestley, M.J.N., "Seismic Design of Reinforced Concrete and Masonry Buildings", 
John Wiley, New York, 1992. 

8.5 Untrauer, Raymond E. and Warren, George E., "Stress Development of Tension Steel in Beams", 
ACI Journal, Proceedings Vol. 74, No. 8, Aug. 1977, pp. 368 - 372. 

8.6 Anderson, A.R., "Bond Properties of Welded Wire Fabric", ACI Journal, Proceedings Vol. 50, No. 4, 
April 1952, pp. 681-692. 

8.7 Kaar, P. and Magura, D., "Effect of Strand Blanketing on Performance of Pretensioned Girders", 
Journal, Prestressed Concrete Institute, Vol. 10, No. 6, Dec. 1965, 15 pp. 

8.8 Hanson, N.W. and Kaar, P.H., "Flexural Bond Tests Pretensioned Beams", ACI Journal, 
Proceedings Vol. 55, No. 7, Jan. 1959, pp. 783-802. Also, Development Department Bulletin D28, 
Portland Cement Association, 1959, 20 pp. 

8.9 Kaar, P.H., La Fraugh, R.W. and Mass, M.A., "Influence of Concrete Strength on Strand Transfer 
Length" Journal, Prestressed Concrete Institute, Vol. 8, No. 5, Oct. 1963, pp. 47-67. Also, 
Development Department Bulletin D71, Portland Cement Association, Oct. 1963, 21 pp. 

8.10 ACI Committee 408, "Suggested Development, Splice and Standard Hook Provisions for Deformed 
Bars in Tension", Concrete International, Vol. I, No. 7, July 1979, pp. 45-46. 

8.1 1 Comite European du Beton, Commission "Strength of Reinforced and Prestressed Concrete Beams 
CEB Approach", ACI Symposium 1976, Philadelphia, U.S.A. 

8.12 Restrepo, J. I., Crisafulli, F.J. and Park, R., "Earthquake Resistance of Structures: The Design and 
Construction of Tilt-up Reinforced Concrete Buildings", Research Report 96-1 1 , Department of Civil 
Engineering, University of Canterbury, New Zealand, 1996. 

8.13 Ferguson, Philip M. and Matloob, Farid N., "Effect of Bar Cut-off on Bond and Shear Strength of 
Reinforced Concrete Beams", ACI Journal, Proceedings Vol. 56, No. I, July 1959, pp. 5-24. 

8.14 Raper, A.F., "Evaluation of Mechanical Reinforcing Bar Splice Systems for New Zealand 
Conditions", Research and Development Report No. 77-5 of the Office of the Chief Structural 
Engineer, Ministry of Works and Development, New Zealand, November 1977 . 



C8-20 



NZS 3101 :Part 2:2006 



C9 DESIGN OF REINFORCED CONCRETE BEAMS AND ONE-WAY SLABS FOR 
STRENGTH, SERVICEABILITY AND DUCTILITY 



C9.1 Notation 

The following symbols, which appear in this section of the commentary, are additional to those used in 

Section 9 of the Standard: 

b c width of column, mm 

b e effective width of tensile flange of beam for strength calculations, mm 

b ei0 width of flange used for calculation of overstrength, mm 

jb f width of slab on one side of web contributing to b e or b 6t0 , mm 

c depth of neutral axis at flexural strength, mm 

j ratio of lever arm of concrete compression force and steel tension force to beam depth 

Z_ab distance as specified in Figure C9.16 

Moa positive flexural overstrength at A in Figure C9.16, N mm 

Moa, M oB negative flexural overstrength at the column faces at A and B in Figure C9.16, N mm 

/W s i ab dead and long-term live load bending moment in slab, N mm/m 

T p tension force contributing to overstrength due to precast member in slab, N 

\Zga,V G b applied total shear force at A and B in Figure C9.16 due to dead load, N 

VX Vs design shear force at A and B in Figure C9.16 to resist earthquake and gravity effect, N 

Vqua, Vqub applied total shear force at A and B in Figure C9.16 due to live load, N 

£b strain in extreme compression fibre of concrete at flexural strength 

fa curvature at ultimate, 1/mm 

<fa curvature at first-yield of tension reinforcement, 1/mm 

C9.3 General principles and design requirements for beams and one-way slabs 
C9.3.1 General 

C9.3.1 .1 Moments at supports for beams integral with supports 

Beam moments obtained at the centrelines of columns may be reduced to the moments at the face of 
supports for design of beam members. The assumption to neglect the width of the beam in analysis of 
slabs should be considered carefully with unusually wide beams. In some circumstances torsional effects 
could make this assumption unsound. The span lengths to be used in the design of two-way slab systems 
are specified in Section 12. 

For short members such as half hinges, the assumption of the critical section being at the face of the 
member, can lead to the design moment being significantly below the correct value. In such cases the 
design moment should be determined from equilibrium considering the actual location of the forces in the 
supporting member. 

C9.3.1 ,2 and C9.3.1 .3 Effective width resisting compression of T- beams 

The provisions for T- beam construction have been adapted from the provisions in previous editions of 
NZS 3101. Special provisions related to T-beams and other flanged members are stated in 7.6.1.7 with 
regard to torsion. Provisions for flanges in tension under seismic conditions are given in 9.4.1.6. These 
requirements have been changed to make them consistent with the requirements for the contribution of 
slab reinforcement to the flexural tensile strength. 

For monolithic T- and L- beams, one-half only of the effective over-hanging parts of flanges, used for the 
evaluation of flexural strength in accordance with 9.3.1.2, should be included in the evaluation of the 
moment of inertia of the section. With this allowance flanged members with uniform depth, such as beams 
cast together with floor slabs, may be assumed to be prismatic. This assumption is intended to 
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compensate for the fact that the effective widths of flanges will vary along the span and that tension may 
prevail in the flange area over a considerable length. 

C9.3.1.4 Contribution of slab reinforcement to design strength of T and L beams 

The strain imposed on reinforcement in a slab, which is located near a beam, depends on the rotation 
sustained by the beam, the beam's depth and the distance of the reinforcement from the beam web. As 
the plastic rotation increases so the width over which reinforcement can contribute to the flexural strength 
increases. It follows that as curvatures in plastic regions increase so the width of slab over which 
reinforcement can contribute to strength increases. Hence different criteria are given for determining 
design strength, which involves limited plastic rotation, to overstrength, which involves plastic regions 
sustaining high rotations (see 9.4.1.6.1 and 9.4.1.6.2). 

Figure C9.1 illustrates some of the criteria listed in 9.3.1.4 for defining the slab reinforcement, which may 
be assumed to act with the beam to increase the design flexural strength. 

For reinforcement in an outstanding flange to act effectively it must be effectively tied into the beam to 
enable the shear force between the flange and beam web to be sustained, See Figure C9.2, unless the 
proportion of this reinforcement is low (15% of total). To satisfy this requirement some transverse 
reinforcement in slab must either pass below the longitudinal bars anchoring the stirrups in the beam, or 
be bent down into the beam as illustrated in Figure C9.3. Without this reinforcement a shear failure may 
occur as illustrated in Figure C9.2 and the contribution of the longitudinal reinforcement in the flange may 
be lost. This type of shear failure may only occur if there is an appreciable quantity of reinforcement in the 
slab. For this reason 9.4.1 .6.1 (b)(i) limits the amount of reinforcement in each flange that may be counted 
as contributing to flexural strength to 15 percent unless a strut and tie or equivalent analysis indicates it is 
adequately tied into the beam. 

In major T- beams, the distribution of the negative moment tension reinforcement for control of crack 
widths at service load should take into account two considerations: 

(a) Wide spacing of the reinforcement across the full effective width of flange may cause some wide 
cracks to form in the slab near the web, and 

(b) Close spacing near the web leaves the outer regions of the flange unprotected. 

To avoid possible formation wide cracks in the flanges of T-beam construction some reinforcement should 
be spread over regions which may be subjected to tension due to bending of the beam. 

Edge of slab — 



Critical section 
of plastic hinge 




(a) Plan of beam framing into a 
column near free edge of slab 



d f smaller of h^ or 8 t 

(b) Sectional elevation on beam framing 
into column in presence of a slab 



Figure C9.1 - Effective flange width of beams used for calculating nominal negative moment 

flexural strength concrete floor systems 9 1 
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C9.3.1.5 Floor finishes 

This Standard does not specify an additional thickness for wearing surfaces subjected to unusual 
conditions of wear. Whether or not the separate finish is structural, the need for added thickness for 
unusual wear is left to the discretion of the designer. 

It is permissible to include a separate finish for strength purposes in the structural thickness if composite 
action is ensured in accordance with Section 18 and diaphragm action, where required, is ensured in 
accordance with Section 13. 

All floor finishes may be considered for non-structural purposes such as cover and fireproofing. Provisions 
should be made, however, to ensure that the finish will not spall off, thus causing decreased cover. 

C9.3.1.6 Deep beams 

This Standard does not contain detailed requirements for the design of deep beams for flexure but states 

that non-linearity of strain distribution and lateral buckling must be considered. 

Suggestions for the design of deep beams for flexure are given in References 9.2, 9.3, 9.4. The strut and 
tie approach is a particularly useful method for designing deep beams. 

C9.3.5 Distance between lateral supports of beams 

Tests have shown that laterally unbraced reinforced concrete beams of any reasonable dimensions, even 
when very deep and narrow, will not fail prematurely by lateral buckling provided the beams are loaded 
without lateral eccentricity that could cause torsion 94 . 

Laterally unbraced beams are frequently loaded off-centre (lateral eccentricity) or with slight inclination. 
Stresses and deformations set up by such loading become detrimental for narrow, deep beams, more so 
as the unsupported length increases. Lateral supports spaced closer than 50b may be required by actual 
loading conditions. 

C9.3.6 Control offlexural cracking 

C9.3.6.1 General 

Unsightly cracking and cracking likely to lead to corrosion of reinforcement should be avoided. Wide 

cracks can also reduce the shear strength of a member. 

C9. 3.6.2 Beams and one-way slabs 

Flexural cracking is particularly important when reinforcement with a yield strength greater than 400 MPa 
is used. Extensive laboratory work 9 5 ' 96, 9 " 7, 9 8 and 9 9 has shown that crack width at service loads is 
proportional to steel stress. Significant variables affecting the detailing were found to be the thickness of 
concrete cover and the area of concrete in the zone of maximum tension surrounding each individual 
reinforcing bar. Better crack control is obtained when the reinforcement is well distributed over the zone of 
maximum concrete tension. Several bars at moderate spacing are much more effective in controlling 
cracking than one or two larger bars of equivalent area. 
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Figure C9.2 - Potential shear failure surface and shear flows 
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as shown 




(a) Internal beam 



(b) External beam 



Figure C9.3 - Effective reinforcement providing slab shear connection to beam 

C9. 3.6.3 Skin reinforcement 

For relatively deep flexural members some reinforcement should be placed near the vertical faces of the 
tension zone to control cracking of the web 9 10 . Without this reinforcement wide cracks can form its webs 
and these can lead to a significant reduction in the shear strength. 

C9.3.7 Control of deflections 

C9.3.7.1 Minimum thickness 

Deflections can be controlled by either the minimum thickness requirements or by calculating deflections 

and ensuring that they do not exceed stipulated allowable values. 

C9.3.8 Longitudinal reinforcement in beams and one-way slabs 

C9.3.8.1 Maximum longitudinal reinforcement in beams and one-way slabs 

The maximum value of the neutral axis depth, c, of beams and one-way slabs at the ultimate limit state is 
limited to 0.75 of the neutral axis depth at balanced strain conditions, c b (see 7.4.2.8), in order to ensure a 
level of ductile behaviour. The ductility of a member is dependent on the value of s c Ic achieved at the 
critical section, where s c is the ultimate concrete compressive strain, and hence a relatively small value for 
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c indicates ductile behaviour. At the ultimate limit state it is important that c < c b so that the strain in the 
main tension reinforcement will have exceeded the yield strain of the steel when the concrete strain 
reaches its ultimate compressive value. This will ensure that the member will not fail until a relatively large 
deflection is reached and with wide cracks in the tension zone giving ample warning of impending failure 
(a ductile failure condition). If at the ultimate limit state c > c b the member will fail with consequent small 
deflection and little warning of impending failure since the tension reinforcement will not have yielded and 
the crack widths will be small (a brittle failure condition). 

The magnitude of the neutral axis depth, c, depends on the shape of the cross section of the member, the 
areas and location of the reinforcement and the material strengths f' c and f y . The requirement of 9.3.8.1, 
that c should not exceed 0.75c b , will govern the maximum permitted amount of tension reinforcement in a 
member. Members with compression reinforcement can contain greater amounts of tension reinforcement 
since only that portion of the total tension steel balanced by compression in the concrete will need to be 
limited. 

It is considered that the requirement c < 0.75 c b will provide sufficiently ductile behaviour of members 
without axial compression for most designs. One condition where greater ductile behaviour may be 
required is in design for redistribution of moments in continuous beams, two-way slabs and frames. 
Moment redistribution is dependent on adequate ductility being available at plastic hinge regions and in 
6.3.7.2(f) the maximum amount of tension reinforcement is controlled by relating the neutral axis depth to 
the amount of moment redistribution permitted. 

Another reason for limiting c to less than 0.75 c b is it ensures that small variations in the actual concrete 
strength have little influence on the flexural strength. 

C9.3.8.2 Minimum longitudinal reinforcement in beams and one-way slabs 

C9.3.8.2.1 and C9.3.8.2.2 Minimum reinforcement in beams A2 

The provisions for a minimum amount of tension reinforcement applies to beams, which for architectural or 
other reasons, are much larger in cross section than required by strength considerations. With a very 
small amount of tension reinforcement, the computed moment strength as a reinforced concrete section 
becomes less than that of the corresponding unreinforced concrete section computed from its modulus of 
rupture. Failure in such a case can be sudden. 

To prevent such a failure, a minimum of tension reinforcement is required and 9.3.8.2.1 takes into account 
the possible use of high strength concrete and the different requirement for a T-beam with the flange in 
tension. This requirement is to ensure that the flexural strength of the section (after cracking) is at least 
equal to the moment when cracking first occurs computed using the modulus of rupture of the concrete. 
The requirement applies to both the positive and negative moment regions of a beam. Table C9.1 
contains values for p m \ n = AJb w d given by 9.3.8.2.1 for rectangular beams for the usual range of concrete 
and steel strengths. 

Table C9.1 - Values of p min given by 9.3.8.2.1 for rectangular beams 



(MPa) 


f y = 300 MPa 


f y = 500 MPa 


25 


0.0047 


0.0028 


30 


0.0047 


0.0028 


40 


0.0053 


0.0032 


50 


0.0059 


0.0035 



C9.3.8.2.3 Reduced minimum reinforcement | A2 

The minimum reinforcement required by 9.3.8.2.1 and 9.3.8.2.2 must be provided except where both 
positive and negative reinforcement are one-third greater than required for flexural strength by analysis. 
This exception provides sufficient additional reinforcement in large members where an area given by 
9.3.8.2.1 and 9.3.8.2.2 would be excessive. This reduction is not permitted for beams where their flexural A2 
strength contributes to the lateral strength of the structure. The reinforcement in this situation is required 
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P2 I to ensure that beams have adequate ductility to sustain actions not normally considered in analysis, such 
' as vertical seismic actions. 

C9. 3-8-2.4 Minimum reinforcement in slabs and footings 

The minimum reinforcement required for slabs is somewhat less than that required for beams, since an 
overload would be distributed laterally and a sudden failure would be less likely. The structural 
reinforcement should, however, be at least equal to the shrinkage and temperature reinforcement, as 
required by 8.8.1. 

Soil supported slabs, such as slabs on grade, are not considered to be structural slabs in the context of 
this clause, unless they transmit vertical loads from other parts of the structure to the soil. Reinforcement, 
if any, in soil-supported slabs should be proportioned with due consideration of all design forces. Raft 
foundations and other slabs which help support the structure vertically should meet the requirements of 
this clause. 

C9.3.8.4 Maximum diameter of longitudinal beam bar in internal beam column joint zones 

(a) Where the critical load combination for flexure in a beam at the face of a column includes earthquake 
actions the limiting bar size is limited by Equation 9-2 to prevent premature slipping of the bar. This 
equation is a modified form of that in 9.4.3.5.2, but the coefficient has been modified to recognise the 
change in strength reduction factor, structural performance factor, overstrength factors and the 
reduced number of peak stress cycles that occur in a nominally ductile structure compared with a 
ductile structure. 

(b) Where earthquake load combinations are not critical the bar diameter may be increased in some 
cases above that given in Equation 9-2. Equation 9-3 is based on the average bond stress being 

limited to a maximum value of 1 .5 a f ^ . 

A2 C9.3.8.5 Anchorage of beam bars using hooks in beam column joints 

The hook on a beam bar anchored in a beam column joint must be given the maximum possible 
development length. In all cases the development length measured from the face of the column where the 
bar enters the joint zone, must be greater than the development length defined in 8.6.10. 

C9.3.9 Transverse reinforcement in beams and one-way slabs 

C9. 3.9.1 General 

Transverse reinforcement is required in beams to prevent inelastic buckling of compressed longitudinal 

bars in beams and one-way slabs and to resist shear and torsion. 

C9.3.9.2 Diameter and yield strength of transverse reinforcement 

Limiting the design yield strength of shear and torsion reinforcement to 500 MPa provides a control on 

diagonal crack width. 

C9.3.9.3 Design for shear 

C9. 3.9.3.1 Design shear force adjacent to supports 

The closest inclined crack to the support of the beam in Figure C9.4 will extend upwards from the face of 
the support reaching the compression zone about d from the face of the support. If loads are applied to 
the top of this beam, the stirrups across this crack are stressed by loads acting on the lower freebody in 
Figure C9.4. The loads applied to the beam between the face of the column and the point d away from 
the face are transferred directly to the support by compression in the web above the crack. Accordingly, 
the Standard permits design for a maximum shear force V* at a distance d from the support for non- 
prestressed members. Two things are emphasised: first, stirrups are required across the potential crack 
designed for the shear at d from the support, and second, a tension force exists in the longitudinal 
reinforcement at the face of the support. 
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Figure C9.4 - Free body diagrams of each end of a beam 
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Figure C9.5 - Location of critical section for shear in a member loaded near bottom 
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Figure C9.6 - Typical support conditions for locating factored shear force V*(a) 
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Figure C9.7 - Typical support conditions for locating factored shear force V* (b) 
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Figure C9.8 - Typical support conditions for locating factored shear force V* (c) 
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Figure C9.9 - Typical support conditions for locating factored shear force V*(d) 

In Figure C9.5, loads are shown acting near the bottom of a beam. In this case, the critical section is 
taken at the face of the support. Loads acting near the support should be transferred across the inclined 
crack extending upward from the support face. The shear force acting on the critical section should 
include all loads applied below the potential inclined crack. 

Typical support conditions where the shear force at a distance d from the support may be used include: 

(a) Members supported by bearing at the bottom of the member, such as shown in Figure C9.6; and 

(b) Members framing monolithically into another member as illustrated in Figure C9.7. 
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Support conditions where this provision should not be applied include: 

(a) Members framing into a supporting member in tension, such as shown in Figure C9.8. For this case, 
the critical section for shear should be taken at the face of the support. Shear within the connection 
should also be investigated and special corner reinforcement should be provided; 

(b) Members for which loads are not applied at or near the top of the member. This is the condition 
referred to in Figure C9.5. For such cases the critical section is taken at the face of the support. 
Loads acting near the support should be transferred across the inclined crack extending upward from 
the support face. The shear force acting on the critical section should include all loads applied below 
the potential inclined crack; 

(c) Members loaded such that the shear at sections between the support and a distance d from the 
support differs radically from the shear at distance d. This commonly occurs in brackets and in 
beams where a concentrated load is located close to the support, as shown in Figure C9.9 or in 
footings supported on piles. In this case the shear at the face of the support should be used. 

C9.3.9.3.2 Design of shear reinforcement 

The design shear force is assumed to be resisted by the contribution of the concrete, V C} and by the shear 

reinforcement, V$. 

C9.3.9.3.3 Maximum nominal permissible shear strength and effective shear area 

To guard against diagonal compression failure of the web mainly due to truss action, the total nominal 

shear strength, V n is limited. 

C9.3.9.3.4 Nominal shear strength provided by concrete for normal density concrete, V c 
Tests on reinforced concrete beams have shown that the shear stress sustained at failure decreases as 
the size of the beam increases and as the size of the aggregate particles decrease 91 °. The effect is more 
marked in beams without shear reinforcement than in those with shear reinforcement. This decrease in 
shear stress sustained at failure (or diagonal tension failure) has been known for a considerable period of 
time 9 11 . This effect is allowed for in a number of codes of practice 9 " 12, 9 ' 13 9 " 14 , while being ignored in 
others such as former editions of NZS 3101 and ACI 318. Neglecting the decrease in shear strength with 
size can lead to members being designed with a factor of safety well below unity. Tests have shown that 
in some cases 910 the measured shear strength was less than half the value predicted by NZS 3101:1995. 

The shear stress that can be sustained in the flexural tension zone of a beam depends on the shear 
transfer across cracks. This action is known as aggregate interlock action or interface shear transfer. As 
crack widths increase shear transfer decreases consequently the shear stress that can be sustained at 
failure decreases. It is found that as beam depths increase the crack width in the mid-depth region of the 
flexural tension zone increases and this leads to the observed decrease in shear stress at failure 9 10 . The 
use of either longitudinal reinforcement or stirrups in the web of the beam helps control crack widths, and 
hence this reinforcement reduces the loss in v c , as the depth of the beam is increased. 

The value of concrete strength, which may be used to calculate V c is limited to 50 MPa. This limit is 
imposed as it has been found that with high strength concrete the larger aggregates can split in tension, 
which reduces shear transfer by aggregate interlock action and hence reduces the shear strength. 

In beams that contain either shear reinforcement in excess of the nominal value, as indicated in 
9.3.9.4.15, or longitudinal reinforcement spread through the flexural tension zone as indicated in 
9.3.9.3.4(d) the loss in shear resistance with increasing size is small. This occurs as the shear and/or 
longitudinal reinforcement reduces the crack widths in mid-region of the flexural tension zone, thus 
maintaining a higher level of shear resistance by aggregate interlock action. As most beams contain 
either nominal shear reinforcement (9.3.9.4.12) or nominal longitudinal reinforcement (2.4.4.5) the 
decrease in shear stress sustained by the concrete with increasing depth is small. However, the depth 
factor, /c d , has a major influence on thick slabs such as are found in footing, as these elements are exempt 
from the requirement for nominal shear reinforcement when the design shear force, V* lies between 
0.5^\Z C and #V C , see 9.3.9.4.13. 
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C9.3.9.3.5 Nominal shear strength provided by the concrete for lightweight concrete 

Two alternative procedures are provided to modify the provisions for shear and torsion when lightweight 

aggregate concrete is used. The lightweight concrete modification applies only to the terms containing 

^f c in the equations for shear and torsion: 

(a) The first alternative bases the modification on laboratory tests to determine the relationship between 
splitting tensile strength f ct and the compressive strength f' c for the lightweight concrete being used. 

For normal density concrete, the splitting tensile strength f ct is approximately equal to ^f /1.8 9 - 15 - 9 - 16 . 

(b) The second alternative bases the modification on the assumption that the tensile strength of 
lightweight concrete is a fixed fraction of the tensile strength of normal weight concrete 9 ' 17 . The 
multipliers are based on data from tests 9 " 18 on many types of structural lightweight aggregate 
concrete. 

C9.3.9.3.6 Nominal shear strength provided by shear reinforcement 

Considerable research has indicated that if certain assumptions are made regarding the inclination of 
diagonal compression forces in the web of beams, shear reinforcement is only required to resist the shear 
which exceeds that causing diagonal cracking (Reference 9.19). 

C9.3.9.4 Design of shear reinforcement in beams 

Equations 9-7, 9-8 and 9-9 are for the contribution of shear reinforcement to shear strength are based on 
the assumption that the diagonal compression forces in the web will develop at an angle of tan'V to the 
flexural tension force. The value of j is equal to the ratio of the internal lever-arm to the effective depth. 
The value of V c given in 9.3.9.3.4 is associated and consistent with this assumption. 

The alternative is to use the strut and tie method of designing shear reinforcement. This approach allows 
the angle of the diagonal compression forces in the web to range between tan" 1 (2.0) to tan" 1 (0.5), but in 
this case the contribution of the shear resisted by the concrete must be disregarded (V c = 0). In using the 
strut and tie method caution should be exercised. The use of diagonal compression forces approaching 
the minimum permitted inclination can, in some cases, lead to wide diagonal cracks developing in the 
serviceability limit state. 

Equations 9-7, 9-8 and 9-9 are presented in terms of shear strength V s attributed to the shear 
reinforcement. Research 9 - 20,9 - 21 has shown that shear behaviour of wide beams with substantial flexural 
reinforcement is improved if the transverse spacing of stirrup legs across the section is reduced. 

Equations 9-7 and 9-8 are consistent with the assumption that the diagonal compression forces in the 
web are inclined at an angle of ten" 1 ) to the longitudinal axis of the member. 

C9.3.9.4.8 Angle of shear reinforcement not parallel to applied shear 

In a circular member adjacent stirrups, hoops or spirals, will cross a diagonal tension crack at different 
angles. Only the component of the force that this reinforcement can resist in the direction of the applied 
shear force contributes to the shear strength. To allow for this effect the shear resistance provided by 
A2 I hoops or spirals in circular members is given by: 

V s =^\f y — (Eq.C9-1) 

2 s 

A2 | Where A h is the cross section of the bar in the hoop (one leg) or spiral and s is the spacing of this 
reinforcement along the axis of the member and d" is the centre-to-centre dimension of the outside stirrup, 
hoop or spiral. 

C9. 3.9.4.10 Location and anchorage of shear reinforcement 

It is essential that shear (and torsion) reinforcement be adequately anchored at both ends to be fully 
effective on either side of any potential inclined crack. This generally requires a hook or bend at the end 
of the reinforcement. 
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C9.3.9.4.12 Spacing limits for shear reinforcement 

It is very important that the spacing of shear reinforcement is close enough to ensure that it all crosses 

potential diagonal tension cracks. 

C9. 3.9.4.1 3 Minimum area of shear reinforcement 

A minimum area of shear reinforcement is required in most beams where the design shear force, V* 
exceeds half the design shear strength provided by the concrete, (j)V c . Exceptions to this requirement are A2 
allowed for beams, slabs, and rib construction and floor slabs constructed with pretensioned floor units, 
where these have a total thickness and web spacing width equal to or less than the appropriate limits 
stated in the 9.3.9.4.13. 

There is little information available on the shear strength of composite floors built up with pretensioned 
precast units and in situ concrete topping in the regions close to supports where negative moments may 
be induced by lateral forces. In such zones, the negative moments reduces the shear strength well below 
that corresponding to the case where there is a simple support. Generally, the requirement for a minimum 
amount of shear reinforcement to be contained in pretensioned units used in floors when the design shear 
action, V*, exceeds half the design shear strength is waived, provided the overall depth of construction is 
less than 400 mm and the clear gap between webs is less than 750 mm. However, shear reinforcement 
is still required when V* is equal to or greater than the design shear strength provided by the concrete. It 
should be noted that V c close to support points is greatly reduced if the loading case introduces negative 
moments or tension into the composite concrete topping and precast unit. Clauses 19.3.11.2.4 and 
C19.3.1 1 .2.4 describe how the value of V c can be determined in this situation. 

C9.3.9.6.1 Extent of transverse reinforcement 

Compression reinforcement in beams or girders must be enclosed to prevent buckling. It is considered 

good practice to enclose all longitudinal bars where practicable. 

C9.3.10 Special provisions for deep beams 

C9.3.10.2 Design methods 

The behaviour of a deep beam is discussed in References 9.22, 9.23 and 9.24. For a deep beam 
supporting gravity loads, this section applies if the loads are applied on the top of the beam and the beam 
is supported on its bottom face. If the loads are applied through the sides or bottom of such a member, 
the design for shear should be the same as for ordinary beams. 

The longitudinal reinforcement in deep beams should be extended to the supports and adequately 
anchored by embedment, hooks, or welding to special devices. Bent-up bars are not recommended. 

Deep beams can be designed using strut-and-tie models, regardless of how they are loaded and 
supported. Clause 9.3.1.6 allows the use of non-linear stress fields when proportioning deep beams. 
Such analyses should consider the effects of cracking on the stress distribution. 

C9.3.10.3and C9.3.10.4 Vertical and horizontal shear reinforcement 

Tests' 922, 923, 9 24 have shown that vertical shear reinforcement is more effective than horizontal shear 
reinforcement. The maximum spacing of bars has been reduced from 450 mm to 300 mm because this 
steel is provided to restrain the width of the cracks. 

C9.3.1 1 Openings in the web 

C9.3.11.1 General 

These recommendations have been largely restricted to the restatement of general principles in "good 
engineering practice". There is relatively little in the literature 925 that is relevant to seismic conditions, for 
which, in principle, more stringent rules should apply. 
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C9.3.1 1 .2 Location and size of openings 

Openings must be located in such a way that no potential failure planes, passing through several 
openings, can develop. In considering this the possible reversal of the shear forces, associated with the 
development of the flexural overstrength of the members, should be taken into account. 

Small openings with areas not exceeding those specified are considered not to interfere with the 
development of the strength of the member. However, such openings must not encroach into the flexural 
compression zone of the member. Therefore the edge of a small opening should be no closer than 0.33d 
to the compression face of the member, as required by 9.3.11.4. Where two or more small openings are 
placed transversely in the web the distance between the outermost edges of the small openings should be 
considered as being equivalent to the height of one large opening and the member should be designed 
accordingly. 

C9.3.11.3 Larger openings 

Parts of the web adjacent to an opening, larger than that permitted by 9.3.11.2, should be subjected to 

rational analysis to ensure that failure of the member at the opening cannot occur under the most adverse 

load conditions. This will require the design of orthogonal or diagonal reinforcement around such 

openings. 

C9. 3.1 1.4 Location and size of large openings 

More severe restrictions apply where the largest dimension of an opening in the web exceeds 0.25d. 

Openings of this size are not permitted in areas of the member where the nominal shear stress exceeds 

0.4 -^ or in a region closer than 1.5/? to the critical section of a plastic hinge. The dimension of the 

opening at right angles to the axis of the member must not exceed 0.4d. The horizontal clear distance 
between adjacent large openings in a beam should not be less than twice the length of the opening or the 
depth of the member. 

C9.3.1 1 .5 Reinforcement in chords adjacent to openings 

Rational analysis should be used to assign appropriate fractions of the total shear force to each of the 
chords above and below the opening through the web of a beam. In this the effects of axial forces and 
consequent cracking on the stiffness of each chord should also be considered 9 ' 25 . Alternatively it may be 
assumed that the stiffness of the tension chord is negligible and therefore the entire shear resistance may 
be assigned to the compression chord. This approximation is implied in the example shown in 
Figure C9. 10. The amounts, locations and anchorages of the longitudinal reinforcement which may be 
required in addition to the primary flexural reinforcement of the beam, should be determined from first 
principles so as to resist 1.5 times the moment induced in the chords only by the shear force across the 
opening. Similarly, shear reinforcement in the chords adjacent to the opening must resist 150 % of the 
design shear force. This is to ensure that no failure should occur as a result of the local weakening of the 
member due to the opening. Effective diagonal reinforcement above or below the opening, resisting 1.5 
times the shear and moment, may also be used. 
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Figure C9.10 - Detail of requirements at a large opening in the web of a beam 
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C9.3.1 1 .6 Reinforcement in webs adjacent to openings 

At either side of an opening where the moments and shear forces are introduced to the full section of a 
beam, horizontal splitting or diagonal tension cracks at the corners of an opening are to be expected. To 
control these cracks transverse reinforcement, resisting at least twice the design shear force, must be 
provided on both sides of the opening. Such stirrups can be distributed over a length not exceeding 0.5d 
at either side immediately adjacent to the opening. 

Typical details of reinforcement around a large opening in the web of a beam subjected to predominant 
positive moment, complying with these requirements, are shown in Figure C9.10. 



C9.4 Additional design requirements for structures designed for earthquake effects 
C9.4.1 Dimension of beams 

C9 A 1 .2 Beams with rectangular cross sections 

The criteria for the relationship between clear span, depth and breadth of rectangular flexural members 
are based on dimensional limitations of the British Code of Practice CP 110 (1972) 926 . It was recognised, 
however, that stiffness degradation occurs in a flexural member during reversed cyclic loading in the yield 
range. Hence only one-half of the maximum slenderness ratios in CP 110 have been allowed. It has also 
been assumed that a continuous beam subjected to end moments due to lateral forces is equivalent to a 
cantilever with a length equal to two-thirds of that of the continuous beam and having an effective length 
factor of 0.75. The correspondingly adjusted CP 110 recommendations result in Equations 9-11 and 
9-12. 

C9.4.1 .3 Cantilevered beams 

For cantilevers a similar procedure was used. In this case the true length of the member with an effective 
length factor of 0.85 was considered, and the free end was not considered to be restrained against lateral 
movement. For bridge piers the criteria stated in Equations 9-13 and 9-14 will not be appropriate if 
diaphragm action of the superstructure can be relied upon. However, if these equations are not used for 
bridge piers special studies should be conducted to establish that lateral buckling will not be a problem. 

C9.4.1 .4 T- and L- beams 

The contribution of flanges, built integrally with a web, to the stability of T- and L-beams has been 
recognised by allowing the maximum values of the length to breadth ratio, LJb Wl for rectangular flexural 
members to be increased by 50 %. Note that the restrictions of Equations 9-12 and 9-14 remain the 
same as for rectangular beams. 

The breadth to depth ratios and depth to length ratios are shown in Figure C9.1 1 as functions of the length 
to breadth ratio. These rules allow a more uniform design approach to beam, column and wall sections. 

C9.4.1.5 Width of compression face of members 

The minimum width of the compression face of flexural members is specified as 200 mm. 
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Figure C9.11 - Dimensional limitations for members 

C9.4.1.6.1 Contribution of slab reinforcement to design strength of beams 

For reinforcement in an outstanding flange of a ductile plastic region containing an appreciable proportion 
of reinforcement to act reliably under repeated inelastic cyclic loading conditions it must be effectively tied 
into the beam to enable the shear force to be sustained between the flange and beam web. This is 
illustrated in Figure C9.2. Hence the requirement in 9.3.1.4(b)(1), which is for nominally ductile plastic 
regions, is reduced for ductile and limited ductile plastic regions, as these are designed to sustain to 
repeated inelastic deformation. The limit on the proportion of longitudinal reinforcement in an outstanding 
flange that may be assumed to contribute to flexural strength of the beam to 15 percent for nominally 
ductile plastic regions is reduced to 10 percent for ductile and limited ductile plastic regions. Hence for 
ductile and limited ductile plastic regions the requirement to tie a flange the web is increased. To satisfy 
this some transverse reinforcement in slab must either pass below the longitudinal bars anchoring the 
stirrups in the beam, or be bent down into the beam as illustrated in Figure C9.3. Without this 
reinforcement a shear failure may occur as illustrated in Figure C9.2, and the contribution of the 
longitudinal reinforcement in the flange to strength may be lost. 

The width of slab that is mobilised to act with the beam increases with the curvature. The requirements in 
this clause are intended to give the design strength that can be sustained at relatively small section 
ductility levels. 
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The way in which reinforcement in a reinforced concrete slab can act to increase the strength of a beam in 
a moment resisting frame is outlined in references 9.27 and 9.28. 

C9.4. 1.6.2 Contribution of slab reinforcement to overstrength of plastic region in a beam 
This is an area of active research and the full mechanisms of the interaction of beams and floor slabs is 
not well understood. It is hoped that future research will increase our understanding. Consequently the 
requirements in this clause are tentative. 

Tests have shown that the interaction of floor slabs, particularly when they contain prestressed units, can 
greatly increase the bending moment resisted by the beam. 9 1 ' 928 ' 929 , 930 and 931 . The extent of this 
strength increase is considerably greater than has been implied in earlier editions of NZS 3101. It is 
particularly important that this aspect is considered in capacity design so that non-ductile failure 
mechanisms can be avoided. 

To capture the maximum likely overstrength moment under high section ductility levels additional 
reinforcement in the flanges, compared to that assumed to contribute to the design strength, needs to be 
included in calculations. For this reason, different criteria are given for determining the effective flange 
widths for strength than for overstrength. 

Figure C9.12 illustrates some assumptions made in assessing the overhanging flange width made in 
overstrength calculations at plastic regions corresponding to 9.4.1.6.2(a), (b) (c) and (e). 
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Figure C9.12 - Flange widths for calculating overstrength moments 

A2 | Parts (b) and (e) of 9.4.1.6.2 deal with the situation where an outstanding flange to a beam meets a 
transverse beam. Elongation in plastic a plastic region in the beam generally creates wide cracks in the 
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concrete at the interface of the overhanging flange and transverse beam. Consequently, reinforcement 
crossing this interface may be stressed close to its ultimate stress. Hence the overstrength force in the 
reinforcement at such sections is taken as 1.1 <p Q ^ f v . The situation described by 9.4.1.6.2 (e) is complex, 
and a rational method of assessing the likely overstrength at such locations has not been developed 932 . 

Part (d) of 9.4.1 .6.2 considers the case where the effective overhanging flange contains prestressed units, 
which span past the plastic region or regions in the beam. 

The overall mechanism of interaction of an outstanding flange containing prestressed units, where these 
units span past a column, is illustrated in Figure C9.13. Part (a) of this figure shows how the slab restrains 
elongation of the beam due to the formation of plastic hinge zones adjacent to the central column. The 
linking slab acts to restrain the elongation by a truss like manner. Diagonal compression forces develop 
between diagonal cracks with the tension force normal to the beam being resisted by reinforcement. The 
area of each bar resisting the transverse component of the diagonal compression forces is shown as Ar 
on the figure. The total area of transverse reinforcement, A, in Equation 9-17, is equal to the sum of all 
the Ar areas within the distance x. Likewise the reinforcement area, A^, in the same equation is equal to 
the total area of longitudinal reinforcement in the effective overhanging flange width. Tests have indicated 
that the cracks develop at close to 30° to the axis of the beam. The transfer of shear by this truss like 
action is illustrated in part (c) of the figure. The horizontal shear transfer across the linking slab applies a 
tension force to the prestressed units at mid-height of the topping concrete. This places the prestressed 
unit and associated topping concrete member in negative flexure, causing it to hog up. The differential 
vertical movement results in the linking slab being subjected to flexure and consequently transferring 
vertical shear between the beam and prestressed unit. The beam is pulled up and the prestressed unit is 
pulled down by this shear as illustrated in Figure C9.13 (d) 
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Figure C9.13 - Transfer of horizontal and vertical shear forces across linking slab 
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The tensile capacity of composite overhanging flange can be assessed in two components as outlined in 
(a) and (b) below. 

(a) The tensile capacity of longitudinal reinforcement in the topping concrete is based on an assumed 
upper stress limit of 1 . 1 f y . This value is intended to represent an average stress level in reinforcement 
in the in situ topping concrete away from the ends of the prestressed units. Strain levels are not 
sufficient to cause appreciable strain hardening. The 1.1 allows for the fact that f y is a lower 
characteristic strength and hence the stress level needs to be increased to correspond to an average 
value. 

(b) The tensile resistance provided by the precast units is calculated for a tension force, 7~ p , acting at the 
mid-hejght of the in situ topping concrete, as this is the level where the actions are transferred to the 
beam. The prestressed unit on its own has virtually no capacity to resist any tension force acting in in 
situ concrete. In precast prestressed units, such as hollow-core, stem or tee beams, which are 
designed basically to provide resistance to gravity loads, the pretensioned reinforcement is located 
close to the bottom surface of the unit. Hence there is virtually no room for the compression force to 
drop below the prestressed reinforcement and there is virtually no negative moment capacity, which 
results in the member not being able to sustain a tension force in the in situ concrete. In the unloaded 
unit the flexural compression force is coincident with the prestressing force (internal level-arm is zero 
as the bending moment is zero) as illustrated in Figure C9. 14(a). However, when a bending moment 
acts on the composite precast in situ member the centroid of the compression force rises above the 
prestressing steel, as illustrated in Figure C9. 14(b) so that the product of compression force and 
lever-arm is equal to the bending moment. Part (c) of this figure illustrates what happens when a 
tension force, 7" p , acts at the mid-height of the in situ concrete. It follows that 7" p can be found from 
equilibrium requirements assuming that the limiting position of the compression force centroid is 
coincident with the prestressing force. On this basis the value of T" p is given by equation 9-15 where 
the bending moment is divided by the distance between the tension force, 7" p , and the centroid of the 
prestressing force. 

The bending moment, M u resisted by the outstanding flange, is found assuming the composite in situ 
concrete and precast units act as an equivalent beam, which has a span equal to the length of the 
precast units. The loads acting on this equivalent beam consist of; 

(i) The dead load of the outstanding flange and the long-term live load acting on it; 

(ii) The vertical component of the shear force that can be transmitted between the web of the beam 
and the column face to the first precast unit by the slab linking these elements; 

(iii) The end moments, which are applied to the precast units at their support points. 

The vertical component of the shear force in the slab, which links the beam web and column face to 
the first precast unit, arises due to the differential vertical displacement between the beam web and 
the prestressed units and its value is found from the flexural strength of the linking slab. 

To determine the flexural strengths of the linking slab the interaction of the truss like action 
transferring horizontal shear and the flexural actions due to differential vertical movement needs to be 
considered. These two actions are illustrated in Figure C9.13 (c) and (d). The compressive strength 
is reduced by the diagonal cracks and hence the compressive strength available for resisting the 
diagonal compression forces has been assumed to be reduced from 0.85f c ' to 0.6f c ' ■ With this limit 
the compression stress in the concrete normal to the web of the beam corresponds to 0.15 times the 
concrete strength. However, as f' c corresponds to a lower characteristic strength a value of 0.2 f' c is 
used to bring it up to the likely strength of concrete. In the linking slab between the column face and 
the first precast unit there is no horizontal diagonal transfer and consequently in this location a stress 
in the concrete of 0.8 f' c is appropriate. Some reduction from 0.85 f' c is made as cracks can be 
expected in this zone. With these concrete stress limits, as illustrated in Figure C9.13 (d), the flexural 
strengths can be found from conventional flexural theory. In the calculations the yield stress of the 
reinforcement is taken as 1.1 f y , with the 1.1 factor increasing the stress to the likely average yield 
stress value. 
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Where there is reinforcement located in both the topping concrete and in the bottom of the precast 
units at their support points, positive moments can be applied to the precast units. This situation 
arises with hollow-core units where some of the cells are reinforced at their supports (see 
Figure C18.4 and Figure C18.5). This reinforcement allows a positive moment to be applied to the 
outstanding flange, which is equal to the critical force carried by the top or bottom reinforcement times 
the lever-arm to the other layer of reinforcement. As wide cracks are expected in the support 
A2 locations of the precast units the critical reinforcement stress is taken as 1.1$, p fyf y 

The capacity of an outstanding flange to contribute the flexural overstrength is limited either by its tension 
capacity, as found following 9.4.1.6 (a), (b), (c), (d), (e) or (f), or by the horizontal shear strength of the 
linking slab. Clause 9.4.1.6(g) establishes this shear strength limit. The first term in Equation 9-17 gives 
the tension force that is transmitted between the beam supporting the precast units and the overhanging 
flange and the second term gives the horizontal force that can be transmitted by the horizontal shear 
strength of the linking slab. The first term on the right hand side of the equation gives the tension force 
transferred to the slab from the supporting beam. All the reinforcement connecting the slab to the 
supporting beam that is located within the overhanging flange (area A equal to the sum of bar areas Ar) 
A2 contributes to this force. The width of the overhanging (b f ) depends upon whether it is an external or 
internal member, as illustrated in Figure C9. 13(a). The shear strength given by the second term is based 
on a strut angle of 30° and a reinforcement strength, which is a few percent above the design yield 
strength, to allow for the average strength being higher than the design value and for limited strain 
hardening. 
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Figure C9.14 -Calculation of tension force from pretensioned units 
which contribute to flexurai overstength of beam 

C9.4.1 .6.3 Diameter and extent of slab bars 

Principal beam bars may be situated in layers adjacent to columns, that is, in the areas shown in 
Figure C9.1. The diameter of these bars is limited to one fifth of the slab thickness because it would be 
difficult to prevent the inelastic buckling of larger size bars. Moreover, it is more difficult to ensure the 
force transfer from larger bars in the slab to the column core under predominantly earthquake actions. In 
any case, sufficient transverse reinforcement should be present in such slabs to ensure effective transfer 
of bond forces to the column core. 

C9.4.1 .7 Narrow beams and wide columns 

The effective width to be considered for wide columns and the treatment of eccentric beam column 
connections are discussed in C1 5.4.6 and C1 5.4.7. Frame details in which the axes of the beams and 
columns do not coincide should be avoided. 

C9.4.1 .8 Wide beams at columns 

Figure C9.15 illustrates this requirement which is intended to ensure that the beam is not greatly wider 
than the column in order to ensure that the longitudinal beam steel needed for seismic forces is kept 
reasonably close to the column core. 
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Figure C9.15 - Maximum width of beams 

C9.4.2 Potential yielding regions 

As indicated in C2.6.1.3 yielding of reinforcement, due to the formation of a plastic hinge, extends for an 
appreciable distance along a beam. Over this length, which is referred to as the potential yielding region, 
special detailing is required to prevent bars from buckling, confine the concrete and eliminate possible 
anchorage failure of bars. The three regions where plastic hinging could occur in beams are discussed 
below: 

(a) Regions adjacent to supporting columns, where both the top and the bottom reinforcement can be 
subjected to yielding in tension and compression due to reversed flexure (see Figure C9.16). 

(b) When a potential plastic hinge is deliberately relocated from a column face it should be designed so 
that its critical section is at least a distance equal to the member depth h or 500 mm away from the 
column face. This section will occur where the flexural reinforcement is abruptly terminated by 
bending it into the beam, or where a significant part of the flexural reinforcement is bent diagonally 
across the web, or where the narrow end of a haunch occurs. It is considered that under reversed 
loading yielding can encroach into the zone between the critical section and the column face. 
Therefore special transverse reinforcement must be placed at least 0.5ft or 250 mm before that 
section and extended over a distance of 2h to a point 1 .5h past the critical section into the span. Two 
examples are given in Figure C9.17. The detailing of such regions requires particular attention 94, 932 . 

(c) A plastic region may form in the positive moment region within the span of a beam where a negative 
moment plastic hinge cannot develop (see Figure C9.16 at section C). In this region the danger of 
buckling of the top compression bars is far less, since those bars will not have yielded in tension in a 
previous load cycle. Moreover such a plastic hinge is likely to be well spread and under yield 
conditions it will carry very low shear forces. Because of the variability of gravity loads during a major 
earthquake the position of the critical section of such plastic hinges may not be able to be determined 
with precision. 
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Figure C9.16 - Localities of plastic hinges where stirrup-ties are required 
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Figure C9.17 - Plastic hinges located away from column faces 
C9.4.3 Longitudinal reinforcement in beams of ductile structures 

C9.4.3.1 Development of beam reinforcement 

The bending moment envelope to be used is that corresponding to the formation of two plastic hinges in 
each span under the combined effects of seismic forces and gravity load. The moments at the plastic 
hinges are to be based on the flexural overstrengths of the sections as detailed. To ensure that the 
curtailed reinforcement is adequate for the moment demand between plastic hinges, the envelope should 
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also take into account the possibility of overstrength being developed at one plastic hinge of the beam 
while only the nominal moment is developed at the other plastic hinge. 

In some circumstances, when flexural overstrength is developed at the critical section of a plastic hinge 
region, some sections outside the plastic hinge region may develop greater than nominal flexural strength. 
The reinforcement should not be increased beyond the hinge to meet such a condition. However, 
reinforcement provided at the critical sections of the plastic hinges should not be terminated unless the 
continuing bars provide nominal flexural strength at least as great as the moment demand resulting when 
flexural overstrength is attained at either or both of the critical sections in the plastic hinge regions. 

C9.4.3.2 Anchorage of beam bars in columns or beam stubs 

Because of yield penetration from the face of a column toward its core, the length available for the 
development of the strength of beam bars is gradually reduced during cyclic reversals of earthquake 
actions. To ensure that the beam capacity is maintained after several excursions of the structure into the 
inelastic range, half the column depth or 8d b , whichever is less, is required to be disregarded for the 
purpose of anchorage. This ineffective development length to be assumed is illustrated in Figure C9.18. 

When bars are anchored short of the external column bars the area of the bars on the inside column face 
should be increased by 10 % above that required from strength calculations at the column face. Stopping 
the beam bars short of the column bars reduces the strength of the column for flexure associated with 
tension on the inside face of the column. 
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Figure C9.18 - Anchorage of beam bars when the critical section of the plastic hinge forms at the 

column face 

When the flexural reinforcement is curtailed in such a way that the critical section of a potential plastic 
hinge is at a distance from the column face of at least the beam depth or 500 mm, whichever is less, 
progressive yield penetration into the column is not expected. Only in this case may the development 
length for the beam bar be assumed to commence at the column face where the beam bar enters. This 
case is shown in Figure C9.19. 
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Figure C9.19 - Anchorage of beam bars when the critical section of the piastic hinge is at a 
distance from the column face of at feast the beam depth or 500 mm, whichever is less 

C9.4.3.2.2 Reinforcement of beam stubs 

The sloping bars or secondary reinforcement in Figure C9.20 indicate one-way by which anchorage of the 
beam bars can be boosted when in compression. Mechanical anchorage devices, such as plates welded 
to the end of the beam bars, while performing well when the bar to be anchored is in tension, should be 
tied back into the column core where the development length is inadequate to develop the strength of the 
bars in compression without the anchorage device. 
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Figure C9.20 - Anchorage of beam bars in a beam stub 

C9.4.3.2.3 Development length 

The provisions of 8.6.3.3(a) which reduce the anchorage length to less than that required for a bar at yield 
stress are unsafe for laps in regions adjacent to plastic hinge regions and for the lap zones at the ends of 
columns that are protected by capacity design. In such columns, the magnitude of the stresses in the 
longitudinal bars may approach yield. 

C9.4.3.2.4 Anchorage of diagonal bars in coupling beams 

Where diagonal or horizontal bars in a coupling beam are anchored in adjacent structural walls, the 

development length must be increased. This is in consideration of the likely adverse effect of reversed 
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cyclic loading on the anchorage of a group of bars and the fact that the concrete in the wall may be 
subjected to tension transverse to the anchored bars 1 



9.33 



C9.4.3.2.5 Bars to terminate with a hook or anchorage device 

These requirements at exterior columns are illustrated in examples of Figure C9.18 and Figure C9.19. 

When bars are anchored in or near a column core, the bearing stress developed in the bend is required to 
be directed towards the core to ensure sufficient force transfer within the joint. Therefore, the bending of 
bars away from the core, as illustrated by dashed lines in Figure C9.18 and Figure C9.19 is not permitted. 

When the moment demands, particularly those involving bottom reinforcement, are different at opposite 
faces of an interior column, some of the beam bars may be terminated at the interior column. This will 
enable the unnecessary boosting of flexural capacity to be avoided. Anchorage within the joint core of 
interior columns is permitted, provided that a standard hook located adjacent to the opposite face of the 
column is employed, see Figure C9.21. 



3 



to 
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Figure C9.21 - Termination of beam bars at an interior joint 

C9.4.3.3 Maximum longitudinal reinforcement in beams containing ductile plastic regions 
The ductility of a plastic hinge region in a beam is dependent on the value of the curvature ductility factor, 
(f^l^ , which can be achieved at the critical section, where fa = s c Ic is the ultimate curvature at the 
section, & is the ultimate concrete compressive strain, c is the neutral axis depth at the ultimate limit state, 
and (^ is the curvature at first yield at the section 9 4 . Moment-curvature analysis has shown that, with the 
other variables held constant, the available curvature ductility factor falfa is increased if the tension steel 
ratio p is decreased, the compression steel ratio p' is increased, the steel yield strength f y is decreased, 
and the concrete compressive strength f c is increased. 

Equation 9-18 will ensure that when the extreme fibre concrete compression strain is 0.004, an adequate 
curvature ductility factor of at least seven can be attained when either Grade 300 or 500 steel is used in a 
rectangular cross section with a compression reinforcement area equal to one-half of the tension 
reinforcement area 9 34 . An extreme fibre concrete compression strain of 0.004 is a lower bound for the 
commencement of crushing of the cover concrete when normal strength concrete is used. The 
confinement of the concrete core of the beam provided by stirrup-ties in the potential plastic hinge regions 
will ensure that the concrete core can sustain much higher strains than 0.004 and hence permit much 
higher (pj^ values (at least 20) to be reached accompanied by spalling of the cover concrete. 

Values of p max given by Equation 9-18 are shown in Table C9. 2. Equation 9-18 indicates that p max 
increases with concrete strength. However, the analysis on which the equation was based was only 
conducted for concrete strengths up to about 35 MPa 9 34 . It is specified that p max is not to exceed 0.025 
since that steel ratio is regarded as a practical maximum. It is also to be noted that to control the quantity 
of shear reinforcement required in beam column joints it is expedient to limit the tension steel ratio in 
beams to much less than 0.025. 



C9.4.3.4 Minimum longitudinal reinforcement in beams containing ductile plastic regions 
(a) The area of compression reinforcement should be at least equal to one-half of the area of tension 
reinforcement, in order to ensure adequate ductility at potential plastic hinge regions, and to ensure 
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that a minimum of tension reinforcement is present for moment reversal. With less compression 
reinforcement the tension reinforcement ratio would have to be reduced considerably, in order to 
ensure that reasonable curvature ductility is available. When the area of the longitudinal compression 
reinforcement A' s is greater than one-half of the area of the longitudinal tension reinforcement A,, the 
Pmax given by Equation 9-18 could be increased. For example, if A$ = 0.75 >A S) p max given by 
Equation 9-18 could be increased by at least 30 % 934 . The requirement that A$ shall at least equal 
0.5v4 s need not be complied with for T- or L- beams subjected to positive bending moment, with the 
compression flange being part of a cast-in-place floor slab, due to the large width of compressed area 
of concrete. 

Table C9.2 - Values of p max given by Equation 9-18 



f'c 

(MPa) 


f y = 300MPa 


f y = 500 MPa 


25 


0.0194 


0.0117 


30 


0.0222 


0.0133 


40 


0.0278 (1) 


0.0169 


50 


0.0333 <1) 


0.0200 


NOTE — 

(1 ) Pmax is not permitted to exceed 0.025. 



(b) It is required that the tension reinforcement ratio should at least equal ^f' c /(4f y ) over the full length of 

the beam to avoid a sudden failure at first cracking (see C9. 3.8. 2.1). 

(c) It is required that the top reinforcement along the beam should not be reduced to less than one- 
quarter of the top reinforcement at either end. Also at least two reasonable size longitudinal bars 
should exist in both the top and the bottom of the beam throughout its length. This is to ensure 
continuity of reinforcement and some positive and negative moment capacity throughout the beam, in 
order to allow for unexpected deformations and moment distributions from severe earthquake actions. 

C9.4.3.5 Maximum diameter of longitudinal beam bars passing through interior joints of ductile structures 
At interior beam column joints, such as shown in Figure C9.21, extremely high bond stresses can develop 
when a frame sustains large inelastic deformations due to seismic motions. Beam bars may be forced to 
yield in tension at one column face and be subject to a high compressive stress at the opposite column 
face. Also, yield penetration along a beam bar from either face of an interior column may considerably 
reduce the effective anchorage length of the bar. 

Thus the limit for the ratio of bar diameter d b to the column depth (h c in Figure C9.21), is intended to 
ensure that a beam bar will not slip prematurely through the joint core during cyclic reversed inelastic 
displacements 9 35, 9 ' 36 . However, when potential plastic hinges are designed so that yielding in the beam 
bars cannot develop nearer than half a beam depth to the column face, as shown in Figure C9.19, better 
bond conditions exist and consequently larger diameter beam bars may be used 9 ' 32, 9 " 37, 9 ' 38 9 39 . For 
paired or bundled bars, the diameter should be taken as the diameter of a single bar of equivalent area. 

Tests have shown that with increased yield stress levels in reinforcement there is a decrease in the bond 
performance of beam bars passing through beam column joint zones when they are subjected to cyclic 
conditions involving yielding. The degradation arises due to cyclic yielding of the beam reinforcement in 
the joint zones. The higher strains associated with high grade reinforcement result in a more rapid 
degradation in bond and consequently the criteria developed for Grades 300 and 430 reinforcements need 
to be modified for use with Grade 500 reinforcement. Analysis of test results on internal beam column 
joints, published in the literature, show that the current criteria for Grade 300 reinforcement works 
adequately for Grade 500 reinforcement provided the inter-storey drifts are limited to 1.8 % calculated in 
accordance with NZS 1 170,5. 

Failure in bond of beam bars passing though an internal beam column joint generally results in a very 
significant loss of stiffness and it can be associated with a loss in strength 9 40 . 

In low-rise structures in which column sidesway mechanisms are permitted, shallow columns are 
common. Since the beam reinforcement may be controlled by gravity loading considerations, a large 
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excess of strength under seismic forces may exist, and beam bar stresses at the moment capacity of the 
columns may be of one sign (for example tensile) through the full width of the joint. 

The limitations set in 9.4.3.5.2 are derived for the condition of beams hinging, at flexural overstrength, at 
both faces of the column, producing bar stresses ranging from tensile yield at one face of the column to 
compressive yield at the other. Where such conditions do not exist, such as where the bar force remains 
tensile through the joint, lower bond stresses will result, and consequently increased bar sizes are 
permitted. In addition, any loss of anchorage caused by deteriorating bond conditions within the joint may, 
under these conditions, be accommodated in the opposite beam without detriment to the structural 
performance. The relaxation permitted will alleviate the congestion caused by the need for abnormally 
small bar diameters otherwise required by the shallow columns. 

When the criteria in 9.4.3.5.2 are difficult to satisfy, the somewhat more elaborate procedure 932 , which 
considers the beneficial effects of additional parameters, may be applied. This may enable larger diameter 
beam bars to be used. 

A2 When the flexural compression force acting in a plastic region subjected to cyclic loading conditions is 
significantly greater than the force that can be resisted by the reinforcement in the compression zone, 
extensive yielding in both tension and compression occurs in this reinforcement. This action accelerates 
the break down in bond in beam column joint zones. Allowance for this effect is made in subclause 
9.4.3.5.3(d) of the clause. This situation may arise where either: 

(a) The area of reinforcement on one side of a beam is appreciably greater than the area on the other 
side; or 

(b) Where a beam flange contributes a significant portion of the flexural tension force to the beam plastic 
region under overstrength conditions. 

In the second situation, a significant portion of the flexural tension force may be provided by prestressed 
units and reinforcement located in the effective flange width (see 9.4.1.6.2). 

C9.4.3.6 Splices in longitudinal reinforcement of beams of ductile structures 

Lap splices in beams must be located away from regions of high shear stress and away from potential 

plastic hinge regions where stress reversals could occur. 

C9.4.4 Transverse reinforcement in beams of ductile structures 

C9.4.4.1 Design for shear in beams of ductile structures 

C9.4.4.1.1 Design shear strength 

Typically two plastic hinges may form in a beam, such as at A and B in the span shown in Figure C9.16. 
With the corresponding flexural overstrengths, in accordance with the definitions, denoted as M ofK and M oB , 
the design shear force at B will be: 

Vqb =-^ - + ^gb +Vq uB - - - (Eq. C9-2) 

L AB 

Similarly the critical shear for the same beam at A will be: 

, * A/La +A// nR 

Voa=—. ~ + V GA+ V QuA (Eq.C9-3) 

L AB 

Where V GS and V GA are the shear forces at B and A in Figure C9.16 due to dead load, and V QuB and V QufK 
are the shear forces at B and A due to live load. 

The value of M oB must be evaluated from the flexural overstrength in the vicinity of C. It will be noted that 
the shear at C for this load combination is zero. The intent is to prevent a shear failure under maximum 
possible lateral forces. Accordingly the nominal shear strength must be equal to or larger than the shear 
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obtained above. In accordance with 2.3.2,2, the strength reduction factor is not used, that is, <j> = 1.0, 
when, as is the case above, earthquake-induced shear forces are derived from a capacity design 
procedure. 

Attention should be given to spandrel beams supporting a roof when earthquake induced shear forces 
opposite to those due to gravity loads are large. In such cases the diagonal failure plane may extend into 
the beam column joint area where adequate vertical shear reinforcement must be provided. The situation 
is similar to that shown in Figure C9.8 with the figure turned through 180°. A2 

C9.4.4.1 .3 Nominal shear strength provided by concrete in plastic hinge regions of beams 
It is assumed that the shear resistance provided by the concrete is negligible in plastic hinge regions of 
beams of ductile structures, since reversal of actions in yielding regions cause significant degradation of 
the shear resisted by the concrete mechanisms. Hence, in potential plastic hinge regions transverse 
reinforcement is required for the full shear demand (V c = 0). In the essentially elastic regions between the 
potential plastic hinges shear reinforcement may be designed as in 9.3.9.3.2. Stirrup-ties should be 
designed using Equation 9-7. 



C9.4.4.1 .4 to C9.4.4.1 .6 Shear in ductile plastic regions 

Reversing plastic hinge regions may fail in shear by two different modes; namely sliding shear and 
conventional shear. Conventional shear is associated with diagonal tension cracking at an angle that is 
typically assumed to be at about 45° to the axis of the beam. These two shear failure mechanisms are 
illustrated in Figure C9.22(a). 

The provisions of 9.4.4.1.4 and 9.4.4.1.5 present design criteria to control sliding shear and conventional 
shear failure. Clause 9.4.4.1.6 specifies the minimum shear reinforcement required over the full span of 
beams containing ductile plastic hinges (reversing and unidirectional), and 9.4.4.1.7 sets out the 
requirements for diagonally reinforced coupling beams. 

The provisions of 9.4.4.1.4 have been made to safeguard against sliding shear failure in reversing plastic 
hinges. When the top and bottom reinforcement progressively yield under cyclic inelastic actions, 
elongation occurs and wide full depth cracks can develop through the web. These cracks significantly 
reduce both the diagonal compression strength of the concrete in the web and the interface shear transfer 
across the cracks. As a result, sliding shear displacements can develop across a section, which is normal 
to the axis of the beam; see Figure C9. 22(a). As stirrups do not cross the failure section they cannot 
contribute significantly to sliding shear strength. However, diagonal reinforcement in the web can provide 
restraint to sliding by acting in either tension or compression 9 41 . 

Clause 9.4.4.1 .4(a) specifies the maximum shear force which may be sustained in reversing plastic hinges 
unless they are designed as diagonally reinforced coupling beams satisfying the requirements of 9.4.4.1 .7. 
Subclauses (b) and (c) of clause 9.4.4.1.4 define how much diagonal reinforcement is required to control 
sliding shear, and (d), (e) and (f) give the requirements that the reinforcement must satisfy to enable the 
diagonal reinforcement to act effectively in the plastic region. 

Figure C9.22(b) illustrates how diagonal reinforcement is fitted into a reversing plastic region. 

The primary purpose of diagonal web reinforcement in this case is to effectively cross every potential wide 
full depth crack after the flexural reinforcement in both faces of a member has yielded. The traditional 
truss mechanism does not prevent sliding shear failure. A rational analysis is required to show that the 
vertical component of the diagonal reinforcement across each section of a potential reversing plastic hinge 
within a distance of, d, away from the critical section of the plastic region, is equal to or larger than the 
shear force, V di , required at that section. Examples of diagonal reinforcement are shown in 
Figure C9.22(b). When inclined bars are required to resist shear in both directions in a beam subjected to 
large earthquake shear forces and relatively small gravity shears, the vertical component of both inclined 

Q lO Q AO 

tension and compression bars may be assumed to contribute to sliding shear resistance ' . Where 
diagonal bars act in compression to provide resistance to sliding shear, they must be anchored to prevent 
them breaking out of the top and bottom surfaces of the beam. Additional stirrups may be required to 
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A2 resist the transverse component of the force in these bars, as specified in (f), and shown as a dashed 
lines in Figure C9.22(b). 

In the evaluation of the flexural overstrength of a plastic hinge, the contribution of any diagonal 
reinforcement to this strength should be considered. 

Conventional shear failure occurs as a result of separation along a diagonal crack, which is generally 
considered to develop at an angle of close to 45°, see the right hand side of Figure C9,22(a)(ii). Clause 
9.4.4.1.5 considers this form of failure, and notes that diagonal reinforcement that may have been 
provided to resist sliding shear in compression will not intersect the diagonal failure plane, and 
consequently it cannot contribute to the (conventional) shear strength. 

C9.4 .4.1 .7 Diagonally reinforced coupling beams 

Diagonally reinforced coupling beams can be used to couple walls, or in frame structures to provide a 
shear yielding connection in the mid-span region of a beam. In the first case Z_ nd is equal to the clear span 
of the beam, and in the second case Z_ nd is equal to the length of the diagonal reinforcement projected to 
the axis of the beam. The maximum length of L nd is equal to or less than 4 times the beam depth (/? b ). 
The advantages of diagonally reinforced coupling beams are that they can be designed to resist high 
shear stress levels and they can sustain greater inelastic deformation than conventional beams. The 
disadvantage lies in the complexity of the reinforcement detailing required to obtain satisfactory 
performance. 

No upper limit is placed on the shear force that may be resisted by diagonally reinforced coupling beams, 
but congestion of the reinforcement will limit the shear force capacity. With diagonally reinforced coupling 
beams, two sets of diagonal reinforcement are required which are inclined so that they intersect each 
other at the mid-section of the clear span. The reinforcement is designed to enable all the seismic 
induced shear and moment to be resisted by the diagonal reinforcement without any contribution of 
concrete in the clear span of the beam. No limits are placed on the angle the diagonal reinforcement 
makes to the axis of the beam other than the limit of the span, Z_ nd , being equal to or smaller than 4 times 
the overall depth. 

For the diagonal reinforcement in coupling beams to work effectively, each set of diagonal bars must be 
restrained against buckling by ties at close centres and the reinforcement must be fully developed outside 
the span, L nd , of the coupling beam. In addition to the diagonal reinforcement, nominal longitudinal 
reinforcement is required at the top and bottom surfaces of the beam, together with nominal stirrups 
enclosing the longitudinal reinforcement. 

Where a diagonally reinforced coupling beam is used in a frame, particular care is required in detailing 
reinforcement to ensure compression in the diagonal bars does not result in the bars breaking out of the 
concrete, and to ensure that yielding is confined to the diagonal bars, and that the bend in the bars is 
protected against yielding (New Zealand Concrete Society and New Zealand Society for Earthquake 
Engineering Guidelines for the Use of Structural Precast Concrete in Buildings, Published by the Centre 
for Advanced Engineering, University of Canterbury, 1999, pp.143) 
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(i) Sliding shear and action of diagonal 
reinforcement 




A2 



^s=A/fw — + A v6 f S\l)a 

s y 



(ii) Conventional shear 
(a) Sliding shear and conventional shear in ductile plastic regions 



C9.4.5 



Additional stirrup 
(9.4.4. 1.4(f))* 




Vm = A vti L sin a 



vd 'y 



fbj Diagonal web reinforcement to control sliding shear 
Figure C9.22 - Shear failure in reversing plastic hinges 

Design of transverse reinforcement for lateral restraint of longitudinal bars of beams of 
ductile structures 



To ensure that compression bars in beams cannot buckle when subjected to yield stress, they must be 
restrained by a 90° bend of a stirrup-tie as shown in Figure C9. 23(a). It is seen that bars numbered 1 and 
2 are well restrained. Bar 3 need not be tied because the centre-to-centre distance between adjacent tied 
bars is less than 200 mm. This, however, will affect the size of the ties holding bars numbered 2 as 
stipulated in lA b in Equation 9-28. 

It is considered that the capacity of a tie in tension should not be less than one-sixteenth of the force at 
yield in the bar or group of bars it is to restrain at 6d b centres. For example the area of the tie restraining 
the corner bars shown in Figure C9. 23(a) should be A {e = A/16 assuming the yield strength for all bars is 
the same. However, the area of the inner ties must be yA* te = (A 2 + 0.5yA 3 )/16 because they must also give 
some support to the centrally positioned bar marked 3. In computing the value of lA b the tributary area of 
the unrestrained bars should be based on their position relative to the two adjacent ties. 

Figure C9.23(b) shows a beam with eight bottom bars of the same size, A b . Assuming again that f y = f^, 
the area of the identical ties will be Ae = 2/\ b /16 because the second layer of bars is centred at less than 
75 mm from the horizontal inside legs of the stirrup-ties. The inner vertical ties for the bars shown in 
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Figure C9. 23(c), however, need only support one longitudinal bar because the second layer is centred 
more than 75 mm from the inside of stirrup-ties. 

The outer bars situated in the second or third layers in a beam may buckle outward if they are situated too 
far from a horizontal leg of a stirrup-tie. This situation is illustrated in Figure C9. 23(c), which shows a 
single horizontal tie in the third layer, because these outer bars are further than 100 mm from the bottom 
horizontal leg of the stirrup-ties. The inner four bars need not be considered for restraint because they are 
situated further than 75 mm from any tie leg. The outer bars in the second layers shown in 
Figure C9. 23(b) and (c) are considered satisfactorily restrained against horizontal buckling as long as they 
are situated no further than 100 mm from the horizontal leg at the bottom of the stirrup-ties. 

The limitations on maximum spacing are to ensure that longitudinal bars are restrained adequately against 
buckling and that the concrete has reasonable confinement. The limitations are more severe if 
longitudinal bar yielding can occur in both tension and compression, for the reasons explained previously. 

In potential plastic hinge regions in the ends of beams considerable stirrup reinforcement may be required 
to resist shear. All full-depth vertical legs of stirrup-ties required according to 9.4.5 should also be 
considered to contribute to shear resistance. 

W 






^V =4 i> 




^h* 



*T 1 




(a) 



(b) 



(c) 



Figure C9.23 - The arrangement and size of stirrup-ties spaced at 6d b between centres in potential 

plastic hinge regions 
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TabSe C9.3 - Design of reinforced concrete beams (excluding deep beams) 





Design issue 


Nominally ductile seismic 
design philosophy 


Ductile seismic design philosophy 


Material limitation 
applicable to the 
detailing described in 
this table 


Range limitation on concrete 
compressive strength, f' c 


25 to 100 MPa (5.2.1) 


25 to 70 MPa for ductile elements (5.2.1) 


Limitation on longitudinal 
reinforcement yield strength, 


Not greater than to 500 MPa (5.3.3) 


Same as for nominally ductile 


Limitation on transverse 
reinforcement yield strength, 


Not greater than 500 MPa for shear and 
800 MPa for confinement (5.3.3) 


Same as for nominally ductile 


Reinforcement class as per 
AS/NZS4671 


Class E, unless conditions for Class N are 
satisfied (5.3.2.3) 


Same as for nominally ductile 


Ductility 


Curvature ductility achievable 
through tabled detailing 


Depends whether flexure or shear controls 
strength -see 2.6.1.3 


k 2f * with f v <425MPa; 

d E s h 

For Ka see Table 2.4 (a) and (b) 


Dimensional 
limitations 


For stability 


Spacing of lateral supports shall not exceed 
50 times the least lateral dimension. Effects 
of lateral eccentricity of loads need to be 
taken into account (9.3.5) 


Rectangular beams 


b w > Z_n/25 or 

b w > VM/100) (9.4.1.2) 


Cantilevered rectangular 
beams 


b w > /_n/15 or 

b w > VM/60) (9.4.1.3) 


T - , L - beams 


b w >U37.5 (9.4.1.4) 


Cantilevered 
T - , L - beams 


b w >U22.5 (9.4.1.4) 


Minimum depth 


Refer Table 2.1 and Table 2.2 unless 
calculations of deflections indicate a lesser 
thickness may be used without adverse 
effects (2.4.3) 


Same as nominally ductile 


Plastic hinge region 


Extent of plastic hinge for 
detailing purposes, ductile 
detailing length 


Not applicable 


Location A and B (See Notes (1 ) and (2)) -2h (9.4.2) 
Location C (see Note (3)) - 4/7 
at end of table 


Strength reduction 
factors 


Strength reduction factors 


Refer 2.3.2.2 


<j>= 1 .0 when actions derived from overstrengths (2.3.2.2) 
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Overstrength factors 




Not applicable 


Clause 2.6.5.5 


for reinforcement and 






Reinforcement Grade 300E 1.25 f y 


concrete 






Grade 500E 1.35 f y 
Concrete (f c '+15) 


T-beams-(slab and web 


Width of slab assumed to be 


Clause 9.3.1 .2(a), lesser of - 


Same as for nominally ductile 


built integrally or 


effective as a T-beam 


V 4 the span length of the beam; plus width of web, 




otherwise effectively 


compression flange resisting 


or 




bonded) 


compressive stress due to 


The effective overhanging slab width on each side 






flexure 


of the web shall not exceed: 

(i) Eight times the slab thickness, nor 

(ii) Total depth of beam 

(iii) The clear distance to the next web multiplied 








by f h " ) 
1^1 + Kz) 






Width of slab used to 


One-half of that above (9.3.1.3) 


Same as for nominally ductile 




calculate effective moment of 








inertia or cracked section 






L-beams - (slab and 


Width of slab assumed to be 


Clause 9.3.1 .2(b), the width of overhanging slab 


Same as for nominally ductile 


web built integrally or 


effective as a L-beam 


shall not exceed the lesser of: 




otherwise effectively 


compression flange resisting 


(i) One-eighth the span length of the beam, nor 




bonded) 


compressive stress due to 


(ii) Eight times the slab thickness, nor 






flexure 


(iii) The depth of the beam 

(iv) The clear distance to the next web multiplied 








lAl +/7 b2 ) 






Width of slab used to 


One-half of that above (9.3.1.3) 


Same as for nominally ductile 




calculate effective moment of 








inertia of cracked sections 
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T - and L - beams (slab 


Width of slab within which 


See clause 9.3.1.4 


For strength 


and web built integrally 


effectively anchored 


Lesser of: 


Same as nominally ductile, but contribution of 


or otherwise effectively 


longitudinal slab 


(a) by rational analysis with slab reinforcement 


reinforcement in each overhanging flange reduced to 


bonded) 


reinforcement shall be 


tied into beam web, or 


10%, 9.4.1.6.1. 




considered to contribute to 


(b)(i) contribution of reinforcement in overhang to 






negative moment flexural 


flexural strength shall be less than 15 % per 


For overstrength 




strength of the beam in 


overhanging flange. 


Refer 9.4.1.6.2 




addition to those longitudinal 


(ii) lesser of 






bars placed within the web 


(A) beam depth 






width of the beam 


(B) 8 times slab thickness 

(C) clear distance between beams 








multiplied by 


\ hb1 I 










V n b1 +f *b2j 








(c) Where beam frames into free edge refer 








9.3.1.4. 




Longitudinal 


Minimum longitudinal 


A s = ^-b w d but greater than 1 .4 b^d/fy 

4/y 


Greater of: 


reinforcement detailing 


reinforcement 


0) Pmin=^ (9.4.3.4(b)) 










(9.3.8.2.1) 


4 'y 






Unless A s is 1 / 3 greater than required by analysis 


(ii) At least V 4 of the larger of the top reinforcement at 






(9.3.8.2.3) 


each end shall continue or two 1 6 mm diameter 






For T - beams with flange in tension replace b^ 


bars provided in both top and bottom throughout 






with smaller of 2b^ or flange width. (9.3.8.2.2) 
Where beams resist seismic actions minimum of 2 


the length of the beam (9.4.3.4(c)) 


Compression 


As> 0.5 A; for DPR, 






bars or Va of maximum negative moment 


reinforcement in 


As> 0.38 As for LDPR 






reinforcement. (9.3.8.2.1) 


plastic hinge region 


Refer to 9.4.3.4(a) for 
exceptions 
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Maximum longitudinal 


Must limit neutral axis depth to 0.75cb 


Tension 


The smallest of: 




reinforcement 


(9.3.8.1) 


reinforcement in 
ductile detailing 
length 


_ 4+10 

Pmax ~~ *, 

6/ y 
or p max = 0.025 where p shall 
be computed using the width 
of the web (9.4.3.3) 


Outside plastic hinge 


Same as for nominally ductile 








region 




Spacing between longitudinal 


Shall be well distributed in tension zone (9.3.6.2) 


Same as for nominally ductile 




reinforcement 


and shall satisfy 2.4.4. 




Minimum spacing between 


Clear distance to exceed greater of 25 mm cfc, or 


Same as for nominally ductile 




individual, bundles, or the 


1 .33 times the nominal maximum aggregate size 






bundled bars in a contact 


(8.3.1 and 8.3.2) 






splice 






Spacing requirements for 


Place directly above bars in lower layer with clear 


Same as for nominally ductile 




layers 


distance between layers of greater of 25 mm or ofe 

(8.3.3) 




Maximum numbers of bars in 


4 (8.3.4) 


Same as for nominally ductile 




a bundle 






Maximum diameter of bars 


32 mm (8.3.4) 


Same as for nominally ductile 




that can be bundled 






Maximum bar diameters at 


The positive tension reinforcement at simple 


Same as for nominally ductile 




simple supports 


supports shall be limited in diameter to enable the 
bars extending to the free end of the member to be 
fully developed from a point MJV* from the centre 
of the support. The value of MjV shall be 
calculated at the centre of the support and may be 
increased by 30 % when the ends of reinforcement 
at the support are confined by a compressive 
reaction. (8.6.13.3) 
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Bar diameters at points of 
inflection 


Bar diameters at points of inflection shall be limited 
to ensure that: 

/ <^ + i 2c / b and L 6 <^-+d 
V V 

(8.6.13.4) 


Same as for nominally ductile 


Bar diameters through interior 
beam column joints 


^ = 4aJ f ° (9.3.8.4) 

or as given by Equation (9-3) where earthquake 
load cases do not govern. 


Where hinges form in the beams at the column face 
and 4 < 1 .8 % or f y = 300 MPa 

Gfh We 
b <3.3a f a d y c (9.4.3.5.2) 

h c f d 1.25 f y V 
Multiply by y = (1 .53 - 0.29 S c ) where S c > 1 .8 % and 
f w = 500 (See 9.4.3.5.1 and 9.4.3.5.2 for details) 


Distribution of bars in beams 
greater than 1 m deep 


Refer (9.3.6.3) 


Same as for nominally ductile 


Distribution of tension 
reinforcement in T- beams 


Where the flanges of T - beams are in tension, part 
of the flexural reinforcement may be placed in the 
smaller of the effective width defined in this table, 
or one tenth the span (9.3.1 .4) 


Refer 9.4.1.6 


Splicing of 
reinforcement 


Splices within plastic hinge 
regions 


Not applicable 


Splicing of reinforcement in plastic hinge regions or 
beam column joints shall not be permitted with the 
exception that reinforcement may be spliced in these 
areas by full strength butt welds (8.9.1 .1 and 8.7.4) 


Splices in areas of reversing 
stress 


Not applicable 


Reinforcement shall not be spliced by lapping in a 
region where reversing stresses at the ultimate limit 
state may exceed 0.6 f y in tension or compression 
unless each spliced bar is confined by stirrup-ties so 
that: 

Ar > <Vy 

S " 48 ^ (8.9.1.2) 
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Curtailment and 
anchorage of 
longitudinal 
reinforcement 


Curtailment of longitudinal 
reinforcement within span 


Reinforcement shall extend the greater of the 
following distances: 

(a) Z-d + d beyond where full strength of the 
reinforcement is required for: 

(b) 1 .3d past the point where the reinforcement in 
question is no longer required to resist flexure 
(8.6.12.3) 


The distribution and curtailment of the longitudinal 
flexural reinforcement shall be such that the flexural 
overstrength of a section can be attained at critical 
sections in potential plastic hinge regions (9.4.3.1) 


Curtailment in a tension zone, 
with the exception of tension 
splices, only allowed if one of 
the following is satisfied: 


(a) Shear at the cut-off point is less than 2 / 3 of the 
shear strength provided by the concrete; or 

(b) The shear strength provided by the web 
reinforcement , V s , measured for a distance 
of 1,3d along the terminating bar from the 
cutoff point is equal to or greater than 

V s =1.2- — b^d and the spacing, s, of 
16 

stirrups or ties is equal to or less than the 

smaller of d/2 or . (8.6.12.4) 
8A 


Same as for nominally ductile 


Curtailment of bundled bars 


Individual bars in a bundle cut off within the span 
of flexural members shall terminate at different 
points with at least 40 bar diameter stagger (8.3.4) 


Same as for nominally ductile 




Amount of positive 
reinforcement that shall 
extend along the same face 
of the member into the 

support 


Simply 

supported 

members 


At least y 3 of the maximum positive 
moment reinforcement (8.6.13.1) 


Simply supported, 

As for nominally ductile. 


Continuous 
members 


At least V 4 of the maximum positive 
moment reinforcement (8.6.13.1) 


Continuous members 

Same as for nominally ductile, but not less than two 
16 mm bars in the top and bottom of beam and 
requirements in (9.4.3.4) 
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Anchorage of positive 
moment reinforcement 


Positive moment reinforcement shall extend at 
least 1 50 mm into the support, or if part of the 
primary horizontal force-resisting system, shall be 
anchored to develop f y in tension at the support. 
(8.6.13.1 and 8.6.13.2) 


Reinforcement shall be anchored to ensure that 
plastic deformation is confined to potential plastic 
regions flexural overstrengths can be attained in 
plastic hinge regions (9.4.3.1) 


Development of positive 
moment reinforcement at 
simple supports 


The positive tension reinforcement at simple 
supports shall be limited in diameter to enable the 
bars extending to the free end of the member to be 
fully developed from a point Mn/V* from the centre 
of the support. The value of MJV* shall be 
calculated at the centre of the support and may be 
increased by 30 % when the ends of reinforcement 
at the support are confined by a compressive 
reaction (8.6.13.3) 


Same as nominally ductile 


Development of positive and 
negative reinforcement at 
points of inflection 


Bar diameters at points of inflection shall be limited 
to ensure that: 

L d <^V + 12d b and L^<^k + d 
V V 

(8.6.13.4) 


Same as nominally ductile 




Curtailment of negative 
moment reinforcement 


At least Yz the total tension reinforcement provided 
for negative moment at a support shall have an 
embedment length beyond the point of inflection, 
for a distance equal to or greater than 1 .3d 
(8.6.14.3). See 9.3.8.2.1 for minimum longitudinal 
reinforcement throughout the length. 


The greater of V 4 of the maximum negative moment 
reinforcement in the beam, 2x 1 6 mm bars or the 
value given by Equation 9-1 , shall be continued 
throughout its length (9.4.3.4(c) and 9.3.8.2.1). 


Anchorage of beam bar in 
columns considered to 
commence at: 


The point of maximum stress, normally the face of 
the column (8.6.12.2) 


Where beam plastic hinge 
forms at column face 


Anchorage is deemed 
to commence lesser of 
half column depth or 
8cfe (9.4.3.2.1) 


Where beam plastic hinge 
is located greater than 
500 mm or beam depth 
from column face 


At column face 
(9.4.3.2.1) 
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Transverse 

reinforcement, outside 
plastic hinge regions 


Minimum diameter for 
transverse reinforcement 


Shall be at least 5 mm (9.3.9.2) 


Same as for nominally ductile 


Compression longitudinal 
bars requiring restraint 


Support - 

(i) Each comer bar 

(ii) Bars greater than 1 50 + d b from a restrained 

bar. 
(iii) At least every alternative bar for spacing less 

than above (9.3.9.6.3) 


Maximum spacing of stirrups 
for anti-buckling 


Smaller of 16cfe or least lateral dimension 
(9.3.9.6.2) 


Maximum spacing for shear 
reinforcement 


0.5d, or 600 mm, or where £> w exceeds 0.5d, larger 
of 0.5dor 250 mm (9.3.9.4.12 (a) and (b)). 
Half this spacing when V s exceeds 
0.33 fie t^d (9.3.9.4.1 2(d)) 


Maximum spacing of torsional 
reinforcement 


Lesser of Po/8 or 300 mm (7.6.3.2) 


Area of transverse 
reinforcement 


Dictated by above clauses and considerations for 
shear, torsion, and anti-buckling (9.3.9.1) 


Shear reinforcement 


A, = /\ (9.3.9.4.2) 
f#d 




Minimum shear reinforcement 


When required by 9.3.9.4.13 
A - 1 Jf b " S 


For beams 


Shear carried by 
reinforcement 


V s = V n - V c , where 

l/ n <0.2 fchd or 8 b„d (7.5.2) 
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Shear strength provided by 


v c = Ad/c a vb 


With minimum spacing of 12 d b or d/2, where d bi is 




concrete 


where v b = (0.07+1 Op^)^' , but is not less than 


diameter of longitudinal reinforcement. 
(9.4.4.1.6). 






0.08yf c ,or greater than 0.2 ^f c , except where of is 


As for nominally ductile, but v c = in ductile plastic 






less than 400 mm when v c can be increased (see 


regions, and in limited ductile plastic regions, half the 






9.3.9.3.4 for details). 


corresponding value for nominally ductile plastic 
regions (9.4.4.1.3). 






k a = 1.0 for 20 mm aggregate and 0.85 for 10 mm 






aggregate. 








Ad = 1 .0 where effective depth < 400 mm or 








minimum shear reinforcement provided, otherwise 








refer to (9.3.9.3.4) 




Shear reinforcement details 


Refer (7.5.6) 




Torsion reinforcement 


Torsional reinforcement required if 






required for equilibrium or 


T >0A<f>A co t c ftl , provided stiffness reduction 






compatibility See 7.6.1 .2 for 
axial load or prestress 


neglected for compatibility torsion. 




Equilibrium torsion, 


A t = T " s & A e -* nPo 






reinforcement required 


2 A fyt 2 A Q ly 






(7.6.4.2). See 7.6.1.2 for 


T„ greater of % or o.44^ f cA /^ 






axial load or prestress 








Where A £ and A are added to reinforcement 








required for flexure and shear 




Compatibility torsional 
reinforcement 


7" n smaller of T^ r 0A4\ o t c ftl 






See 7.6.1 .2 or axial load or 


Where f is calculated neglecting decrease in 






prestress 


stiffness due to cracking, and 










f Vyt >V y l > T n W ith limits on ratio of A to A 
. s p n 2A, 








(see 7.6.4.2). Areas of A and A may include 








reinforcement for flexure and shear. 
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Spacing of longitudinal 
reinforcement 


Longitudinal reinforcement shall be distributed 
around the perimeter and closed stirrups with a 
maximum spacing of 300 mm (7.6.3.3) 




Minimum diameter of 
longitudinal bars or strands in 
corners of stirrups 


Greater than 10 mm or s/16 times stirrup spacing 
(7.6.3.4) 


Transverse 
reinforcement, inside 
plastic hinge regions- 


Minimum diameter for 
transverse reinforcement 


Shall be at least 5 mm (9.3.9.2) 


Shall be at least 5 mm (9.4.5 (b)) 


Anti-buckling reinforcement 
(restraint of compression 
reinforcement) 


Same as outside plastic hinge region 


= S M s (9A5(b)) 


Longitudinal bars requiring 
restraint 


Same as outside plastic hinge region 


All bars in top and bottom face, with exception of 
those between restrained bars at less than 200 mm 
centres (9.4.5(a)) 


Maximum longitudinal 
spacing of stirrups 


Anti-buckling - Same as outside plastic hinge 
region 


Locations A and B plastic hinges (see Notes (1) and 

(2) 

Lesser of: 

(i) cM; 

(ii) 6d b (longitudinal bar) in DPR and 10 d b for LDPR 

(9.4.5(d)) 

Location C plastic hinges. (See Note (3)) 

Lesser of: 

(i) d/3; 

(ii) 1 0d b (longitudinal bar) (9.4.5(e)) 


Shear - Same as outside plastic hinge region 


Same as for nominally ductile 


Torsion - Same as for outside plastic hinge region 


Same as for nominally ductile 


Area of transverse 
reinforcement 


Dictated by considerations of shear, torsion and 
anti-buckling 


Same as for nominally ductile 


Minimum shear reinforcement 


Same as outside plastic hinge region 


A v = ^j-b w S (9.4.4.1.6) 
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Shear carried by 
reinforcement 


Same as outside plastic hinge region 


V s = V c , and V shall not exceed 0.85 ^f' c b^d 

<i> 

unless entire force resisted by diagonal reinforcement 
(9.4.4.1 .4(a)) and = 1 .0 and capacity design used to 
generate design shears (2.3.2.2(a)). Where entire 
force resisted by diagonal reinforcement maximum 
same as for nominally ductile, unless requirements of 
9.4.4.1 .7 are satisfied, see 9.4.4.1 .4 for details. 




Shear strength provided by 
concrete 


Same as outside plastic hinge region 


V c '=0forDPR 

Vc = 0.5 V c for LDPR where V c same as nominal 

ductile 

(9.4.4.1.3) 


Diagonal shear reinforcement 
required when 


Not applicable 


V* Q > 0.25 (2+r) Vf t^d (9.4.4.1 .4 (b)) 


Design for torsion 


Same as outside plastic hinge region 


Same as outside plastic hinge region 


Serviceability 
consideration 


Control of cracking 


Control by limiting longitudinal tensile stress, 
distributing reinforcement, or assessing crack 
widths (2.4.4.1) 


Same as for nominally ductile 


Deflection of beams by 
calculation-short-term 


Refer 6.8 


Same as for nominally ductile 


Additional long-term 
deflection 


Kc P = 2/(1 + 50 pip) (6.8.3(b)) 


Same as for nominally ductile 


Deflection deemed to comply 
span to depth ratios 


Refer 2.4.3 


Same as for nominally ductile 


NOTE- 

Definition of plastic hinge locations (9.4.2) 

(1) Location A Where the critical section is located at the face of a supporting column, wall or beam: over a length equal to twice the beam depth measured from the critical section toward mid- 

span, at each end of the beam where a plastic hinge may develop. 

(2) Location B Where the critical section is located at a distance equal to or greater than either the beam depth h or 500 mm away from a column or wall face: over a length that commences 

between the column or wall face and the critical section, at least either 0.5/7 or 250 mm from the critical section, and extends at least 1 .5/7 past the critical section toward mid-span. 

(3) Location C Where, within the span, yielding of longitudinal reinforcement may occur only in one face of the beam as a result of inelastic displacements of the frame: over the lengths equal to 

twice the beam depth on both sides of the critical section. 
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C10 DESIGN OF REINFORCED CONCRETE COLUMNS AND PIERS FOR 
STRENGTH AND DUCTILITY 



C10.1 Notation 

The following symbols, which appear in this section of the Commentary, are additional to those used in 

Section 10 of the Standard: 

k c a factor applied to the ratio of ultimate curvature to curvature at first yield 

N c buckling load, N 

<j> k stiffness reduction factor 

fa ultimate curvature 

(fKj curvature at first yield of tension reinforcement 

// structure ductility factor 

y/ ratio of S EIIL U of columns to I EI/L n of beams in a plane at one end of columns 

C10.3 General principles and design requirements for columns and piers 

C1 0.3.1 Strength calculations at the ultimate limit state 

Corner and other columns subjected to known moments about each axis simultaneously should be 
designed for bi-axial bending and axial load. 

Columns must be designed for the loadings which produce the most adverse combinations of axial loads 
and moments. For gravity loads, the combination of ultimate limit state loads on all floors above, which 
produces maximum axial force, and factored live load on a single adjacent span of the floor under 
consideration which produces the maximum bending moment is often a critical load combination. In 
addition, it is required to consider the case which produces the maximum ratio of moment to axial 
compression load. This is generally the chequerboard loading pattern in multi-storey structures which 
results in maximum column moments but at a somewhat lower than maximum axial force. Because of the 
non-linear nature of the column interaction relationship, both cases need to be examined to find which 
governs the design of the column. 

In structures where the loading patterns and type of structural system result in bi-axial bending in 
compression members, the effect of moments about each of the principal axes must be considered and 
many programs have the facility to design sections with bi-axial actions. Where P-delta actions may be 
significant amplification of the bending moments may be required. 

C1 0.3.2 Slenderness effects in columns and piers 

C1 0.3.2.1 Design considerations for columns and piers 

In a first order analysis the influence of the deflection of members on the bending moments that are 
sustained are not considered. However, this P-delta effect, which causes non-linear behaviour, is 
included in a second order analysis. 

In a second order analysis for P-delta effects in a member, any reduction in stiffness due to creep, flexural 
cracking, non-linear behaviour of a section due to tension yielding of reinforcement or compression strains 
in the concrete appreciably exceeding the linear range, should be included. In general, the analysis 
should be based on a moment curvature relationship for each section. Such analyses may be carried out 
using appropriate software or by hand using successive approximations until convergence is achieved. 
When carrying out an analysis of slenderness effects (P-delta actions) tension stiffening of concrete 
should be ignored and the design loading should be based on the ultimate loads divided by the strength 
reduction factor. The structure is stable if the design actions are less than the nominal strengths. 

A conservative alternative approach to using a full moment curvature relationship is to assume elastic 
behaviour with the elastic section properties modified to allow for the effects of creep and flexural cracking 
and ignoring tension stiffening. In this case the member may be assumed to be stable if the bending 
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moment and axial load at all sections are less than those which cause either tension yielding or 
reinforcement or imply that compression stresses are sustained in the concrete stresses in excess of the 
compressive strength of the concrete. 

C1 0.3.2.2 Evaluation of sfenderness effects in columns and piers braced against sidesway 

As an alternative to the refined second-order analysis of 10.3.2.1, design may be based on elastic 

analyses and the moment magnifier approach 10 ' 1 . 

C1 0.3.2.3 Approximate evaluation of slenderness effects 

This clause describes an approximate slenderness-effect design procedure for columns and piers braced 
against sidesway and based on the moment magnifier concept. The moments computed by an ordinary 
first-order frame analysis are multiplied by a "moment magnifier" which is a function of the design axial 
load A/* and the critical buckling load A/ c for the column. The design procedure embodies some of the 
similar design provisions for steel beam columns in NZS 3404:1997, Structural Steel Standard. A first- 
order frame analysis is an elastic analysis that does not include the internal force effects resulting from 
deflections. 

Only columns and piers braced against sidesway are considered, since columns and piers in unbraced 
frames will be subject to seismic forces and must not be designed using 10.3.2.3. The method given here 
allows only for elastic deformations with an allowance for concrete creep and does not account for plastic 
hinging which is specifically considered in earthquake frame design. Hence the method should not be 
used for members in which plastic hinging is expected to occur. Examples of compression members 
braced against sidesway are those located in a storey in which bracing elements such as structural walls 
carry almost all of the lateral seismic forces. With these stiff elements the lateral deflection of the storey, 
even when the stiff elements yield and deflect into the inelastic range, should not be great enough to 
cause the braced compression members to yield. The provisions of this clause are only applicable if the 
members braced against sidesway are not expected to yield under seismic forces. 

Reference 10.2 gives some design aids for slender columns. 

C1 0.3.2.3.2 Effective length factor 

The moment magnifier equations were derived for pin ended columns and should be modified to account 

for the effect of end restraints. This is done by using an effective length kL u in the computation of A/ c . 

The primary design aid to estimate the effective length factor k is the Jackson and Moreland Alignment 
Charts (Figure C10.1), which allow a graphical determination of k for a column of constant cross section in 
a multibay frame 10 ' 3, 10 4 . 

The effective length is a function of the relative stiffness at each end of the compression member. Studies 
have indicated that the effects of varying beam and column reinforcement percentages and beam cracking 
should be considered in determining the relative end stiffnesses. In determining ^for use in evaluating 
the effective length factor /c, the flexural rigidity of the flexural members may be calculated on the basis of 
0.35/g for flexural members to account for the effect of cracking and reinforcement on relative stiffness, 
and 0.70/g for compression members. 

Simplified equations for computing the effective length factors for braced compression members have 
since been recommended by the 1972 British Standard Code of Practice 105 . An upper bound to the 
effective length for braced compression members may be taken as the smaller of the following two 
expressions according to that British Code: 

k = 0.7 + 0.05 (^ A + l F Q )<^.0 (Eq.C10-1) 

k = 0.85 + 0.05 ^minSM.O (Eq. C10-2) 

where *¥ k and *F B are the values of <Fat the two ends of the column and *F min is the smaller of the two 
values. 
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The use of the chart in Figure C10.1 or Equations C10-1 or C10-2 may be considered as satisfying the 
requirements of this Standard to justify k less than 1 .0. 
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of beams in a plane at one end of a 
column 
k = effective length factor 

Figure C10.1- Effective length factors for braced frames 

C1 0.3.2.3.4 Consideration of sienderness 

Equation 10-2 is derived from Equation 10-4 assuming that a 5% increase in moments due to 
sienderness is acceptable. 10,1 . The derivation did not include <j> in the calculation of the moment magnifier. 
As a first approximation, k may be taken equal to 1 .0 in Equation 10-2. 

C1 0.3.2.3.5 Design actions including sienderness effects 

The sienderness ratio limits, below which sienderness effects need not be considered in design, indicate 
that many stocky and sufficiently restrained compression members can essentially develop the full cross- 
sectional strength. The lower limit was determined from a study of a wide range of columns and 
corresponds to lengths for which a slender member strength of at least 95 % of the cross-sectional 
strength can be developed. 

(a) The <f> factors used in the design of slender columns represent two different sources of variability. 
First, the stiffness reduction ^factors in the magnifier equations in the 1989 and earlier ACI building 
codes were intended to account for the variability in the stiffness EI and the moment magnification 
analysis. Second, the variability of the strength of the cross section is accounted for by strength 
reduction <j> factors for columns. Studies reported in Reference 10.6 indicate that the stiffness 
reduction factor #J K , and the cross-sectional strength reduction <j>- factors do not have the same 
values, contrary to the assumption in the 1989 and earlier ACI Building Codes. These studies 
suggest the stiffness reduction factor ^for an isolated column should be 0.75 for both tied and spiral 
columns. The 0.75 factor in Equation 10-4 is a stiffness reduction factor ^ K and replaces the ^factor 
in this equation in earlier codes. This has been done to avoid confusion between a stiffness reduction 
factor ^ K in Equation 10—4, and the cross-sectional strength reduction ^factors; 

(b) In defining the critical load, the main problem is the choice of a stiffness EI that reasonably 
approximates the variations in stiffness due to cracking, creep, and the non-linearity of the concrete 
stress-strain curve. Equation 10-6 was derived for small eccentricity ratios and high levels of axial 
load where the sienderness effects are most pronounced. 
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Creep due to sustained load will increase the lateral deflections of a column and hence the moment 
magnification. This is approximated for design by reducing the stiffness E/used to compute N c and 
hence 5 by dividing EI by (1 + fa). Both the concrete and steel terms in Equation 10-6 are divided by 
(1 + fa)- This reflects the premature yielding of steel in columns subjected to sustained load. 



Either Equation 10-6 or 10-7 may be used to compute EI. Equation 10-7 is a simplified 
approximation to Equation 10-6. It is less accurate than Equation 10-6. 10 ' 7 . Equation 10-7 may be 
simplified further by assuming fa = 0.6. When this is done Equation 10-7 becomes EI=0.25E C I Q . 



For non-sway frames fa is the ratio of the design axial sustained load to the total design axial load. 

(c) The factor C m is an equivalent moment correction factor. The derivation of the moment magnifier 
assumes that the maximum moment is at or near mid-height of the column. If the maximum moment 
occurs at one end of the column, design should be based on an equivalent uniform moment C m M 2 
that would lead to the same maximum moment when magnified 10 1 . 

In the case of compression members that are subjected to transverse loading between supports, it is 
possible that the maximum moment will occur at a section away from the end of the member. If this 
occurs, the value of the largest calculated moment occurring anywhere along the member should be 
used for the value of M 2 in Equation 10-3. In accordance with the last sentence of 10.3.2.3.5(c) C m is 
to be taken as 1 .0 for this case. 

(d) In the Standard, slenderness is accounted for by magnifying the column end moments. If the design 
column moments are very small or zero, the design of slender columns should be based on the 
minimum eccentricity given in this section. It is not intended that the minimum eccentricity be applied 
about both axes simultaneously. 

The column end moments from the structural analysis are used in Equation 10-8 in determining the 
ratio M-\IM 2 for the column when the design should be based on minimum eccentricity. This 
eliminates what would otherwise be a discontinuity between columns with computed eccentricities 
less than the minimum eccentricity and columns with computed eccentricities equal to or greater than 
the minimum eccentricity. 

C1 0.3.2.3.6 Bending about both principal axes 

When bi-axial bending occurs in a compression member, the computed moments about each of the 
principal axes must be magnified. The magnification factors S are computed considering the critical 
buckling load A/ c about each axis separately, based on the appropriate effective lengths (kL u ) and the 
related stiffness (El). The clear column height may differ in each direction, and the stiffness ratios Y,(EHL U ) 
of columns to l(EHL n ) of flexural members may also differ, where L u and L n are the span lengths for 
columns and beams, respectively. Thus, the different buckling capacities about the two axes are reflected 
in different magnification factors. The moments about each of the two axes are magnified separately, and 
the cross section is then proportioned for axial load and bi-axial bending. Note that the moment, M c = 
SM 2} refers to the "larger end moment" with respect to bending about one axis. It will usually be 
necessary, therefore, to magnify the moments at both ends of a column subjected to bi-axial bending, and 
to investigate both conditions at both ends. 

C1 0.3.3 Design cross-sectional dimensions for columns and piers 

The minimum sizes for compression members are not specified and thus reinforced concrete compression 
members of small cross section may be used in lightly loaded structures, such as low rise residential and 
light office buildings. The engineer should recognise the need for careful workmanship, as well as the 
increased significance of shrinkage stresses with small cross sections. 

C10. 3.4.1 General assumptions for flexural and axial force design 

Normally the flexural strength of the member will be based on the cracked cross section, including the 

concrete cover in compression outside the transverse reinforcement. The assumptions of 7.4 apply. 

References 10.8, 10.2, 10.9 and others give theory and design aids. The use of an extreme fibre 

concrete compressive strain of 0.003, as specified in 7.4.2.3, will generally result in a satisfactory 

prediction for the flexural strength of a beam but may lead to a significant underestimate of the flexural 

C10-4 



NZS3101:Part 2:2006 



strength of a column, particularly if high strength steel reinforcement is used. Design equations are not 
given here as they have become part of standard theory. 

C1 0.3.4.2 Limit for design axial force N * on columns and piers 

The design axial load strength in compression with or without eccentricity is limited to 85 % of the design 
axial load strength without eccentricity in order to account for accidental eccentricities not considered in 
the analysis that may occur in a compression member and to recognise that at sustained high loads the 
concrete strength may be less than f c '. The 85 % value approximates the axial load strength at an elh ratio 
of 0.05, where e is the eccentricity of load parallel to the axis of the column measured from the centroid of 
the section and h is the section depth. The same axial load limitation applies to both cast-in-place and 
precast concrete compression members. 

C1 0.3.5 Transmission of axial force through floor systems 

C10.3.5.1 Transmission of load through floor system 

The requirements of this section are based on a paper on the effect of floor concrete strength on column 
strength 10 " 10 . The provisions mean that when the column concrete strength does not exceed the floor 
concrete strength by more than 40 %, no special precautions need be taken. For higher column concrete 
strengths, methods in 10.3.5.2 or 10.3.5.3 should be used for corner or edge columns. Methods in 
10.3.5.2, 10.3.5.3 or 10.3.5.4 should be used for interior columns with adequate restraint on all four sides. 

C1 0.3.5.2 Placement of concrete in floor 

Application of the concrete placement procedure described in 10.3.5.2 requires the placing of two different 
concrete mixtures in the floor system. The lower strength mixture should be placed while the higher 
strength concrete is still plastic and should be adequately vibrated to ensure the concretes are well 
integrated. This requires careful co-ordination of the concrete deliveries and the possible use of retarders. 
In some cases, additional inspection services will be required when this procedure is used. It is important 
that the higher strength concrete in the floor in the region of the column be placed before the lower 
strength concrete in the remainder of the floor to prevent accidental placing of the low strength concrete in 
the column area. It is the designer's responsibility to indicate on the drawings where the high and low 
strength concretes are to be placed. 

C1 0.3.5.4 Strength of columns laterally supported on four sides 

Research 10 11 has shown that heavily loaded slabs do not provide as much confinement as lightly loaded 
slabs when ratios of column concrete strength to slab concrete strength exceed about 2.5. Consequently, 
a limit is placed on the concrete strength ratio assumed in detail. 

C1 0.3.6 Perimeter columns to be tied into floors 

Research 10 12 has demonstrated the need to tie columns back into the floor to prevent outward movement 
of the column. In most instances, beams framing into the column will provide sufficient restraint. 
However, in situations such as illustrated in Figure C10.2, where beams are not present in a direction 
perpendicular to the floor edge, extra tie reinforcement is required in the topping as illustrated. 

Effective tension reinforcement connecting columns of one-way frames to precast floor systems which 
they support must be provided at each level. To prevent separation of columns from the diaphragm when 
the lateral design forces are applied, such ties must be effectively anchored in the beam column floor joint 
region to both the column and the floor. Anchorages in the floor should be of sufficient length to allow 
effective dissipation of the design tension force within the diaphragm. The required area of the 
reinforcement should be based on the maximum column forces derived for the storey below the level 
considered. An example of such ties is given in Figure C10.2. 
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Figure C10.2 - Reinforcement to tie exterior columns to floors 
C1 0.3.8 Longitudinal reinforcement in columns and piers 

C10.3.8.1 Limits for area of longitudinai reinforcement 

This clause prescribes the limits on the amount of longitudinal reinforcement for columns and piers. If the 
use of high reinforcement ratios would involve practical difficulties in the placing of concrete, a lower 
percentage and hence a larger column, or higher strength concrete or reinforcement, should be 
considered. The percentage of reinforcement in columns should usually not exceed 4 % if the column bars 
are required to be lap spliced. 



Minimum reinforcement 

Since the design methods for columns incorporate separate terms for the load carried by concrete and by 
reinforcement, it is necessary to specify some minimum amount of reinforcement to ensure that only 
reinforced concrete columns are designed by these procedures. Reinforcement is necessary to provide 
resistance to bending, which may be introduced whether or not computations show that bending exists, 
and to reduce the effects of creep and shrinkage of the concrete under sustained compressive stresses. 
Tests have shown that creep and shrinkage tend to transfer load from the concrete to the reinforcement, 
with a consequent increase in stress in the reinforcement, and that this increase is greater as the ratio of 
reinforcement decreases. Unless a lower limit is placed on this ratio, the stress in the reinforcement may 
increase to the yield level under sustained service loads. This phenomenon was emphasised in the report 
of ACI Committee 105 1013 and minimum reinforcement ratios of 0.01 and 0.005 were recommended for 
spiral and tied columns, respectively. A minimum reinforcement ratio of 0.008 for both types of laterally 
reinforced columns is recommended in this Standard. 



A2 



Maximum reinforcement 

Extensive tests of the ACI column investigation 10 ' 13 included reinforcement ratios no greater than 0.06. 
Although other tests with as much as 17 % reinforcement in the form of bars produced results similar to 
those obtained previously, it is necessary to note that the loads in these tests were applied through 
bearing plates on the ends of the columns and the problem of transferring a proportional amount of the 
load to the bars was thus minimised or avoided. It is considered that 0.08 is a practical maximum for 
reinforcement ratio in terms of economy and requirements for placing. 

C10.3.8.3 Spacing of longitudinal bars 

The spacing limits are set to ensure that the column has some ductility. While this clause gives the 
spacing limits bars contained in a spiral or hoop, or for cross linked bars in a rectangular section, it should 
be noted that 2.4.4.5 requires the spacing of longitudinal reinforcement (not necessarily cross linked) to 
be equal to or less than 300 mm in the region of any member subjected to tension. 



C10.3.9.2 Offset coiumn faces 

This requirement for lap spliced dowels with column faces offset 75 mm or more, together with 8.7.2.1, 
precludes offsetting 75 mm or more in columns reinforced with bars larger than 40 mm since lap splices 
are prohibited for such bars. 
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C1 0.3.10 Transverse reinforcement in columns and piers 

C10.3.10.1 General 

Transverse reinforcement is required to resist shear, confine the concrete and prevent premature buckling 
of compressed longitudinal bars. Each set of criteria should be checked and reinforcement provided for 
the critical set. 

The nominal shear strength is taken as the sum of the shear resistance provided by the concrete and the 
shear resistance provided by shear reinforcement. 

C10.3.10.2.1 Maximum permissible nominal shear force and effective shear area 

The maximum permissible shear stress is limited to prevent diagonal compression failure. 

C1 0.3.1 0.2.2 Method of design for shear 

Either the strut and tie method may be used, see 7.5 and Appendix A, or the shear resisted by the 

concrete and web reinforcement may be found from 10.3.10.3 and 10.3.10.4. 

C1 0.3.1 0.3.1 Nominal shear strength provided by the concrete for normal density concrete 
Equation 10-11 is similar to that used for beams. However, for columns longitudinal reinforcement is 
required to be spaced at relatively close centres around the perimeter of the column (10.3.8). This 
reinforcement controls crack widths and consequently the depth factor (k d in 9.3.9.3.4) for beams can be 
taken as 1 .0 for columns. 

Equations 10-14 and 10-15 for k n make a conservative allowance for the influence of axial load on shear 
resistance provided by the concrete. In designing for shear it is important to note the detrimental influence 
that axial tension may have on the shear resistance provided by the concrete. Designers should be aware 
that axial tension may be induced due to shrinkage of concrete or temperature change where members 
are restrained against longitudinal movement. 

Low levels of axial tension often occur due to volume changes, but are not important in structures with 
adequate expansion joints and minimum reinforcement. It may be desirable to design shear 
reinforcement to carry total shear if there is uncertainty about the magnitude of axial tension. 
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Figure C10.3 - Effect of column taper on shear strength 
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C1 0.3.1 0.3.2 Change in shear strength in members where sides are not parallel to the longitudinal axis 
A2 Figure C10.3 illustrates the case where the depth of a column increases in the direction of decreasing 
moment. In this situation, the lateral transverse components of the compression and tension forces in the 
section act against the shear force to be resisted by the concrete and reinforcement. The reduction in 
nominal shear strength due to the lateral component of these forces may be calculated from the 
inclinations of the compression and tension forces, relative to the axis of the member. Conservatively, the 
inclination of the compression may be assumed to be parallel to the side subjected to the highest 
compression strain. The inclination of the tension force is defined by the inclination of the reinforcement. 
Where a designer wishes to allow for the beneficial effect of the inclination of the flexural forces, where the 
section depth decreases with decreasing moment, the strut and tie method of design should be used (see 
10.3.10.2.2 and Appendix A). 

C10. 3.10.3.3 Nominal shear strength provided by the concrete for lightweight concrete 
See C9.3.9.3.5. 

C10.3.10.4 Shear reinforcement 

C10.3.1 0.4.2 Nominal shear strength provided by shear reinforcement 

The equations 1 0-1 7 and 1 0-1 8 are consistent with an angle of tan" 1 y for the diagonal compression forces 
in the web (see C9.3.9.4.) The values of V c given by 10.3.10.3 have been determined from test results 
and the assumption that the contribution of shear resistance provided by the concrete is given by 
equations 10-17 and 10-18. If other inclinations of diagonal compression force are assumed there is 
uncertainty as to the correct value of V c which should be used. 

Shear reinforcement may be designed as permitted in 7.5.9 and 10.3.10.2.2 using the "strut and tie" 
method. 

C1 0.3.1 0.4.3 Maximum spacing of shear reinforcement 

The recommended spacing ensures that the diagonal cracks are crossed by shear reinforcement. 

C1 0.3.1 0.4.4 Minimum shear strength provided by shear reinforcement 

The minimum area of shear reinforcement as for beams is recommended (see 9.3.9.4.13 to 9.3.9.4.15). 
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C10.3.10.5 and C10.3.10.6 Design of spiral or circular hoop, or rectangular hoop and tie transverse 

reinforcement for confinement of concrete and lateral restraint of longitudinal 
bars 
Spiral or circular hoop, or rectangular hoop and tie reinforcement, is needed to ensure ductile behaviour of 
the column in the event of overload or unexpected displacements. Equations 10-20 and 10-22 are to 
ensure that the concrete is confined. Equations 10-21 and 10-23 are to ensure that premature buckling 
of longitudinal bars does not occur. 

Figure C10.4 illustrates examples of the application of Equations 10-20 to 10-23 to circular and 
rectangular columns. 
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Figure C10.4 - Example of application of Equations 10-20 to 10-23 
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The arrangement of transverse reinforcement should ensure that the ratio A g IA C does not exceed 1.5 
unless it can be shown that the design strength of the core of the column, including the beneficial effect of 
the enhancement in the concrete compressive strength due to confinement if necessary, can resist the 
design actions given by the design loading combinations including earthquake effect. In that case A Q = A c 
and the value of >A g />A c = 1.0 should be substituted in Equations 10-20 and 10-22. If the gross area of the 
section A Q is used to resist the design actions, the limitation of A Q IA C < 1 .5 means that there is a practical 
minimum size of core concrete. This limitation on reduction of core area, as compared to the gross area of 
the section, may become critical for members with relatively small cross-sectional areas in conjunction 
with relatively large covers to the transverse reinforcement. 

The limitation on p t m means that the maximum value of p t m that can be used in Equations 10-20 and 10- 
22 is 0.4. This is not a physical limitation on p t m. The selection of non-prestressed longitudinal 
reinforcement content p t , f y and f' c may result in the actual p t m ratio exceeding 0.4. 

The quantities of transverse reinforcement specified by Equations 10-20 to 10-23 are aimed at ensuring 
ductile behaviour and continued load carrying ability of the column at large inelastic deformations when 
the shell (cover) concrete has spalled off. The derivation of Equations 10-21 and 10-23 is given 
elsewhere 10 14 . The equations were determined to ensure that while carrying constant axial load the 
moment of resistance of the column does not diminish by more than 20 % during cycles of flexure to 
curvature ductility factors ^ t<fa of at least ten, where $, is the ultimate curvature and fa is the curvature at 
first yield of the column. Note that the required quantity of transverse reinforcement increases with the 
axial load level. The maximum centre-to-centre spacing of the transverse reinforcement permitted in 
10.3.10.5.2 and 10.3.10.6.2 is that considered necessary to restrain buckling of longitudinal steel and for 
adequate confinement of the concrete. Too great a spacing would not provide adequate lateral restraint or 
confinement; too small a spacing would not allow aggregate particles to pass between the transverse bars 
when concrete is being placed. Note that this transverse reinforcement is required without reduction up 
the full height of the column, since failure could occur away from the ends of the column, as the bending 
moment may be more critical elsewhere when gravity load effects dominate. 

Equations 10-20 and 10-22 result in quantities of transverse reinforcement that are approximately 70 % 
of that required by Equations 10-38 and 10-40. For columns, where the provisions of 10.3.10 govern, it is 
expected that the degree of restraint of longitudinal bars in compression (once spalling of cover concrete 
has occurred) need not be as large as that required for columns, governed by the requirements of 10.4. 

The requirement for the minimum transverse reinforcement in columns stems from assuring a reasonable 
capability for inelastic deformation. The predominant situation seen as producing these deformations is 
seismic loading. Therefore the combination of factored loads for the ultimate limit state for determining the 
quantity of transverse reinforcement for Equation 10-20 and Equation 10-22 N* should be taken as the 
maximum compression axial load in and load combinations involving either seismic actions or wind forces, 
or any other load combination in which appreciable lateral force is applied to the structure. 

C10.3.10.9 Set out of transverse reinforcement at column ends 

A provision has been included in this Standard requiring ties above the termination of the spirals in a 
column if enclosure by beams or brackets is not available on all sides of the column. These ties are 
chosen to enclose the longitudinal column reinforcement and the portion of bars from beams bent into the 
column for anchorage. The Standard allows spirals to be terminated at the level of lowest horizontal 
reinforcement framing into the column. However, if one or more sides of the column are not enclosed by 
beams or brackets, ties are required from the termination of the spiral to the bottom of the slab or drop 
panel. If beams or brackets enclose all sides of the column but are of different depths, the ties should 
extend from the spiral to the level of the horizontal reinforcement of the shallowest beam or bracket 
framing into the column. 
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C1 0.3.1 1 Composite compression members 

C1 0.3.1 1.1 General 

Composite columns are defined without reference to classifications of combination, composite, or 
concrete-filled pipe column. Reference to other metals used for reinforcement has been omitted because 
they are seldom used in concrete construction. 

C1 0.3.1 1.2 Strength 

The same rules used for computing the axial load - moment interaction strength for reinforced concrete 
sections can be applied to composite sections. Interaction charts for concrete-filled steel tubes would 
have a form identical to those for reinforced concrete sections. 

C1 0.3.1 1 .3 Axial load strength assigned to concrete 

Direct bearing or direct connection for transfer of forces between steel and concrete can be developed 
through lugs, plates, or reinforcing bars welded to the structural shape or tubing before the concrete is 
cast. Flexural compressive stress need not be considered a part of direct compression load to be 
developed by bearing. A concrete encasement around a structural steel shape may stiffen the shape, but 
it would not necessarily increase its strength. 

C1 0.3. 11. 5 Slenderness effects 

Equation 10-24 is given because the rules of 10.3.2.3.3 for estimating the radius of gyration are overly 

conservative for concrete filled tubing and are not applicable for members with enclosed structural shapes. 

In reinforced concrete columns subject to sustained loads, creep transfers some of the load from the 
concrete to the steel, increasing the steel stresses. In the case of lightly reinforced columns, this load 
transfer may cause the compression steel to yield prematurely, resulting in a loss in the effective EI. 
Accordingly, both the concrete and steel terms in Equation 10-25 are reduced to account for creep. For 
heavily reinforced columns or for composite columns in which the pipe or structural shape makes up a 
large percentage of the cross section, the load transfer due to creep is not significant. Accordingly in 
Equation 10-9 only E/of the concrete is reduced for sustained load effects. 

C1 0.3.1 1 .6 Structural steel encased concrete core 

Steel encased concrete sections should have a metal wall thickness large enough to attain longitudinal 

yield stress before buckling outward. 



C10.4 Additional design requirements for structures designed for earthquake effects 

C1 0.4.2 Protection ofcoiumns at the ultimate limit state 

In accordance with the requirements of NZS 1170.5, with few exceptions in low-rise buildings, multi-storey 
frames subjected to earthquake forces must exhibit a strong column-weak beam plastic mechanism to 
ensure that so-called "soft storeys" do not develop. 

This Standard requires capacity design procedures to be used to achieve this aim as far as possible. 
These procedures take into account possible beam overstrength, concurrent seismic forces and 
magnification of column moments due to dynamic effects (see 2.6.5). 

C1 0.4.3 Dimensions ofcoiumns and piers 

The derivation of Equations 10-26 to 10-29 relating permissible depth, width and clear height of columns 
and piers is similar to that for beams discussed in C9A1.2. It was recognised that stiffness degradation 
occurs during cyclic loading. 

For bridge piers the criteria stated in Equations 10-28 and 10-29 will not be appropriate if diaphragm 
action of the superstructure can be relied upon. However, if these equations are not used for bridge piers 
special studies should be conducted to establish that lateral buckling will not be a problem. 



C10-11 



NZS3101:Part 2:2006 



C1 0.4.3.6 Narrow beams and wide columns 

The effective width to be considered for wide columns and the treatment of eccentric beam column 
connections are discussed in Commentary Clauses C1 5.4.6 and C1 5.4.7. Frame details in which the 
axes of the beams and columns do not coincide should be avoided. 

C1 0.4.4 Limit for design axial force on columns and piers 

An upper limit of 0.7A/ n ,max is placed on the axial compressive load in columns and piers because for 
heavily loaded sections a large amount of confining reinforcement is required to make the section 
adequately ductile. The upper limit applies both to columns or piers which are protected against plastic 
hinging and to columns and piers which are designed for deliberate plastic hinging (for example, in the 
case of one or two storey buildings where Section 2 allows column sidesway mechanisms, or in bridge 
piers) since it is considered that columns and piers detailed according to this Standard will have adequate 
ductility to enable the structure to deform to the required displacement ductility factor. That is, because the 
amount of transverse reinforcement increases with the axial compressive load level, there is no need to 
place a more severe limit on axial load level for these cases than the limit given in 10.4.4. 

When loads on columns and frames are derived from capacity design principles the value of <f> in the 
expression for 0.7 ^/V n ,max should be taken as unity. 

C1 0.4.5 Ductile detailing length 

The length over which yielding of the reinforcement may occur, referred to as the ductile detailing length, 
£ V1 which is to be confined in the end region of a column or pier is listed in Table C10.1. It is taken as the 
greater of a multiple of the longer cross section dimension or diameter or where the moment exceeds a 
percentage of the maximum moment. The bending moment diagram for a column or pier is known quite 
accurately in statically determinate cases and in the case of low frames where higher mode effects are not 
significant. In tall frames where higher mode effects are significant, the moment diagram will be different 
from that given by equivalent static seismic forces. In lieu of more accurate analysis to determine the 
length of the potential plastic hinge region in a column or pier, the following assumptions should be made 
with regard to the column bending moment diagram, obtained from an equivalent static analysis of lateral 
forces or a first mode analysis in a response spectrum analysis, to which the appropriate percentages of 
maximum moment are to be applied: 

(a) When the bending moment diagram of the column or pier contains a point of contraflexure, the 
column bending moment diagram to be used to determine the length of the potential plastic hinge 
region can be considered to extend from the maximum moment at the end under consideration to 
zero moment at the centre of the beam, at the other end of the column in that storey. 

(b) When the column or pier is dominated by cantilever action and a point of contraflexure does not 
occur in the storey being considered, then the column bending moment diagram to be used may be 
assumed to commence with the maximum moment at the end of the column being considered and 
shall have 80 % of the gradient of the column bending moment diagram resulting from the 
determination of maximum moments. 

For (a) and (b) above, the maximum moment in the columns shall be determined with regard to dynamic 
magnification and overstrength actions. Appendix D has appropriate methods for obtaining the maximum 
moments (M co \) and column bending moment diagrams. In (a) and (b), the maximum moments are those 
at the top or the soffit of the beams in the storey under consideration (equally applicable to the base of the 
column). 



The recommendations of 10.4.5 were derived as the result of analysis and tests 



10.15 



Note that for heavily loaded columns in frames the whole height of the column may be in the top and 
bottom potential plastic hinge regions. For example, this will be so if A/* ^ 0.5^ f' c A g when the ratio of the 
clear height of column to larger lateral dimension is 6.0 or less. 
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Table C10.1 - Length of potential plastic hinge region at end of columns or piers 



Axial load N*o 

(N) 


The larger of: 


Multiple of longer cross 
section dimension 


Where moment exceeds 

percentage of maximum 

moment accounting for type 

of bending moment diagram; 

see C1 0.4.5(a) and (b) 

(%) 


0-0.25^f^\ q 


1.0 


80 


0.25^/cA,-0.5^fcA! 


2.0 


70 


0.50 f^A g - 0.7 </>N 


3.0 


60 



C 10.4.6 Longitudinal reinforcement in columns and piers 

C1 0.4.6.1 Longitudinal reinforcement 

The minimum area of longitudinal reinforcement is the same as that specified for members not designed 

for seismic forces given by 10.3.8.1. 

C10.4.6.2 Maximum area of longitudinal reinforcement 

The maximum areas are more restrictive than for members not designed for seismic loading, and are less 
for higher grade steel in view of the higher yield strength of that steel. Limits are also placed on the 
maximum reinforcement area at lap splices. 

C1 0.4.6.3 Spacing of longitudinal bars in plastic hinge region 

The requirement concerning the spacing of longitudinal bars in potential plastic hinge regions is to ensure 
that bars are distributed reasonably uniformly around the perimeter of the section in order to assist the 
confinement of concrete. The bars between the corner bars in rectangular columns or between bars at the 
sides in circular columns can also act as vertical shear reinforcement in beam column joints if required 
(see 15.4.5.2). In wide columns with narrow beams some concentration of the effective flexural 
reinforcement may be required in accordance with 15.4.6. 

C1 0.4.6.6 Maximum longitudinal column bar diameter in beam column joint zones 
Generally columns are given protection against the simultaneous formation of plastic regions on each side 
of a joint zone. Consequently the bond conditions for longitudinal bars are considerably better than for the 
corresponding condition for beam bars, where simultaneous yield of bars in compression and tension may 
be expected on each side of the joint zone. Hence less restrictive bar diameter to beam depth ratios may 
be used for column bars. Where a high level of protection against plastic hinge formation occurs in 
columns (as in method A in Appendix D) the maximum permitted bar diameter is further increased. 

Elongation of beams can force plastic hinges to occur in columns immediately above or below the joint 
zone at the first elevated level in moment resisting frames. For this reason equation 10-32 should not be 
used for bar diameters in the columns adjacent to the first level. 

C10.4.6.8 Splices of longitudinal reinforcement 

The centre of lap splices in longitudinal column bars must be within the middle quarter of the storey height 
unless it is shown that plastic hinges cannot develop at the column ends. This condition may be assumed 
where columns are designed by method A in Appendix D in the region above mid depth of the second 
storey. Stirrup-ties must confine the lap splice if reversing stresses in the longitudinal bars in the lap 
exceed 0.6 f y . 

C1 0.4.7 Transverse reinforcement in columns and piers 

C1 0.4.7.2.1 Design shear force 

Design shear forces in members containing potential plastic regions are determined by capacity design 
principles. The objective is to ensure a ductile failure mode develops in preference to non-ductile failure 
modes, such as shear failure or buckling of longitudinal reinforcement. Appendix D contains two methods 
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that may be used to determine capacity design actions in multi-storey, ductile, moment resisting frames. 
However, the shear force determined by either of these actions is not allowed to be less than the 
appropriate values listed in this clause. 

It should be noted that elongation of beams, which is associated with the formation of plastic hinge zones, 
can induce plastic hinges at the base of columns as well as either just above or just below the beams at 
the first level above the base. This is the reason for (c) in clause 10.4.7.2.1. 

A2 C1 0.4.7.2.2 Types of potential plastic hinges in columns 

This clause identifies where potential ductile plastic regions should be used and where potential limited 
ductile plastic regions may be used in columns in multi-storey buildings adjacent to beams. 

Method B in Appendix D provides a high level of protection against the formation of a column sway 
mechanism, but it accepts that some plastic deformation may occur in the columns. Consequently, where 
this design method is used, ductile detailing should be provided in all the potential plastic regions. 

Method A provides a high level of protection against plastic deformation in the columns except in the first 
one and a half levels above the primary plastic regions at the base of each column. In this region, 
elongation of beams, which is generally ignored in analysis, can induce plastic hinges in the columns 
immediately below or above the beams in the first elevated level. For this reason, potential plastic regions 
below the mid-height of the first elevated storey should be detailed as for ductile plastic regions. 

C10.4.7.2,3 Design of shear reinforcement 

Special provisions are given in 10.4.7.2.4 and 10.4.7.2.5 for shear design in ductile and limited ductile 
potential plastic regions. Outside these zones the provisions in 10.3.10.2, 10.3.10.3 and 10.3.10.4 may be 
followed, except the minimum shear reinforcement is increased by 33 % as specified in 10.4.7.2.7. 

C1 0.4.7.2.4 Strut and tie method for shear design 

When axial compression force acts on a column sustaining a bending moment which varies over its 
length, the resultant compression force is inclined to the axis of the column. This is illustrated in 
Figured 0.5. The resultant compression force may be envisaged as being made up from two 
components, one due to flexure, which varies with distance, and one due to axial load, which is constant 
with distance. The approximation is illustrated in the figure. From this it can be seen that the average 
shear resisted by the inclined axial force, A/*, is given by A/* tan a, where a is the angle sustained between 
the centroidal axis of the member and the line formed by joining the centroid of the section at the point of 
inflection to the centroid of the compression force in the concrete at the point of maximum moment. The 
remainder of the shear is resisted by shear reinforcement and diagonal compression forces in the web of 
the member. 

Within the ductile detailing length the inclination of the diagonal compression forces in the flexural tension 
zone to should be equal to or more than 45° to the flexural tension reinforcement. This recommendation 
is made as smaller angles of diagonal compression force can lead to premature yielding of ties, which 
results in the longitudinal reinforcement being kinked, hence reducing the resistance to the bucking of 
these bars. Smaller angles of inclination may be used in the column between ductile detailing regions. 



C10-14 



NZS3101:Part 2:2006 



Axial load N, 

Centroid of 
compression 

Flexural 
compression force 



Centroid of 
compression force 





Point of 

inflection 




(a) Shear resisted by 
inclination of axial 



(b) Truss action of ties and diagonal (c) Bending moment 
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Figure C10.5 - Stmt and tie design for shear 

C1 0.4.7.3 Alternative design methods for concrete confinement and lateral restraint of longitudinal bars 
Where columns contain a significant amount of transverse confining reinforcement they exhibit 
considerable ductility at high strains at the ultimate limit state when the concrete shell outside the core 
concrete spalls off. This ductility is due to the increased strength and ductility of the concrete core, and to 
the restraint against buckling of the longitudinal reinforcement, provided by the transverse confining 
reinforcement 
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Clause 10.4.7.3 permits alternative methods to be used to determine the transverse reinforcement 
required for confinement and lateral restraint of bars. 

A great deal of experimental testing and analysis of reinforced concrete columns subjected to simulated 
seismic forces has been conducted in New Zealand (for example, see References 10.14, 10.15, 10.16, 
10.17, 10.18, 10.19, 10.20 and 10.21). This research has provided improved information on the cyclic 
stress-strain characteristics of concrete confined by various amounts and arrangements of confining 
reinforcement. As a result, design charts have been derived by Zahn et al 1020 to relate the available 
curvature ductility factor fa/ fa of reinforced concrete column and pier-cross sections to the magnitude of 
the confining stress applied by transverse spiral or hoop steel, and to determine the flexural strength of 
those confined sections. The design charts were derived from theoretical studies of the cyclic moment- 
curvature behaviour of reinforced concrete column sections, using analyses that included the cyclic stress- 
strain relationships for confined and unconfined concrete and the longitudinal reinforcing steel and 
transverse confining steel. The cyclic stress-strain relationships used for confined concrete, due to 
Mander et al 10,19 ' 1022 , include the effects of various quantities and arrangements of the transverse 
confining reinforcement. In the analysis the ultimate curvature fa is obtained by imposing four identical 
cycles of bending moment to peak curvatures of equal magnitude in each direction. 

The available ultimate curvature is considered to have been reached when one of the following limit 
conditions is reached: 

(a) The peak moment resisted in the last cycle has reduced to 80 % of the maximum theoretical flexural 
strength; 

(b) The strain energy accumulated in the confining reinforcement at the end of four cycles has become 
equal to its strain energy capacity and the transverse steel fractures; 
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(c) The tensile strain in the longitudinal reinforcing steel has reached that at the ultimate tensile strength; 
or 

(d) The compression strain in the longitudinal reinforcing steel has reached such that significant inelastic 
buckling occurs. 



The first of these four limits conditions to be reached and defines the available ultimate curvature, fa. 
Generally either limit condition (a) or (b) was found to govern 10 ' 20 . A range of design charts for the 
available curvature ductility factor fa /fa of circular and rectangular reinforced concrete columns were 
derived 1020 , where fa is the curvature at first yield. The design charts plot the axial load ratio /V*/A g 
against the curvature ductility factor fa /fa for various ratios of effective lateral confining stress, f h to 
concrete compressive strength, f t /f' c and for various p t m values, where p t is the longitudinal steel ratio and 
m = f/0.85. The effective lateral confining stress is dependent on the spacing, area and yield strength of 
the transverse bars. Design charts were also derived to determine the flexural strength of column 
sections including the influence of the increase in the concrete compressive strength and ductility capacity 
due to confinement. 

Watson et al 10 14, 10 15 have used the design charts for ductility derived by Zahn et al 1020 to obtain refined 
design equations for the quantities of transverse confining reinforcement required in the potential plastic 
hinge regions of reinforced concrete columns. Typical ranges of the axial load ratio /V*/A g , the concrete 
compressive strength, the mechanical reinforcing ratio p { m, and the cover ratios c/h for square and 
rectangular columns or c/D for circular columns, were considered, where c = concrete cover thickness and 
h and D = overall depth and diameter of rectangular or square and circular cross sections, respectively. 
The 95 % upper-tail values of the area of transverse reinforcement obtained from the design charts and a 
regression analysis were used to obtain the best-fit equations by the least squares method. The 
Equations C10-3 and C1CM are based on corresponding equations developed by Watson et al. 
However, an additional factor, /c c , which is applied to the curvature ratio, falfa, has been introduced to 
make this ratio consistent with the method of calculation and the curvature limits given in Section 2.6. 
Where the curvatures are calculated by the method set out in 2.6 the appropriate value of k c is equal to 
270//y but with an upper limit of 0.75 (270/f y < 0.75). The modified equation for rectangular column cross 
sections is as follows: 



A sh K {k c fa/fa)-33p { m^22}f^ N* 



0.006 (Eq. C10-3) 



V?" | A; m f Y^KA g 

For circular column cross sections the modified equation becomes: 

\A a \{k c falfa)-33p { m + 22\f' N* ) 
p =1.4 J-i lv c ^ u WvJ - lic._l40_L_o.OO84 ......(Eq. C1(M) 

[Ac HI WcAJ 

In Equation C10-3 

A sU is the total effective area of transverse bars in direction under consideration within centre-to-centre 

spacing of hoop sets 
s h , h" is the dimension of core of rectangular or square column at right angles to direction of transverse 

bars under consideration measured to the centreline of the perimeter hoop 
>4 g is the gross area of column, A c = core area of column 
fa/ fa is the curvature ductility factor 

p t is the A si /A g , A si = total area of longitudinal column reinforcement 
m is the /y/0.85, f v - lower characteristic strength yield strength of longitudinal steel 
/yt is the lower characteristic strength yield strength of transverse steel, 
f' c is the concrete compressive cylinder strength 

C10-16 



NZS 31 01 :Part 2:2006 



A/* is the axial compressive load on column derived from capacity considerations 
<f> is the strength reduction factor 

p s is the ratio of volume of transverse circular hoop or spiral steel to volume of concrete core of 
column. 

The refined equations have had experimental verification 10 14, 10 15 . 

When applying the refined equations it should be ensured that for the arrangement of transverse 
reinforcement that the ratio A g IA C does not exceed 1.5 unless it can be shown that the design strength of 
the core of the column, including the beneficial effect of the enhancement in the concrete compressive 
strength due to confinement if necessary, can resist the design axial load given by the design loading 
combinations including earthquake effect. In that case the actual value of A g IA C should be substituted in 
Equations 10-38 and 1CMI0. This means that there is a practical minimum size of core concrete. This 
limitation on reduction of core area, as compared to the gross area of the section, may become critical for 
members with relatively small cross-sectional areas in conjunction with relatively large covers to the 
transverse reinforcement. 

Also p t m should not be taken larger than 0.4. The limitation on p { m means a maximum value of 0.4 could 
be used in Equations 10-38 and 10^0. This is not a physical limitation on p t m. The selection of non- 
prestressed longitudinal reinforcement p u f y and f' c may result in the actual p x m ratio exceeding 0.4. 

C1 0.4.7.4.1 In ductile potential plastic hinge regions 

A value of curvature ductility factor ^ /$, = 20//c c could be used in the above equations when plastic 
hinging of ductile columns or piers is expected in a severe earthquake. For example, at the bottom storey 
of ductile building frames, or in the columns of one or two storey ductile frames where strong beam-weak 
column design is permitted, or in ductile bridge piers where plastic hinging is expected in a severe 
earthquake. Equations 10-38 and 10^0 were obtained from the above equations by substituting 
^b/^ = 20. Unless special studies are undertaken the maximum curvature ductility factor ^/^ should not 
exceed or assume to be greater than 20//c c . 

At low axial load levels the need of transverse reinforcement for concrete confinement becomes less and 
the provision of sufficient transverse reinforcement to prevent buckling of the longitudinal reinforcement 
becomes more critical. The quantity of transverse reinforcement required to prevent buckling of 
longitudinal reinforcement is given by Equation 10-39 for spiral or circular hoop reinforcement and by 
Equation 10-41 for rectangular hoops or supplementary cross-ties. The transverse reinforcement should 
not be less than the greater of that required for concrete confinement and restraint against bar buckling. 

The permitted centre-to-centre vertical spacing of transverse steel of not greater than one-quarter of either 
the least lateral dimension or the diameter of the column or pier is also to ensure adequate confinement of 
concrete. This maximum spacing is kept reasonably small. This is because the concrete is confined 
mainly by arching between the spiral or hoops and hence if the vertical spacing is too large a significant 
depth of unconfined concrete will penetrate into the concrete core between the spirals or hoops and thus 
reduce the effective confined concrete section. This maximum spacing is a function of the column 
dimension, and hence the spacing is greater for larger sections than for smaller sections, since a greater 
penetration of unconfined concrete between the transverse steel has a less significant effect on strength 
for larger sections. The requirements that the vertical spacing should not exceed six longitudinal bar 
diameters is to prevent buckling of longitudinal steel when undergoing yield reversals in tension and 
compression consistent with the attainment of a curvature ductility factor of at least 20//c c . It is well known 
that such stress reversals in the yield range cause a reduction in the tangent modulus of the steel at 
relatively low stresses, due to the Bauschinger effect, and therefore closely spaced transverse 
reinforcement providing lateral support is required to prevent buckling of the longitudinal reinforcement. 

In most rectangular sections a single rectangular peripheral hoop will be insufficient to properly confine the 
concrete and to laterally restrain the longitudinal bars against buckling. Therefore an arrangement of 
overlapping rectangular hoops or supplementary cross-ties or both, will be necessary. It would appear to 
be better to use a number of overlapping rectangular hoops rather than a single peripheral hoop and 
supplementary cross-ties. An example of alternative details and the preferred arrangement is shown in 
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Figured 0.6. Note from Figure C1 0.6(a) that a supplementary cross tie will normally engage a 
longitudinal bar. That is, the concrete is confined by arching between hoops, supplementary cross-ties 
and longitudinal bars. In a set of overlapping hoops it is preferable to have one peripheral hoop enclosing 
all the longitudinal bars together with one or more hoops covering smaller areas of the section. This is 
because such a detail is easier to construct, since the longitudinal bars are held more firmly in place if they 
are all enclosed by one hoop. Thus the detail in Figure C1 0.6(b), which has a hoop enclosing all bars and 
a smaller hoop enclosing the middle four bars, is to be preferred to the detail in Figure C1 0.6(c), which has 
two hoops each enclosing six bars. 



Hoop 



o 

o 
o 

CM 



Supplementary 
cross ties 



E? 

is 

VI 




Hoops 



r. W U ..\p 




Hoops 




x 1 | x t | x A 



x 1 < larger of 200 or -2 

(a) Single hoop plus two 

supplementary cross-ties bent 
around longitudinal bars 



(b) Two overlapping 
hoops - preferred 
detail 



(c) Two overlapping 
hoops - not 
preferred to (b) 



Figure C1 0.6 -Alternative details using hoops and supplementary cross ties 

Figured 0.7 illustrates examples of the use of overlapping hoops for column sections with a greater 
number of longitudinal bars. It is to be noted that the inclined hoop surrounding the four bars at the centre 
of each face in Figure C1 0.7(b) can be counted on making a contribution to A sh in Equation 10-40 by 
determining the equivalent bar area of the component of forces in the required direction. For example, two 
such hoop legs inclined at 45° to the section sides could be counted as making a contribution of y[2 times 
the area of one perpendicular bar in assessing /\ sh . That is, in Figure C1 0.7(b), Ah may be taken as 5.41 
A e , where Ae is the area of each hoop bar. 

The legs of rectangular hoops and supplementary cross-ties should not be too widely spaced across the 
section if concrete confinement and restraint against buckling of longitudinal bars is to be adequate. 
However, not all longitudinal bars need to be laterally supported by a bend in a transverse hoop or cross- 
tie. 
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(a) Three overlapping hoops (b) Four overlapping hoops 

Figure C10.7- Typical details using overlapping hoops 

If bars or groups of bars which are laterally supported by bends in the same transverse hoop or cross-tie 
are not further apart than the larger of 200 mm and one-quarter of the adjacent lateral dimension of the 
cross section any bar to bundle of bars between them need not have effective lateral support from a bent 
transverse bar, as is demonstrated in Figure C1 0.7(a). Also, bars which lie within the core of the section 
centred more than 75 mm from the inside face of the peripheral hoop need no special lateral support. 

Figure C10.8 illustrates the difference between the provisions for the transverse reinforcement required for 
confinement of concrete and lateral support of longitudinal bars in the potential plastic hinge regions of a 
700 mm square column according to this Standard NZS 3101 when </> = 1 and the Building Code of the 
American Concrete Institute (ACI 318). It is evident that the quantities of transverse reinforcement 
required for concrete confinement by Equation 10-40 reduces significantly with the decrease in axial 
compression load until the transverse reinforcement required by Equation 10-41 to restrain lateral 
buckling of longitudinal bars becomes critical. 
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Figure C10.8 - Example of quantities of transverse reinforcement required in the potential plastic 

hinge region of a reinforced concrete column 

Equations 10-38 and 10-40 were derived for concrete with compressive strength up to 40 MPa. 
However they have been shown to apply approximately to concrete with compressive strength up to 
100 MPa 1021 . Note that the tests on columns with concrete compressive strength of 100 MPa have shown 
that very high strength concrete is extremely brittle when not confined adequately 1021 and that the 
required confinement will be considerably greater than for normal strength concrete columns. More recent 
tests and analytical study 10 ' 23 have shown that the equations also apply approximately to columns 
produced from lightweight aggregate concrete. 

C1 0.4.7.4.2, C1 0.4.7.5.2, C1 0.4.7.4.4 and C1 0.4.7.5.4 Regions protected against plastic hinging and 

outside potential plastic hinge regions 
In frames where the capacity design procedure, method A in Appendix D, is used, there is a high level of 
protection against the formation of plastic regions in the columns above the mid-height of the second 
storey. In recognition of the reduced inelastic demand on the plastic regions in these columns the quantity 
of confining reinforcement can be reduced to 70 % of that required by Equations 10-38 and 10-40. This 
should enable the column to achieve a curvature ductility factor of at least ten under repeated cyclic 
loading of 15 under earthquake attack. However, as protection against bar buckling is still required, and 
some confinement of the concrete is necessary, there is no corresponding reduction in the requirements 
given by Equations 10-39 and 10-41 . 

This reduction in transverse reinforcement for confinement does not apply below the mid-height of the 
second storey. Beam elongation associated with the formation of plastic hinges in the beams can force 
plastic hinges to form in the columns in the region below the mid-height of the second storey. Nor does 
this reduction apply to columns or piers where plastic hinging is expected to occur, such as in one or two 
storey frames, or the top storey of multi-storey frames, or in bridge piers, which are deliberately designed 
for plastic hinging. This reduction in the quantity of transverse reinforcement does not apply if plastic 
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hinge regions are in close proximity. For example, for a column in the lowest storey with N* > 0.5^A g in a 
frame where the ratio of the clear height of column to the larger lateral cross section dimension is six or 
less, the whole height of column is in the two potential plastic hinge regions and will need full confinement. 
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Table C10.2 - Design of reinforced columns and piers 






Design issue 


Nominally ductile seismic 
design philosophy 


Ductile seismic design philosophy 


Material 
limitation 
applicable to the 
detailing 
described in this 
table 


Range limitation on concrete 
compressive strength, f c ' 


25 to 100 MPa (5.2.1) 


25 to 70 MPa for ductile elements (5.2.1 ) 


Limitation on longitudinal 
reinforcement yield strength, f v 


Not greater than 500 M Pa (5.3.3) 


Same as for nominally ductile 


Limitation on transverse 
reinforcement yield strength, f vt 


Not greater than 500 MPa for shear 
and 800 MPa for confinement (5.3.3) 


Same as for nominally ductile 


Reinforcement class as per 
AS/NZS 4671 


Class E, 

unless conditions for Class N are 

satisfied (5.3.2.3) 


Same as nominally ductile 


Ductility 


Curvature ductility achievable 
through tabled detailing 


Clause 2.6.1 .3.4 Table 2.4 (a) and (b) 


Clause 2.6.1 .3.4 Table 2.4 (a) and (b) 


Slender columns 




(10.3.2) 


Refer dimensional limitations below 


Compressive 
load limitations 


Maximum axial compressive 
load 


0.850 A/ n , max where, 0= 0.85 
(10.3.4.2) 


0.7^ A/rynax, use (j) - 1 .0 when column actions determined by capacity 
design (10.4.4) 


Dimensional 
limitations 


Dimension of column 


Refer slender column requirements 


b w >U25 (10.4.3) 
£ w >V(£ n ft/100) (10.4.3) 
refer 10.4.3.3 for cantilevered columns 


Column plastic 
hinge detailing 


Extent of ductile detailing 
length, £ v , for detailing 
purposes 


Not applicable 


A/*<0.25^/c/\ g (10.4.5) 


Greater of h, diameter or where 
moment exceed 0.8 M max 


0.25^fc/\ g < A/*<0.5 #f' c A g 
(10.4.5) 


Greater of 2 times (h, diameter) or 
where moment exceed 0.7 M max 


A/* > 0.5 #f' c A g (10.4.5) 


Greater of 3 times {h, b w 
diameter) or where moment 
exceed 0.6 M max 


Provide required special 
detailing in potential plastic 
hinge regions when 


Not applicable 


Column hinging is expected. If column hinging is prevented use 
reduced detailing requirements. 


Strength 
reduction factors 


Strength reduction factors 


(2.3.2.2) 


0= 1.0 when actions are derived from overstrength (2.3.2.2) 


Overstrength 
factors 




Not applicable 


Where column hinging is expected use 2.6.5.5 and 2.6.5.6 
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Table C10.2 - Design of reinforced columns and piers (Continued) 


o 




Design issue 


Nominally ductile seismic 
design philosophy 


Ductile seismic design philosophy 




Longitudinal 

reinforcement 

detailing 


Minimum longitudinal 
reinforcement ratio 


0.008 A g (10.3.8.1) 


Same as for nominally ductile 




Maximum longitudinal 
reinforcement ratio 


0.08 >A g (10.3.8.1) 


18A Q /f y (10.4.6.2) 




Maximum longitudinal 
reinforcement ratio at 
splices 


0.08 Aj (10.3.8.1) 


24 AA (10.4.6.2) 




Limitations on the 
position of lap splices in 
columns 


No limitations 


Central quarter unless can show high degree of protection against 
plastic hinges forming in columns (10.4.6.8.2) refer also Method A of 
Appendix D 




Minimum number of 
longitudinal bars 


8 bars, but may be reduced 6 or 4 if clear 
spacing is less than 150 mm 
and/V*<0.1^/A g (10.3.8.2) 


Same as for nominally ductile (10.3.8.2) 




Maximum spacing 
between longitudinal bars 
requiring restraint 


Circular columns, larger of one quarter of a 

diameter or 200 mm 

Rectangular, larger of one third of column 

dimension in direction of spacing or 

200 mm, spacing can be increased in centre 

of column when hlb > 20 (10.3.8.3) 


Larger of one-quarter of the column dimension (or diameter) in 
direction of spacing or 200 mm (1 0.4.6.3) 

In protected plastic hinge regions and outside plastic hinge regions 
use same as nominally ductile (10.4.6.4) 




Maximum longitudinal 
column bar diameter 


No limitations 


i,3. 2 £ <10A8 ' 6) 

Bar diameter can be increased by 25 % when plastic hinges are not 
expected to develop in column end zones and need not be met 
when bars remain in tension or compression over the length of the 
joint. 




Transverse 
reinforcement 
outside of the 
potential plastic 
hinge region 


Minimum diameter for 
transverse reinforcement 


Rectangular hoops and ties 

(10,3.10.7.1) 

5 mm for d b < 20 

1 mm for 20 < d b < 32 

12 mm for d b > 32 or bundled bars 


Same as for nominally ductile 
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Tabie C10.2 - Design of reinforced columns and piers (Continued) 



Design issue 



Nominally ductile seismic 
design philosophy 



Ductile seismic design philosophy 



Maximum vertical 
spacing of ties 



Anti-buckling 
reinforcement 



Confinement 
reinforcement 



Minimum shear 
reinforcement 



Spirals or hoops of circular shape 

(10.3.10.7.2) 

5 mm 



Smaller of ft/3, jb w /3, diameter/3, or 10d h 

(10.3.10.5.2 and 
10.3.10.6.2) 



Same as for nominally ductile (10.4.7.4.4 or 10.4.7.5.4) 



Rectangular hoops and ties 



Same as elastic 



(10.4.7.4.4 or 10.4.7.5.4) 



n te 



135/j, d b 



(10.3.10.6.1) 



Spirals or hoops of circular shape 



Ps = 



f, 1 



1554"^ cf b 



(10.3.10.5.1) 



Rectangular hoops and ties 
{l- Pt m)s h h"A g f c N 



""sh 



0.0065s h /7" 



Same as nominally ductile (10.4.7.4.4 or 10.4.7.5.4) 



3.3 A= fyt *f c \ 

(10.3.10.6.1) 

Spirals or hoops of circular shape 

( L£ H^^jv^_ . 0084 

2.4 A c fy, 0f cAg 
(10.3.10.5.1) 






(10.3.10.4.4) 



As~F*^r- dO.4.7.2.7) 



Maximum shear force 



V n < O^^bwCf, or 8 fe w cf (10.3.1 0.2.1) 



Same as nominally ductile 



Shear strength provided 
by concrete 



Refer to 10.3.10.3 



Refer to 10.3.10.3 
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Table C10.2 - Design of reinforced columns and piers (Continued) 


o 




Design issue 


Nominally ductile seismic 


Ductile seismic design philosophy 


o 






design philosophy 




i 












Transverse 


Minimum diameter for 


Same as outside plastic hinge region 


Same as for nominally ductile 




reinforcement 
within potential 


transverse reinforcement 








Maximum vertical 


In DPRs smallest of ft/4, ft/4, diameter/4 or 6 d b 




plastic hinge 


spacing of ties 




(10.4.7.4.5(a), 10.4.7.5.5(a)) 




region 






In LDPRs smallest of h/4, ft/4, diameter/4 or 10 c/ b 

(10.4.7.4.5(b), 10.4.7.5.5(b)) 




Anti-buckling 


For rectangular hoops and ties 






reinforcement 




In DPRs & LDPRs A e = b y Sh (10.4.7.5.1 ) 

96fyt d b 

ZA/v s h 

Regions protected from hinging A tG = -— (104.7.5.3) 

135^ d b 

Spirals or circular hoops 

In DPRs & LDPRs p s = ^ st y 1 or (10.4.7.4.1) 

Hs ^^od"f vt d b 

st V 




in luyiuiib piuiuoiuu iiuiii imiyiiiy /^ e — ^ iw.h./ .*+.*+ y 

155d"f y d b 




Confinement 


For rectangular hoops and ties 






reinforcement 




3.3 ^cWcA; 

(10.4.7.5.1) 
In LDPRs and regions protected from hinging use 70 % of this area 

(10.4.7.5.2 and 10.4.7.5.3) 

Spirals or circular hoops 

lnDPRp s = ( 13 " Ptm ^ 9 fc N ° 0.0084(10.4.7.4.1) 
2.4 A c f y ^f cAg 
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Table C10.2 - Design of reinforced columns and piers (Continued) 



Design issue 



Nominally ductile seismic 
design philosophy 



Ductile seismic design philosophy 



In LDPRs and regions protected from hinging use 70 % of this area 
(10.4.7.4.2 and 10.4.7.4.3) 



Shear resisted by 
concrete 



V c given by 10.3.10.3.1 



DPR v r =3v h 



LDPR v c =v b 



N n 



A f 

^g 'c 



-0.1 



0.5 + 



K A 9 f c 



-0.1 



>0.0 



Outside ductile detailing lengths as for 10.3.10.3.1 



Minimum shear 
reinforcement 



Same as outside plastic hinge region 



Same as for nominally ductile design 



Maximum shear force 



Same as outside plastic hinge region 



Same as outside plastic hinge region 



Shear reinforcement 



Same as outside plastic hinge region 



Refer 10.4.7.2 
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C11 DESIGN OF STRUCTURAL WALLS FOR STRENGTH, SERVICEABILITY AND 

DUCTILITY 



C11.1 Notation 

The following symbols, which appear in this section of the Commentary, are additional to those used in 

Section 1 1 of Part 1 . 

A b area of principal vertical reinforcement bar at extremities of a wall 

fii thickness of boundary element in the direction of wall length, mm 

/?i clear height of storey in a plastic region, mm 

M E moment at the base of a wall resulting from lateral earthquake forces specified by AS/NZS 1 1 70 and 

NZS 1170.5, N mm 
M ° overstrength moment of resistance of section at the base of a cantilever wall, N mm 
V E shear at the base of a wall resulting from lateral earthquake forces specified by AS/NZS 1170 and 

NZS 1170.5, N 



C11.2 Scope 

Section 11 requires that walls be designed to resist loads to which they are subjected, including eccentric 
gravity loads and lateral forces due to wind or earthquake, which may result in actions in the plane of, or 
transverse to the wall 11 ' 1 . In general this section applies to walls spanning vertically between horizontal 
supports. 

Walls must be designed for combined flexure, axial load and shear according to 11.3.10, considering the 
wall to be a member subject to axial force and flexure, while also satisfying the requirements of 11.3.11 
with respect to vertical and horizontal reinforcement, 



C1 1 .3 General principles and design requirements for structural wails 

This clause lists well established general requirements generally adopted from those in ACI 318. Walls, 
being relatively stiff elements, will in general be subjected to earthquake forces in New Zealand. 
Accordingly, most of the general requirements here will need to be supplemented or modified in 
accordance with 11.4. 

C1 1 .3.5.1 .2 Design moment and P-delta effects - simplified method 

Section 11.3.5.1.2 is based on the corresponding requirements in the ACI 318-02 and experimental 

research. 

Panels that have windows or other large openings are not considered to have constant cross section over 
the height of the panel. Such walls are to be designed taking into account the effects of openings. 

Equation 11-3 is derived by adopting the following assumption: 

(a) The panel is simply supported at the top and bottom 

(b) The deflected shape approximates that of a parabola 

(c) The wall is cracked sufficiently that the effective moment of inertia approaches that of I CT . 

In many instances the wall may have some fixity at the base which may mean that the assumption of 
simple fixity introduces a degree of conservation. However, foundation flexibility or yielding of the 
reinforcement of single reinforced walls under seismic action may mean that the base restraint rapidly 
approaches that of a pin. 

In low seismicity regions, where the design force load moment is low compared to the moment to cause 
cracking, the use of a rational analysis to calculate the design moment including incorporation of the P- 
delta effect may be more appropriate. 

C11-1 
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C1 1 .3.5.2.2 Prevention offfexural torsional buckling of walls loaded in-plane with low axial loads 
The effective length of a wall for flexural torsional buckling is a function of the wall length and the degree 
of restraint from rotation and lateral movements at the support points. When considering the in-plane 
effective length it is also important to consider the out-of-plane design philosophy. If walls are designed to 
be ductile for out-of-plane loads, hinges are likely to form at the supports. The development of these 
hinges will reduce the rotational restraint capability of these support points under in-plane loads. 
Table 11.1 recognises the reduction of rotational restraint available to the wall by specifying that fc ft = 1.0 
when plastic hinges form at the base of a wall designed to contain nominally ductile plastic hinge regions 
for in-plane loads. 

If a plastic hinge was to form in the mid-height of a wall subjected to seismic face loads, the flexural 
torsional performance of the wall under subsequent in-plane loads could be compromised by initial 
eccentricities being present at the mid-height of the wall, or due to the loss of buckling resistance due to 
the formation of hinges at the top, bottom, and mid-height of the wall. Hence 11.3.5.2.1(c) limits the 
design method to walls in which plastic hinges do not form at the wall mid-height under face loads. 

The design equations provided in 11.3.5.2.2 where developed from tests conducted on walls subjected to 
in-plane loads with low axial loads. The axial load limitations applicable to this method in 11.3.5.2.1(a), 
ensures that the design equations are not used beyond the available test data base. 

The equations provided in 11.3.5.1.2 relate to the prevention of flexural torsional buckling of walls with low 
axial loads when subjected to in-plane lateral loads. Such walls are common in warehouse type 
structures. 

Equation 11-8 represents a modification of the Vaslov flexural torsional buckling equation. The upper limit 
on the maximum height to thickness ratio ensures that the equation is used within the bounds of the 
available test data. 

The denominator of Equation 11-8 reflects the size of the concrete compression zone due to in-plane 
loads at the ultimate limit state. As the size of the compression block increases, so does the possibility of 
flexural torsional buckling. The size of the compression block is a function of the wall self weight, applied 
axial load, and amount of reinforcement in the wall. Clause 1 1 .3.5.2.2 (a) will govern when the yielding of 
the reinforcement is expected under in-plane loads at the ultimate limit state. However, in structures with 
a considerable length of wall the minimum reinforcement requirement may dictate the volume of 
reinforcement and yielding of the reinforcement at the ultimate limit state may not occur in these 
instances, then Clause 11.3.5.2.2 (b) may govern. 11.3.5.2.2 (b) has been derived by considering the 
area of reinforcement required in an elastically responding wall with evenly distributed reinforcement. 

C1 1 .3.6.2 Design for Euler buckling from eccentric axial loads 

The limits provided for the height to thickness ratio below which moment magnification is not needed to be 
considered have been determined by rearranging the formula provided in 10.3.2.3.5. Where the 
calculated height to thickness ratio exceeds that stipulated in Equation 11-11 the thickness of the wall can 
be increased to ensure compliance with the limit, or the walls evaluated using the moment magnifier 
method outlined in 10.3.2. 

The equations provided in this section refer to the consideration of Euler buckling due to an imposed axial 
load. The a m factor considers the degree of restraint from rotational movement at each end, and whether 
the walls are prevented from sidesway. 

The subscript "e" to the effective length factor k e , is provided as the factor relates to Euler buckling. 

C1 1 .3.10.3 Design for shear in the plane of a wall 

Shear in the plane of a wall, as a design consideration, is primarily of importance for walls with a small 
height to length ratio. The design of higher walls, particularly walls with uniformly distributed 
reinforcement, will probably be controlled by flexural considerations. It is, therefore, essential that the 
flexural strength of walls be computed, along with their shear strength. 
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C1 1 .3.10.3.2 Maximum nominal shear stress 

119 

Although the wall length to wall thickness ratio is less than that for ordinary beams, tests on walls with 
a thickness equal to L w /25 imply that in the absence of earthquake-induced forces, the limitations of 
11.3.10.3.2 for maximum shear stress are relevant. In conformity with the requirement of 11.3.10.3.2 the 
maximum shear stress is limited in terms of the compression strength, f' c . The thinnest section of the wall, 
which may occur where horizontal recesses reduce the thickness, must be considered in computing the 
shear stress. 

The total nominal shear stress, v n , at any section, including the base of the wall, is limited in accordance 
with 11.3.10.3.2. 

C1 1 .3.1 0.3.4 and C1 1 .3.10.3.5 Concrete shear strength - simplified and detailed 

Equation 11-15 predicts the inclined cracking strength at any section through a wall, and corresponds 

approximately to the occurrence of a flexural tensile stress of 0.05 ^jf c at a section LJ2 above the section 



being investigated. As the term 
becomes very small or negative. 



V 2 



decreases, Equation 11-15 will control before this term 



C1 1.3. 10. 3.6 Shear design of sections near base of walls 

The values of V c computed from Equation 1 1-15 at the section located a distance LJ2 or hJ2 above the 

base apply to that and all sections between this section and the base. 

Unlike what may be permitted in slabs, it is envisaged that, irrespective of the concrete contribution to 
shear resistance, a minimum amount of shear reinforcement will be provided in all wall elements. 

C1 1 .3.1 0.3.8 Design of shear reinforcement 

In the design for shear strength of walls, sufficient horizontal shear reinforcement is required to carry the 
shear exceeding V c . The minimum horizontal and vertical reinforcement ratio should not be less than 
0.7/f y . This is 0.23 % when steel with f y = 300 MPa is used and it is more than that required for shear in 
beams in accordance with Equation 9-10. 

C1 1 .3.1 1 .6 Curtailment of flexural reinforcement 

The design flexural demand envelope for a given wall will be influenced by the interaction with other parts 

of the structure, walls and frames. This interaction occurs, typically, via floor diaphragms. 

Allowance should be made for higher mode effects or dynamic magnification influencing the flexural 
demand up the wall. 

Additional actions introduced into the wall through connections such as ground anchors, transfer beams, 
ramps, stairs and linkages from other structures will modify the bending moment profiles for walls. Such 
effects should be accounted for rationally. 



C11.4 Additional design requirements for members designed for ductility in 
earthquakes 

C1 1 .4.1 General seismic design requirements 

C1 1.4. 1.1 Interaction of flanges, boundary members and webs 

The accepted principles of monolithic structural action are expected to be used in the design at the 
ultimate limit state of cantilever or coupled walls. The shear and flexural reinforcement must be allocated 
to each part of the cross section in accordance with established engineering principles. The designer must 
ensure, by using appropriate detailing, that the required interaction between components can take place 
when the overstrength and required ductility of walls are developed 11 - 3 - 11 - 4 . 
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C 1 1 .4. 1 .2 Design of ductile walls 

Clause 11.4 makes provisions for the design of ductile structural walls in buildings at the ultimate limit 
state. Therefore the general requirements with respect to analysis, design forces, ductilities and capacity 
design procedures, in accordance with 2.6.8 must also be considered. 

C1 1 .4.1 .3 Effective flange projections for walls with returns 

In all walls, nominally ductile, limited ductile and fully ductile, the nominal moment capacity of a wall, M n , 
should be based on the 1:2 spread of flange action for including tension reinforcement, according to 
11.3.1.3 11 - 3 . 

In walls where the overstrength flexural action of the walls needs to be considered, it is expected that 
more of the flange will be engaged in tension. This means that the overstrength moment for a flanged wall 
is determined by the reinforcement in tension over a flange width based on a 45° spread from the top of 
A2 I the wall. The effective width of each flange is therefore taken as 1.0 the height of the wall above the 
critical section 11 3 . 

C1 1 .4.2 Dimensional limitations 

Theoretical and experimental research 11 3 indicates that the potential for out-of-plane buckling in the 
plastic hinge region of ductile walls arises after the critical boundary region has been subjected to large 
inelastic tensile strains. Upon reversal of the earthquake forces, previously formed wide cracks must 
close before the flexural rigidity of the section, necessary for stability, can be restored. As a result of 
uneven closure of cracks at this stage, out-of-plane buckling has been observed. 

The major parameters that affect wall instability under such circumstances are: 

(a) Maximum steel tensile strains gauged by the curvature ductility demand; 

(b) The thickness of the wall in the critical boundary region; 

(c) Arrangement of the wall reinforcement, i.e. one or two layers of bars; 

(d) The quantity of vertical reinforcement present in the boundary region. As the reinforcement content, 
p h increases, the closure of previously formed cracks is delayed; 

(e) The probable buckling length. 

Although the relationship between these parameters is relatively simple, expressions derived from first 
principles do not lend themselves readily for routine design without incorporation into an appropriate 
computer program. Therefore to facilitate easy use, a number of simplifications, mainly involving 
approximations with linear relationships where non-linear relationships 11 3 exist, were introduced without 
significant loss of accuracy. 

C1 1 .4.2.1 Prevention of buckling of thin walls loaded in-plane 

To safeguard against premature buckling, the thickness in the boundary region of the wall section, where 
under reversing moments large inelastic strains may be generated, should not be less than b m given by 
Equation 11-20, which is applicable only to walls that are more than two storeys high. Curvature ductility 
demands, and hence maximum tensile strains, are estimated with the displacement ductility factor p used 
in establishing the magnitude of the lateral design forces for the ultimate limit state, and the aspect ratio 
A = hJLw of the wall. The parameter £ given by Equation 11-22 gauges the effect of the quantity of 
vertical tension reinforcement in the boundary region of the wall section in restraining the closure of cracks 
upon moment reversals. When the end region of the section is heavily reinforced so that p t > 0.04, 
instability becomes insensitive to the reinforcement content and hence for these cases £ = 0.1 may be 
used. In the majority of cases for nominally rectangular ductile walls, shear requirements will govern the 
web thickness of the wall, and boundary elements will not be needed. 

Where the buckling length, assumed to be equal to the theoretical length of the plastic hinge, approaches 
or exceeds the unsupported height of the wall in the first storey, the limitation of Equation 1 1-20 becomes 
overly severe. In such cases, which are encountered when the length of a wall relative to the height of the 
first storey becomes large, it is assumed that the buckling length is equal to 80 % of the clear unsupported 
height of the wall. This is accounted for by Equation 1 1-21 . 

In Equation 11-22, p f is to be calculated for the vertical reinforcement in the boundary region only. 
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The term a r is added to Equation 1 1-20 as it was found 11 3 that when the criteria of 1 1.4.2.2 are applied to 
walls with a single central layer of vertical reinforcement, at least a 25 % increase of the wall thickness is 
required to prevent instability due to out-of-plane buckling. When large ductilities are to be developed 
these requirements will generally necessitate wall thicknesses in excess of 200 mm, for which 11.3.11.2 
requires the placement of two layers of reinforcement. 

Where a wall interacts with frames in ductile dual structures, considered in 6.9.1.4, the maximum value of 
the ratio M E /(/7 w V E ) may be substituted in Equations 1 1-20 and 1 1-21 for the wall aspect ratio, A T . 

C1 1.4.2.3 Dimensions of enlarged boundary element 

When stability criteria govern the geometry of the wall section, it will be necessary to thicken the wall in 
boundary regions. This is readily achieved by providing flange elements with sufficient dimensions so as 
to provide adequate flexural rigidity at the end of the wall section. Equation 11-23 specifies the minimum 
dimensions for such elements and Figure C11.1 summarises possible applications. 



j 



A 



^ 



l wb 



*wb~ 



J 



Figure C1 1 .1 - Minimum dimensions of boundary elements of wall sections in plastic hinge 

regions 

C1 1 .4.2.4 Flange thickness 

The area of a flange intended to stabilise the stem of a wall should be determined from Equation 1 1-23. 
To safeguard against out-of-plane buckling of thin and wide flanges, the limitation of 11.3.7 must be 
observed. If the reinforcement ratio in the flange is large and the flange width is greater than three times 
its thickness, Equation 1 1-20 may control flange thickness. 

C1 1 .4.3 Ductile detailing lengths 

For the end regions, where the contribution of the concrete towards shear resistance is to be evaluated 
from 11.3.10.3.2, modifications for walls relative to columns are introduced to take into account the relative 
dimensions of cantilever or coupled walls which may be different from those of columns. The end region 
normally extends from the level of the wall at which the critical base moment can develop. 

For reasons outlined for columns in 9.4.4.4 of NZS 3101:1995, diagonal shear reinforcement in potential 
plastic hinge regions of walls will very seldom be required. Squat walls may be an exception, as discussed 
in C1 1.4.7.4. The maximum shear stress in walls is usually limited by Equation 11-28 rather than by 
9.4.4.1.4(a). 

Outside the potential plastic hinge region the full value of V c , as given in 11.3.10.3.4 or 11.3.10.3.5, may 
be used in determining the horizontal shear reinforcement, provided that no yielding of the flexural 
reinforcement is likely to occur. This is discussed at the end of C1 1 .4.6.5. 

C1 1 .4.5 Reinforcement diameters 

The maximum diameter of bars is restricted to avoid the use of large bars in thin walls. 

C1 1 .4.6 Transverse reinforcement 

Transverse reinforcement, also referred to as lateral reinforcement, is normally placed horizontally in walls 
for the purpose of resisting horizontal shear forces, controlling shrinkage strains or giving restraint to 
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vertical compression bars or confining the concrete in areas of large compression strains. The principles 
also apply to coupling beams of walls. 

C1 1 .4.6.1 Transverse reinforcement requirements 

The requirements with respect to spacing, quantity and bar sizes in wall webs are similar for both the 

vertical and horizontal reinforcement. 

C1 1 .4.6.2 Shear reinforcement to be anchored at ends 

The principles of the use for (horizontal) shear reinforcement in walls are the same as those for stirrups in 
flexural members in accordance with 11.3.10.3.8. In particular the same principles apply with respect to 
the allocation of shear resistance to concrete and steel mechanisms. The region of a wall, where the 
formation of a plastic hinge may affect the shear strength, is normally at its base. This region should be 
assumed to extend a distance above the critical base section equal to at least the wall length, £. w , or one- 
sixth of the height of the wall, h w , whichever is the larger. This region need not be taken larger than 2£. w . 

C1 1 .4.6.3 Transverse reinforcement for iaterai restraint in piastic hinge regions 

This clause is intended to ensure that the principal longitudinal reinforcement, usually placed near the 
edges of walls, receives adequate lateral support, taking the Bauschinger effect into account, to enable it 
to be strained beyond compression yield. The requirements extend to areas, both horizontally and 
vertically, where yielding of the longitudinal reinforcement could occur. In most walls every vertical bar 
should be assumed to be subjected to alternating yielding in tension and compression. The vertical extent 
of potential yielding is defined in 1 1 .4.6.5(f). Walls with a single layer of reinforcement, or those containing 
in the critical flexural compression zone less than 2/f y vertical reinforcement ratio, are exempted from 
these requirements. Such parts of walls are not expected to rely for strength or ductility on the 
compression strength of the longitudinal reinforcement. Moreover, in such regions the cover concrete is 
not expected to spall. 

The detailed requirements for tie shapes, tie leg area and spacing, as set out in 11.4.6.3(a), (b) and (c), 
are similar to those for potential plastic hinge regions of flexural members as given in 9.4.1.6. The 
interpretation of these requirements is illustrated in Figure C11.2, which shows a small flange and a typical 
boundary element, containing the bulk of the longitudinal flexural reinforcement for a shear wall. 

It should be noted that the low limit of 2lf v for the longitudinal reinforcement ratio, computed from 
Equation 1 1-20, refers to two or more bars near the edges of a wall. For example in Figure C1 1 .2 the local 
reinforcement ratio near the end of the flange will be p f = 2A b /bs w . 
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Figure C11.2- Examples of transverse reinforcement in plastic hinge regions of walls in 

accordance with 11.4.6 

C1 1 .4.6.4 Transverse reinforcement for lateral restraint of longitudinal bars outside plastic hinge regions 
In areas of a wall section, well above the potential height of the plastic hinge, generally in the boundary 
region, the local reinforcement ratio may exceed 2lf y . Although bars in these regions are expected to 
respond in the elastic region, some transverse reinforcement to stabilise these bars, when in compression, 
should be provided. This requirement is similar to that applicable to the elastic regions of columns at the 
ultimate limit state, as required in 10.3.10.6. 

C1 1 .4.6.5 Confinement requirements in plastic hinge region 

Confinement of the compressed concrete, usually at the base of a wall, is required only if the compression 

strain at the ultimate limit state can be expected to be excessive 11 3 . Therefore these requirements are 

made dependent on the critical neutral axis depth, c c , of the wall section, defined in Equation 11-25, 

where the wall overstrength factor is defined as: 

Moment of resistance at overstrength M° , x , r . „ , , 
= — where both moments refer to the base of 

when 



0o=- t 



Moment resulting from specified earthquake forces 

the wall. This factor recognises that when excess flexural strength has been provided, i.e. 
<p > 1.25/0.85® 1.5, curvature ductility demand is likely to be reduced and hence a larger neutral axis 
depth can be accepted. Similar increases are justified when reduced displacement ductility capacity is 
relied on at the ultimate limit state. A typical critical value is c c = (0.3 x 1.5/5) L w = 0.09 L w . In most walls 
the properly computed neutral axis depth c will be less and hence no confinement will be required. 

(a) Equation 11-27 takes into account the modifications for the confinement of columns such as 
introduced in 10.3.10.6.1. The transverse confining reinforcement so computed must be distributed 
over a length of the compressed part of the wall section defined by Equation 11-27. Where 
confinement is required, at least one half of the computed compression zone must be confined. 
Figure C1 1 .3 illustrates the definition of regions of an example wall where transverse reinforcement is 
required to confine compressed concrete and others where stability of vertical bars needs to be 
assured; 

(b) The requirement is that this clause is similar in purpose to those for confinement of columns. As the 
maximum strains and degree of degradation of the compression zone of the walls are likely to be less 
than that of columns, the maximum permissible spacing between longitudinal bars is less restrictive; 
that is, the centre-to-centre spacing may be larger than that in columns; 

(c) This transverse reinforcement must be placed over a height above the base equal to or greater than 
the length of the wall /_ w or one-sixth of the total wall height, whichever is larger; 
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(d) Walls with a single layer of reinforcement should not be used when the limit of Equation 11-25 is 
exceeded. 

Figure C1 1.3(a) shows typical strain patterns that determine the regions in a section where confinement is 
required and others where transverse reinforcement is required only to provide lateral support to the 
longitudinal bars. 

Typical details of transverse ties used to confine compressed concrete or to stabilise compression bars, 
and the anchorage of horizontal shear reinforcement in the end region of the walls section, are shown in 
Figured 1.3(b). 

The potential yield region of a wall behaving as a cantilever is assumed to be at its base. Outside this 
region the special requirements for hoops need not be satisfied provided that the designer ensures that 
yielding of the flexural wall reinforcement will not occur outside the potential yield region. This may be 
achieved if the flexural reinforcement is curtailed in accordance with a linear bending moment envelope, 
rather than the bending moment diagram derived for the lateral static forces. 
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(b) Transverse ties and anchorage of shear reinforcement 
Figure C11.3 - Regions of transverse reinforcement 

C1 1.4.7 Shear strength 

C1 1.4.7.1 General 

Generally the same principles apply as for columns. Seldom can it be readily identified whether a 
horizontal force is introduced primarily to the flexural compression or to the flexural tension region of a 
structural wall. Introduction of shear forces to walls depends greatly on the geometry and on the reaction 
necessary to equilibrate inertia forces in diaphragms. Diaphragm reactions are more commonly 
introduced in the flexural tension regions of cantilever walls, and hence diagonal struts, justifying the 
application of 9.3.9.3, cannot be readily developed unless extra reinforcement (drag bars) is provided to 
transfer inertia forces to the flexural compression edge of the wall. 
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C1 1 .4.7.3 Shear strength provided by the concrete 

The provisions for shear strength of wall are similar to those of 11.3.10.3.5 . Additional restrictions are 
required, however, in potential plastic hinge zones, that is, end regions, where shear strength is affected 
by yielding of the vertical wall reinforcement during reversed cyclic rotation in a major earthquake. The 
restriction on the concrete shear strength, V c , is similar to that given for columns except that the 
contributions of the concrete, V Ci to shear strength may be assumed even for very small axial compression 
loads. This has been established in tests. 11 5 Because of the distribution of the vertical reinforcement 
throughout the depth of a wall section, better control of diagonal crack width is expected than in beams. 

Tests 11 " 5, 11 6 have shown that web crushing in the plastic hinge zone, at the base of cantilever walls, may 
occur after a only few cycles of reversed loading involving displacement ductilities of 4 or more. When the 
imposed displacement ductilities, //, in these tests were only 3 or less, the shear stress levels specified by 
11.3.10.3.2 could be repeatedly attained. Premature web crushing can be expected where, due to large 
curvature ductility demands in the plastic hinge region, the concrete carrying diagonal compression 
stresses is also subjected to large transverse tensile strains. To prevent web crushing due to excessive 
shear load, equation 1 1-28 makes the maximum total shear dependent on the curvature ductility and the 
flexural strength that may have been provided in excess of that required by NZS 1170.5 measured by the 
flexural overstrength factor for walls, ^ ow . 

C1 1 .4.7.4 Sliding shear of squat walls 

Because of the limited capacity of the foundations in resisting over turning moments, often it may be 
difficult to develop the full flexural strength at the base of squat walls typically with a height to length ratio 
of less than two. However, when adequate foundations allow a plastic hinge to develop at the base of 
squat walls, a sliding shear failure may occur only after a few inelastic displacement reversals. In 
exceptional cases when such walls are subjected to large ductility demands, diagonal reinforcement, 
similar to that shown in Figure C9.22 and crossing the horizontal base section, may be required 11,3 . 

C1 1 .4.9 Special splice and anchorage requirements 

C 1 1 .4.9. 1 Splicing of flexural tension reinforcement 

Because a large quantity of flexural tension wall reinforcement may have to be extended up several 
storeys, some splicing in potential plastic hinge regions may be unavoidable. Such splices must be 
staggered so that not more than every third bar is spliced at the same level in a potential yield region, 
defined in 11.4.6.5(e). 

C1 1 .4.9.2 Staggering of lapped splices 

Lateral ties should surround lapped spliced bars larger than 16 mm as shown in Figure C11.4. The area 
of such a tie, An must be computed in accordance with 8.9.1.2. The spacing of such ties must not exceed 
10 d b and the first tie should be as close to the end of the lapped splice as possible. 




Figure C1 1 .4 - Ties required at lapped bar splices 

C1 1 .4.9.3 Welded and mechanical splices 

As a general rule splices of any kind should be staggered in potential plastic hinge regions of walls. 
However, welded splices and mechanical connectors with proven strengths and stiffness need not be 
staggered. Therefore in precast panel construction, where the staggering of splices becomes impractical, 
only full strength welded splices or connectors meeting the requirements of 8.9.1 .3 must be used. 
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Table C11.1 - Design of reinforced concrete walls 



z 

N 
CO 





Design issue 


Nominally ductile design philosophy 


Ductile seismic design philosophy 


Material 
limitation 
applicable to the 
detailing 
described in this 
table 


Range limitation on concrete 
compressive strength, f' c 


25to100MPa (5.2.1) 


Same as for nominally ductile 


Range limitation on longitudinal 
reinforcement yield strength, f v 


300to500MPa (5.3.3) 


Same as for nominally ductile 


Range limitation on transverse 
reinforcement yield strength, f* 


300 to 800 MPa for confinement (5.3.3) 
300 to 500 MPa for shear (7.5.8) 


Same as for nominally ductile 


Reinforcement class as per 
AS/NZS4671 


Class E, unless conditions for Class N are satisfied 
(5.3.2.3) 


Same as for nominally ductile 


Ductility 


Curvature ductility achieved 
through tabled detailing 


Clause 2.6.1 .3.4 Table 2.4(a) and (b) 


Clause 2.6.1 .3.4 Table 2.4(a) and (b) 


Dimensional 
limitations 


Minimum structural wall 
thickness-general 


100 mm (11.3.2) 


Same as for nominally ductile 


Limitations on the height to 
thickness ratio to prevent 
buckling of walls with high axial 
loads 


{k e Ln/t) < 30 where N * > 0.2 f' c A Q (1 1 .3.7) 


Same as for nominally ductile but must assume 
no rotational restraint at the base of singly 
reinforced walls 


Limitations on effective height 
to thickness ratio to prevent 
flexural torsional buckling of in- 
plane loaded walls 


knLn < 12 N //_w where A/*<0.015 f' c A g 

t \ A 

and ^-<75 
t 

and knL " <65 (11.3.5.2.2) 


Same as for nominally ductile, but k n factors 
different, refer Table 11.1 


Moment magnification required 
for slenderness when: 


keLn > " m (11.3.6.2) 

t N* 


Same as for nominally ductile, but k e factors 
different 


Limitations on the dimensions 
of the compression zone within 
plastic hinge region 


Not applicable 


a r k m fi(A r +: 2)L W (11A21) 
1700Vf 


Overstrength 
factors 




N/A 


Refer 2.6.5.5 
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Table C1 1.1— Design of reinforced concrete walls (Continued) 



o 



00 





Design issue 


Nominally ductile design philosophy 


Ductile seismic design philosophy 


Wall plastic 
hinge detailing 


Extent of potential plastic hinge 
region, £ y , for detailing 
purposes 


N/A 


The greater of /_ w or 0.17 M/Vbui need not be 
taken greater than 2/_ w (1 1 .4.3) 


Effective flange 
widths for walls 
with returns 




The vertical reinforcement placed within the flange 
width equal to one-half of the wall height above the 
design section shall be considered effective. 

(11.3.1.3) 


Same as for nominally ductile, however for 
overstrength calculations, the flange width equals 
1 .0 times the height above the design section 
(11.4.1.3), 


Longitudinal 

reinforcement 

detailing 


Limitation on the use of singly 
reinforced walls 


p,<0.01 (11.3.11.5) 
b < 200 mm (11.3.11.2) 


Curvatures shall not exceed those associated with 
a limited ductile plastic hinge region (1 1 .4.4) 
Cc = 0.f^ ow L w (11465) 

A 


Minimum longitudinal 
reinforcement ratio 


±S- (11.3.11.2) 
Af 


Same as nominally ductile 


Maximum longitudinal 
reinforcement ratio 


P e < 16/fy and ensure neutral axis depth is less than 
0.75 Cb (11.3.11.2) 


Same as nominally ductile 


Maximum longitudinal 
reinforcement at splices 


P £ <2Vf v (11.3.11.2) 


Same as nominally ductile 


Limitations on the position of 
lap splices in walls 


No limitations 


In plastic hinge regions, of fully ductile walls, not 
more than 1 / 3 of reinforcement shall be spliced at 
the same location where yielding occurs. For 
limited ductile walls not more than 1 / 2 shall be 
spliced at any one location (1 1 .4.9.1 ) 


Maximum spacing between 
longitudinal reinforcement 


Larger of LJ3, 3/?, or 450 mm (11.3.10.3.8(e)) 


Same as nominally ductile 


Maximum longitudinal bar 
diameters 


No limitations 


d h < — for fully ductile 

b 10 

— for limited ductile (1 1 .4.5) 

8 ' 


Curtailment of reinforcement 


Comply with 8.6.12 (11.3.11.6) 


Refer 9.4.3.1 
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Table C11 .1 - Design of reinforced concrete walls (Continued) 





Design issue 


Nominally ductile design philosophy 


Ductile seismic design philosophy 


Transverse 
reinforcement 
Outside of the 
potential plastic 
hinge region 


Minimum diameter for 
transverse reinforcement 


No requirements 


No requirements 


Maximum vertical spacing of 
ties 


Larger of L w /5, 3f, or 450 mm (1 1 .3.1 0.3.8(c)) 


Same as nominally ductile 


Anti-buckling reinforcement 


No requirement 


For walls where the longitudinal reinforcement 
ratio exceeds 2/f y for fully ductile and 3/fy for 
limited ductile 

Diameter of tie greater than d^/4 with spacing less 
than 12c/ b (11.4.6.4) 


Confinement reinforcement 


No requirement 


No requirement 


Minimum shear reinforcement 


A = 0.7 b w s 2 If v[ (11.3.10.3.8(b)) 


Same as nominally ductile 


Shear reinforcement 


Refer to 11.3.10 


Refer to 11.47 


Transverse 
reinforcement 
Within potential 
plastic hinge 
region 


Minimum diameter for 
transverse reinforcement 


Same as outside plastic hinge region 


Same as for nominally ductile 


Maximum vertical spacing of 
ties 


Same as outside plastic hinge region 


Where required for anti buckling, spacing shall be 

less than 6d b for DPR and 10 d b for LDPR 

(11.4.6.3(c)) 

Where required for confinement, as above but 

also shall be less than tl2 for DPR and ffor LDPR 

(11.4.6.5(d)) 


Anti-buckling reinforcement 


Same as outside plastic hinge region 


For walls where the longitudinal reinforcement 
ratio exceeds 2/f y for DPR or 3/f y for LDPR 

A te = ZAbf * S (11.4.6.3) 
te 96fy, d b 


Confinement reinforcement 


Same as outside plastic hinge region 


Where neutral axis < 

A c fyh 

(11.4.6.5) 


depth c c exceedsf°' VowLw 

A 

f-£--0.07l 
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C12 DESIGN OF REINFORCED CONCRETE TWO-WAY SLABS FOR STRENGTH 
AND SERVICEABILITY 



C12.1 Notation 

The following symbols, which appear in this section of the Commentary are additional to those used in 

Section 12 of Parti. 

A c area of concrete section resisting shear transfer, mm 2 

Cab, c C d refer to Figure C12.8 

d b nominal diameter of longitudinal reinforcing bar, mm 

J c property of assumed critical section analogous to polar moment of inertia (see Equation 

C1 2-11) mm 4 
M * M* ultimate resisting moments per unit width in the x and y directions, N mm 
M x , My bending moments per unit width, N mm 
Mxy elastic theory solution torsional moment per unit width, N mm 

Vab, ^cd maximum design shear stress on sections AB and CD respectively, MPa 



C12.2 Scope 

The fundamental design principles contained in Section 12 are applicable to all planar structural systems 
subjected to transverse loads. Types of slab systems which may be designed according to Section 12 
include "flat slabs", "flat plates", "two-way slabs", and "waffle slabs". 

True "one-way slabs", that is slabs reinforced to resist flexural stresses in one direction only, are covered 
in Section 9 and excluded from Section 12. Also excluded are soil supported slabs, such as "slab on 
grade" which do not transmit vertical loads from other parts of the structure to the soil. 

Much of Section 12 is concerned with the selection and distribution of flexural and shear reinforcement. 



C12.3 General 

Rectangular or spare panels supported by walls or relatively stiff beams on two opposite sides may be 
designed as one-way slabs, that is, as beam strips spanning in the direction perpendicular to the supports. 
When slabs are designed as one-way slabs, the designer must realise that true one-way action will exist 
only if the loads are uniformly distributed in the direction parallel to the supports and if the edges of the 
panel perpendicular to those supported on walls or stiff beams are themselves completely unsupported. If 
either of these conditions is not satisfied, transverse moments will exist and should be provided for in 
order to prevent the formation of large cracks and to provide adequate transverse distribution of non- 
uniform loads. 

The provisions of this section apply only to reinforced concrete floor systems. 

The provisions of this section do not apply to multi-storey flat plate or flat slab buildings which are used as 
seismic resisting structures, unless frames involving beams and columns or walls, or a combination of 
these components, are present to provide most of the strength and stiffness required to resist the 
horizontal seismic forces. Without such additional strengthening and stiffening elements it is doubtful 
whether the structure would have sufficient ductility at the critical slab-column connections to withstand a 
major earthquake, and also considerable inter-storey deflections may occur due to the flexibility of the 
structure. 

Tests have shown that column slab connections may fail in a brittle mode when appreciable inter-storey 
drift occurs. The drift at which fracture occurs decreases as the axial load transferred to the column 
increases. For this reason column slab systems should not be used in buildings which may sustain 
appreciable sway under either wind or seismic forces. 12,1, 12 " 2 It is recommended that if the inter-storey 

C12-1 



NZS 3101 :Part 2:2006 



drift in the ultimate limit state exceeds 0.9% with a peak shear stress on the critical perimeter is equal to or 
greater than 0.78 MPa this type of connection should not be used. 



C12.4 Design procedures 

C12.4.1 General 

This clause permits a designer to base a design directly on fundamental principles of structural 
mechanics, provided it can be demonstrated explicitly that all criteria at the serviceability and ultimate limit 
states are satisfied. 

C12.4.2 Design methods 

This clause lists the acceptable methods for the determination of the design moments and shears. 

Methods that take into account the effects of membrane action in slabs may be used 12 3 ' 12 " 4, 12 5 provided 
that they satisfy 12.4.1. There are various factors that need to be taken into account when using 
approaches that take into account compression effects in membranes, and caution should be exercised. 
For design moments determined from the idealised frame method and from the simplified method, refer to 
C6.3.7.2 and C6.7.3. For the empirical design method for bridges refer to C12.8.2. 



C12.5 Design for flexure 

Loads should be as given by AS/NZS 1 170 and NZS 1 170.5 or other referenced loading standard. 

C1 2.5.2 Effective area of concentrated loads 

Tests on slabs at Auckland University 126 , 12 7 have shown that the flexural tension force distributes out 
appreciably more than is provided for in earlier editions of NZS 3101. From the Auckland tests it would 
appear that the loading could be safely spread over a width of the loaded width plus three slab 
thicknesses. The area defined by Equations 12-1 and 12-2, should be assumed to be uniformly loaded. 
Some comments on the elastic theory analysis of slabs with concentrated loads are made in C1 2.5.3. 

C1 2.5.3 Design moments from elastic thin plate theory 

General comments. The distribution of moments and shears in slab systems may be calculated on the 
assumption that the slabs act as thin elastic plates. Such solutions are particularly useful for slabs of 
unusual shape or boundary conditions where standard solutions such as given by Timoshenko and 
Woinowsky-Krieger 12 8 , Bares 12 ' 9 , Hahn 12 " 10 , and others are available. Also the availability of computer 
programmes based on the finite element method makes the elastic theory solution of complex floor 
systems possible. A Poisson's ratio of 0.2 is appropriate for prestressed slabs, and it may be used for 
reinforced concrete slabs. However, as the Poisson strain does not develop in a tension zone containing 
flexural cracks, a value of 0.1 is appropriate, but generally sufficient accuracy is achieved if Poisson's ratio 
is assumed to be zero. 12 1 

A convenient method for determining the moments induced in slabs from the action of concentrated loads 
is by the use of influence surfaces, such as those developed by Pucher 12 ' 11 . The work done by Pucher 
has been extended substantially by work by Homberg 12 ' 12, 1213 who derived influence surfaces for 
continuous or haunched slabs or both. For vehicular loading only the wheel load at the point being 
considered needs to be represented by a contact area; the more remote wheels may be treated as point 
loads. For slab and beam bridge construction full edge fixity of a panel should not be assumed when 
calculating the mid-span moments due to concentrated loads unless the slab supports are sufficiently rigid 
to prevent rotation. In particular for slabs on longitudinal beams the transverse positive moment and the 
longitudinal moments used for design should be the average of those for the fully fixed and simply 
supported conditions at the beams. To allow for some support rotation and for the localised nature of the 
peak negative moment, the design transverse negative moment for interior spans may be taken as 0.8 of 
that for the condition of full fixity at the beams. In addition the moments induced by relative deflections and 
rotations of the beams should be investigated as these moments can significantly alter the local values 
calculated from elastic plate theory. 
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Reinforcement for a general moment field. In the general case of a slab with given loading and boundary 
conditions the elastic theory solution will provide the bending moments per unit width M x and M y in the x 
and y directions, respectively, and the torsional moment per unit width M xy . Generally, reinforcing bars are 
provided at right angles in the x and y directions for these moments because it is impracticable for the 
bars to follow the directions of the principal moments over the slab. Designers have tended to ignore the 
torsional moment M xy because of a lack of a method to account for it, but clearly this is unsafe, particularly 
where twists are high, such as in the corner regions of slabs. The ultimate resisting moments per unit 
width required for reinforcing bars placed in the x and y directions for a general design moment field, M Xi 
My and M xy (all per unit width) have been derived by Hillerborg 12 ' 14 and Wood 12 ' 15 . The design rules for 
placing reinforcement based on this work can be stated as follows. At a point in a moment field where the 
moments per unit width are M Xi M y and M xy (the algebraic values of moments should be used), the 
reinforcement should be provided in the slab in the x and y directions so that the ultimate resisting 
moments per unit width in the x and y directions, M* and M* are as follows: 



0) 



Bottom reinforcement: 



Generally M* = M x + |M xy I (Eq. C12-1) 



and 



M*=My + |M xy | (Eq. C12-2) 



If either M* or M* is found to be negative, then the negative value of moment is changed to zero and the 
other moment is given as follows: 



Either 



m; = m x + 



M 



xy 



M„ 



with My =0. 



.(Eq. C12-3) 



or 



M;=My + 



M 



xy 



M v 



withM*=0 (Eq. C12-4) 



If negative M* or M* still occurs, no bottom reinforcement is required. If both M* or M* are negative, no 
bottom reinforcement is required. 

(ii) Top reinforcement: 

Generally M*=M X - |M xy | (Eq. C12-5) 



and 



M;=M y - |M xy | (Eq. C12-6) 



If either M* or M* is found to be positive, then the positive value of moment is changed to zero and the 
other moment is given as follows: 



Either 



or 



M* = M X - 




with/W*=0 


M y = My - 




with Ml - ( 



.(Eq. C12-7) 



(Eq. C12-8) 



If positive Ml or M* still occurs, no top reinforcement is required. 
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Sometimes it is difficult to place the reinforcement at right angles, which invalidates the Wood 1213 
equations, which are reproduced in the preceding paragraphs. Arr 
to cover the case where reinforcement is not placed at right angles. 



equations, which are reproduced in the preceding paragraphs. Armer 12 16 expanded the Wood equations 



C1 2.5.4 Design moments from non-linear analysis 

At times a non-linear analysis taking into account inelastic effects may be appropriate. Finite element 
analysis can be used. One such approach has been developed by Vecchio 12 17 . 

C1 2.5.5 Design moments from plastic theory 

General comments. A plastic theory can be used in which regard is given to the redistribution of bending 
moments which can occur before failure of the slab system. The design of slabs using plastic theory has 
been allowed by the British code of practice for reinforced concrete since 1957. The commonly used 
plastic theory methods are the yield line theory and the strip method. It should be noted that both of these 
methods give the flexural strength of the slab and the designer must also check the possibility of shear 
failure in the case of concentrated loads or reactions. In order to ensure that the sections of the slab are 
sufficiently ductile to develop the limit bending moment pattern, the tension steel reinforcement ratio p 
used should not exceed 0.4 p b , where p b is the ratio producing balanced conditions as defined by 7.4.2.8. 

Yield line theory. The most widely used plastic theory method for slabs has been the yield line theory due 
to Johansen. In this method the ultimate load of the slab is determined when the ultimate moment has 
developed along a system of yield lines (lines of intense cracking across which the reinforcement has 
yielded) which convert the slab into a collapse mechanism. However, yield line theory is an upper bound 
limit design approach and therefore the designer should be careful to examine all possible yield line 
patterns to ensure that the one giving the lowest ultimate load is used, otherwise the strength of the slab 
may be overestimated. A comparison of test results from a wide range of slabs with predictions by yield 
line theory demonstrates that yield line theory gives a safe estimate of the ultimate load capacity of slabs 
provided that the critical yield line pattern is used. In many cases there is a substantial reserve of strength 
not predicted by the theory which gives added safety. The critical yield line patterns and ultimate load 
formulae for slabs with various shapes, boundary conditions and loading are available in the literature. 
The English translation of one of Johansen's publications 1218 covers a wide variety of slabs. Other 
references in English by Park and Gamble, Wood, and Jones 123, 12 " 19, 1220, 12 21 give a useful range of 
design information. 

Cut-off points of negative moment reinforcement may be calculated by examining the alternative yield line 
patterns which could form as a result of the curtailment. 

Yield line theory shows a strength reduction due to the formation of fans of yield lines in slab corners 
which can be significant if top reinforcement is absent. Both top and bottom reinforcement should be 
present in the corner regions of all slabs. The reinforcement present in the top and bottom should be 
provided for a distance of 0.2 times the longer span in each direction from the corner and should provide 
an ultimate positive and negative resisting moment per unit width equal to the maximum positive ultimate 
moment per unit width in the slab. 

The supporting beams of slabs designed by yield line theory may be designed on the basis of the loads 
transferred to the beams from the adjacent segments of the yield line pattern, except for slabs with one or 
more unsupported free edges 123, 1221 . 

Strip method . An alternative plastic theory method is the strip method due to Hillerborg. This method 
follows from the lower bound principles for plates which may be stated as follows: "If a distribution of 
moments can be found which satisfies the slab equilibrium equation and boundary conditions for a given 
external load, and if the slab is at every point able to resist these moments, then the given external load 
will represent a lower limit of the carrying capacity of the slab". In the strip method the load carried by 
torsion in the slab is put equal to zero and the slab is considered as if composed of systems of strips, 
generally in two directions at right angles, which enables the design bending moments to be calculated by 
simple statics involving the equilibrium of the strips. Publications in English by Park and Gamble, 
Hillerborg, Wood and Armer 123, 1Z22, 12 ' 23, 1Z24 give treatments of the strip method. 
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Hillerborg 1222 also introduces the "advanced strip method" which uses triangular and rectangular 
elements rather than strips to determine the design moments. Park and Gamble, Wood and Armer 12 ' 3, 
12.23, 12.24 g | so desc-jke the concept of "strong bands" which enables beamless slabs supported on 
columns, and slabs with re-entrant corners and openings, to be treated more easily than using the corner 
supported rectangular elements introduced by Hillerborg. 

The supporting beams of slabs designed by the strip method may be designed on the basis of the loads 
transferred to the beams by the adjacent strips or segments. 

The strip method is an attractive approach to slab design since it involves simple concepts that can be 
relatively easily applied in the general case to obtain moment diagrams which can be used to determine 
lengths and quantities of reinforcement. 

Arrangement offlexural reinforcement. Both upper and lower bound methods allow the designer freedom 
to choose arrangements of reinforcement which lead to simple detailing. However, it cannot be over- 
emphasised that the arrangements of reinforcement chosen should be such that the resulting distribution 
of ultimate moments of resistance at the various sections throughout the slab does not differ widely from 
the distribution of moments given by the elastic theory of thin slabs. If large differences between the 
distribution of ultimate resisting moments and the elastic moments do exist it may mean that the cracking 
of concrete at the service load is excessive because low reinforcement ratios at highly stressed sections 
may lead to high steel stresses and hence to large crack widths. Such regions of high steel stress at 
service load may also result in large deflections. Hence it is important that the designer should keep a feel 
for the elastic theory distribution of bending moments and use it to help decide the ratios of negative to 
positive ultimate resisting moments and ratios of the ultimate resisting moments to be used in the two 
directions. Just how far the reinforcement arrangement can differ from the bending moments given by 
elastic theory and still result in a serviceable slab has not been conclusively determined but the tests 
which have been carried out do indicate that sensible arrangements of steel result in serviceable slabs. It 
is recommended that ratios of negative to positive ultimate moments of resistance per unit width between 
one and two should be used with some account being taken of the degree of restraint at the edges. For 
example, if full restraint against rotation is anticipated, a value in the range of 1.5 to 2.0 could be used, but 
if some rotation is expected a value in the range of 1.0 to 1.5 would be more appropriate. Ratios of the 
ultimate moments of resistance per unit width in the two directions should take account of the direction of 
maximum bending moment given by elastic theory. For example, in two-way slabs the greatest ultimate 
resisting moment per unit width should act in the direction of the short span. At edges which have been 
considered as simply supported, care should be taken to provide top reinforcement to control cracking due 
to fortuitous restraining moments. Such reinforcement should be for approximately 0.33 to 0.5 of the 
maximum positive ultimate moment of resistance per unit width. 

Serviceability checks. Checks of deflections are discussed in detail in Section 2. Excessive cracking 
should not occur providing a reasonable arrangement of reinforcement is used as discussed previously. In 
cases of concern, maximum crack widths can be estimated by the equation given in 2.4.4.6 and checked 
against allowable values. The steel stress at the serviceability limit state is required for such a check. This 
stress can be estimated or, in cases where the distribution or ultimate resisting moments show significant 
deviations from the bending moments given by elastic theory, elastic theory can be used to obtain a more 
accurate estimate of the steel stress at the serviceability limit state. Potential cracking due to self strain 
effects (shrinkage, differential temperature, temperature change) should be considered (see 2.4.4.8.) 

C1 2.5.6 Slab reinforcement 

C1 2.5.6.3 Spacing of principal reinforcement 

The requirement that the centre-to-centre spacing of the principal reinforcement be not more than two 
times the slab thickness applies only to the reinforcement in solid slabs, and not to that in waffle slabs. 
This limitation is intended to ensure slab action, to reduce cracking and to provide for the possibility of 
loads concentrated on small areas of the slab. 
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C12. 5.6.4, C12.5.6.5, C12. 5.6.6 Reinforcement at edges 

Bending moments in slabs at spandrel beams can be subject to great variation. If a slab is integrated with 
walls, the slab approaches complete fixity there. Without an integral wall, the slab could be largely simply 
supported dependent on the torsional stiffness of the spandrel beam or slab edge. These requirements 
provide for unknown conditions that might normally occur in a structure. 

C 12.5.6.7 Reinforcement for torsional moments 

Torsional moments are particularly high in slab corners and top and bottom reinforcement should be 
present there to control cracking of concrete. An analysis based on first principles may be used to 
determine the reinforcement required to resist the combined flexural and torsional actions, as outlined in 
C1 2.5.3. Alternatively the reinforcement in corners required by yield line theory, to prevent fan 
mechanisms developing, can be regarded as providing the necessary resistance to torsional moments. In 
lieu or either of these analyses the top and bottom reinforcement described in 12.5.6.7(a), (b) and (c) is 
recommended. Reinforcement, which is already in the slab corners for other purposes may be considered 
to be part of the reinforcement for torsional resistance. 

C1 2.5.6.9 Integrity reinforcement for slabs supported on columns 

Failures due to punching shear are very brittle in nature. When diagonal punching shear cracks form the 
load carrying capacity is completely lost. There are cases described in the literature where a punching 
failure has led to major progressive collapses as the load carried by one column is transferred to other 
columns, which in turn fail due to the additional load that is thrown on them. A simple method of guarding 
against this form of failure has been proposed. Tests have shown that when punching shear failure 
occurs the slab drops and reinforcement in the bottom of the slab, which passes through the column, kinks 
typically to an angle of 30°. The vertical component of the tension force in the kinked reinforcement 
prevents collapse if its magnitude is equal to or more than the shear transferred between the slab and 
column 1225 . Top reinforcement is ineffective as it is pulled out of the concrete. The kinking mechanism 
for bottom bars forms the basis of the requirement in 12.5.6.9 (a). 

In lift slab construction reinforcement cannot be passed through or anchored in the column. However, 
bottom reinforcement, which passes over supporting elements that are tied into the column, it acts to 
resist collapse due to punching shear due to the bearing on the bottom surface of the slab from the 
supporting elements that are tied into the column. The location of this reinforcement is shown in 
Figure C12.1. 
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Figure C12.1 - Location of integrity reinforcement 
C12.6 Serviceability of slabs 

Reinforcement well distributed to limit cracking and adequate stiffness to limit deflections are important 
considerations. The cracking and deflection of slabs are not generally controlled by Standards such as 
AS/NZS 1170.0 or NZS 1170.5, although general recommendations are given. These serviceability 
criteria need to be evaluated and set on a case by case basis. 

C12.7 Design for shear 

C1 2.7.1 Critical sections for shear 

Large scale test for punching shear are difficult to carry out. Consequently there are a few tests in the 
literature to indicate what scale affects might exist. Consequently, it is recommended that designers take 
a conservative approach to design for punching shear in thick members. 

Differentiation must be made between a long and a narrow slab or footing acting as a beam, and a slab or 
footing subject to two-way action where failure may occur by 'punching' along a truncated cone or pyramid 
around a concentrated load or reaction area. 

The critical section for shear in slabs subjected to bending in two directions follows the perimeter at the 
edge of the loaded area 12 26 . The shear stress acting on this section at factored loads is a function of ^//jf 

and the ratio of the side dimension of the column to the effective slab depth. A much simpler design 
equation results by assuming a pseudo-critical section located at a distance d/2 from the periphery of the 
concentrated load. When this is done, the shear strength is almost independent of the ratio of the column 
size to slab depth. For rectangular columns, this critical section was defined by straight lines drawn 
parallel to, and at a distance dl2 from the edges of the loaded area. Clause 12.7.1(b) allows the use of a 
rectangular critical section. 

For slabs of uniform thickness, it is sufficient to check shear on one section. For slabs with changes in 
thickness, such as the edge of drop panels, it is necessary to check shear at several sections. 

For edge columns at points where the slab cantilevers beyond the column, the critical perimeter will either 
be three-sided or four-sided. 
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C12.7.3.2 Nominal shear strength provided by the concrete, Vc 

For square columns, the shear force V c due to ultimate loads in slabs subjected to bending in two 

directions is limited to ( 1 / 3 )<y/f c b d. However, tests 1227 have indicated that the value of Ch)^ b d is 

unconservative when the ratio /? c of the lengths of the long and short sides of a rectangular column or 
loaded area is larger than 2.0. In such cases, the actual shear force on the critical section at punching 

shear failure varies from a maximum of about Ck)^^ b d around the corners of the column or loaded 

area, down to ( 1 / 6 ) fy b d or less along the long sides between the two end sections. Other tests 12,28 

indicate that V c decreases as the ratio b ld increases. Equations 12-6 and 12-7 were developed to 
account for these two effects. The words "interior", "edge", and "corner columns" in 12.7.3.2(b) to critical 
sections with four, three, and two sides, respectively. 

For shapes other than rectangular, J3 C is taken to be the ratio of the longest overall dimension of the 
effective, loaded area to the largest overall perpendicular dimension of the effective loaded area, as 
illustrated for an L-shaped reaction area Figure C12. 2. The effective loaded area is that area totally 
enclosing the actual loaded area, for which the perimeter is a minimum to find the critical value. 



QffiGaJ section 




12.7.1(b) 






Figure C12.2 - Value of fi c for a non-rectangular loaded area 

A2 Recent research (Birkle, G., and Diliger, W. H., "Influence of slab thickness on punching shear strength", 
ACI Structural Journal, Vol. 105, No. 2, Mar. - Apr. 2008, pp. 180-189) has indicated that the shear that 
can be resisted by concrete prior to diagonal cracking due to punching shear, decreases as the depth 
increases. To allow for this, the factor /c ds has been introduced into the equations for v c prior to cracking. 
This factor decreases from 1 .0 for slabs with an average effective depth of 200 mm, to 0.5 for slabs with 
an average effective depth of 800 mm. The value of v c , when shear reinforcement is required is given by 
12.7.3.5. 

C12.7.3.5 Shear to be resisted by shear reinforcement for punching shear 

It should be noted that for punching shear the resistance provided by the concrete decreases markedly 

when diagonal cracking occurs. The shear force for each side in the perimeter needs to be calculated 

separately. 

C12.7.4 Shear reinforcement consisting of bars or wires or stirrups 



Research 



12.29,12.30,12.31,12.32 



has shown that shear reinforcement consisting of properly anchored bars or 



wires and single-or multiple-leg stirrups, or closed stirrups, can increase the punching shear resistance of 
slabs. The spacing limits given in 12.7.4.4 correspond to slab shear reinforcement details that have been 
shown to be effective. Clause 12.7.4.5 gives anchorage requirements for stirrup-type shear reinforcement 
that should also be applied for bars or wires used as slab shear reinforcement. It is essential that this 
shear reinforcement engages longitudinal reinforcement at both the top and bottom of the slab, as shown 
for typical details in Figure C12. 3(a) to (c). Anchorage of shear reinforcement according to the 
requirements of 12.7.4.4 is difficult in slabs thinner than 250 mm. Shear reinforcement consisting of 
vertical bars mechanically anchored at each end by a plate or head capable of developing the yield 
strength of the bars have been used successfully 



12.33 



In a slab-column connection for which the moment transfer is negligible, the shear reinforcement should 
be symmetrical about the centroid of the critical section Figure C1 2.3(d). Spacing limits defined in 
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Ml A A are also shown in Figure C1 2.3(d) and (e). At edge columns or for interior connections where 
moment transfer is significant, closed stirrups are recommended in a pattern as symmetrical as possible. 
Although the average shear stresses on faces AD and BC of the exterior column in Figure C12.3 (e) are 
lower than on face AB, the stirrups extending from faces AD and BC provide some torsional capacity 
along the edge of the slab. 
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(a) and (b) Single and multiple-leg stirrup type slab shear reinforcement 




(c) Single or multiple-leg stirrup type slab shear reinforcement 

Figure C12.3 - Shear reinforcement for slabs 

(Continued on next page) 
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(d) Arrangement of stirrup shear reinforcement, interior column 
Figure C12.3 - Shear reinforcement for slabs (continued) 
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(e) Arrangement of stirrup shear reinforcement, edge column 
Figure C12.3 - Shear reinforcement for slabs (continued) 



C1 2.7.5 Shear reinforcement consisting of structural steel lor channel-shaped sections and other 
equivalent devices 



12.34 



C12.7.5.1 General 

Based on reported test data 1 ^ 4 , design procedures are presented for shearhead reinforcement consisting 
of structural steel shapes. For a column connection transferring moment, the design of shearheads is 
given in 12.7.7.3. 

Three basic criteria should be considered for the design of shearhead reinforcement for connections 
transferring shear due to gravity load. First, a minimum flexural strength must be provided to ensure that 
the required shear strength of the slab is reached before the flexural strength of the shearhead is 
exceeded. Second, the shear stress in the slab at the end of the shearhead reinforcement must be limited. 
Third, after these two requirements are satisfied, the designer can reduce the negative slab reinforcement 
in proportion to the moment contribution of the shearhead at the design section. 
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C12.7.5.2 Details of shearheads 

The assumed idealised shear distribution along an arm of a shearhead at an interior column is shown in 
Figure C12.4. The shear along each of the arms is taken as a v V c It], where a* and 77 are defined in 
127.5.2 (a) and (f), and V c is defined in 12.7.3.2. However, the peak shear at the face of the column is 
taken as total shear considered per arm V*l$i] minus the shear considered carried to the column by the 
concrete compression zone of the slab. The latter term is expressed as (V c irj) (1 - a,), so that it 
approaches zero for a heavy shearhead and approaches V*I#t] when a light shearhead is used. Equation 
12-15 then follows from the assumption that </>V c is about one-half the design shear force V*. In this 
equation M p is the required plastic moment strength of each shearhead arm necessary to ensure that 
design shear force V* is attained as the moment strength of the shearhead is reached. The quantity L v is 
the length from the centre of the column to the point at which the shearhead is no longer required, and the 
distance Ci/2, is one-half the dimension of the column in the direction considered. 
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Figure C12.4- Idealised shear force acting on shearhead 
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(a) No shearhead (b) Small interior shearhead (c) Large interior shearhead 
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Figure C12.5 - Location of critical section defined in 4774H12.7.5.3 



C12-12 



NZS 31 01 :Part 2:2006 



MO 



O j(N 



coKT 



CSI 



bv 



B* 



ojc 






_tj|«M 



0|tM | 






v 2 



M 1 ) 



0|CM- 
i 
> 

ro|xr 



-B' 



n c 



L v 2 



(d) Small edge shearhead 
(7 = 3) 



(e) Large edge shearhead 
(7 = 3) 



Figure C12.5 - Location of critical section defined in 12.7.5.3 (Continued) 

C12.7.5.3 Critical slab section for shear and C12.7.5.4 limit on nominal shear strength 

The test results 12,34 indicated that slabs containing under reinforcing shearheads failed at a shear stress 

on a critical section at the end of the shearhead reinforcement less than ( 1 / 3 )^ ■ Although the use of 

over-reinforced shearheads brought the shear strength back to about the equivalent of (V 3 )^" b d, the 
limited test data suggest that a conservative design is desirable. Therefore, the shear strength is 
calculated as CU)^ b d on an assumed critical section located inside the end of the shear head 
reinforcement. 

The critical section is taken through the shearhead arms three-quarters of the distance [Z_ v - (c-i/2)] from 
the face of the column to the end of the shearhead. However, this assumed critical section need not be 
taken closer than cf/2 to the column. See Figure C12.5. 

C12.7.5.5 Moment of resistance contributed by shearhead 

If the peak shear at the face of the column is neglected, and <j>V c is again assumed to be about one-half of 
V*, the moment contribution of the shearhead M v can be conservatively computed from Equation 12-16, 
in which <f> is the strength reduction factor for flexure. 

C12.7.6 Openings in slabs 

Provisions for design of openings in slabs (and footings) were developed in Reference 12.26. The 
locations of the effective portions of the critical section near typical openings and free edges are shown by 



the dashed lines in Figured 2. 6. 
conservative. 



Additional research 



12.27 



has confirmed that these provisions are 



C1 2.7.7 Transfer of moment and shear in slab column connections 

In Reference 12.35 it was found that where moment is transferred between a column and a slab, 60 % of 
the moment should be considered transferred by flexure across the perimeter of the critical section 
defined in 12.7.1, and 40 % by eccentricity of the shear about the centroid of the critical section. For 
rectangular columns, the portion of the moment transferred by flexure increases as the width of the face of 
the critical section resisting the moment increases, as given by Equation 12-16. 

Most of the data in Reference 12,35 were obtained from tests of square columns, and little information is 
available for round columns. These can be approximated as square columns. Figure C12J shows 
square supports having the same areas as some non-rectangular members. 
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Figure C12.6 - Effect of openings and free edges (effective perimeter shown with dashed lines) 






Figure C12.7 - Equivalent square supporting sections 

C1 2.7.7.3 Unbalanced moment transferred by eccentricity of shear 

The stress distribution is assumed as illustrated in Figure C12.8 for an interior or exterior column. The 
perimeter of the critical section, ABCD, is determined in accordance with 12.7.1. The design shear force 
V* and unbalanced moment M* are determined at the centroidal axis c-c of the critical section. The 
maximum design shear stress may be calculated from: 



V , TyM c AB 

»i» — — 1 : 



'AB 



.(Eq. C12-9) 



or 



V C D = 



V' y v M'c CD 



.(Eq.C12-10) 
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where y v is given by Equation 12-17. For an interior column, A c and J c may be calculated by: 
A c = area of concrete of assumed critical section 

= 2d (d + c 2 + 2d) 
J c = property of assumed critical section analogous to polar moment of inertia 



d(c^df (c 2 + d)d 3 d(c 2 +d)(ci+df 
6 + 6 2 



.(Eq.C12-11) 



Similar equations may be developed for A c and J c for columns located at the edge or corner of a slab. 
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(a) Interior column 
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(b) Edge column 
Figure C12.8 - Assumed distribution of shear stress 

The fraction of the unbalanced moment between slab and column not transferred by eccentricity of the 
shear should be transferred by flexure in accordance with 12.7.7.2. A conservative method assigns the 
fraction transferred by flexure over an effective slab width defined in 12.7.7.2. Often designers 
concentrate column strip reinforcement near the column to accommodate this unbalanced moment. 
Available test data 1235 seems to indicate that this practice does not increase shear strength but may be 
desirable to increase the stiffness of the slab-column junction. 

Where shear reinforcement has been used, the critical section beyond the shear reinforcement generally 
has a polygonal shape as in Figure C1 2.3(d) and (e). Equations for calculating shear stresses on such 
sections are given in Reference 12.32. 

Tests 1236 indicate that the critical sections defined in 12.7.1(b) are appropriate for calculations of shear 
stresses caused by transfer of moments even when shearheads are used. Then, even though the critical 
sections for direct shear and shear due to moment transfer differ, they coincide or are in close proximity at 
the column corners where the failures initiate. Because a shearhead attracts most of the shear as it 
funnels toward the column, it is conservative to take the maximum shear stress as the sum of the two 
components. 
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Note that 12.7.5.5 requires the moment M p to be transferred to the column in shearhead connections 
transferring unbalanced moments. This may be done by bearing within the column or by mechanical 
anchorage. 



C12.8 Design of reinforced concrete bridge decks 
A2 C1 2.8.2 Empirical design based on assumed membrane action 



C1 2.8.2.1 General 

Elastic plate bending has been found to be conservative in situations where the boundary conditions of the 
slab restrict lateral movement. Extensive research into the behaviour of deck slabs has discovered that 
the primary structural action by which these slabs resist concentrated wheel loads is not flexure, as 
traditionally believed, but a complex internal membrane stress state referred to as internal arching. This 
action is made possible by the cracking of the concrete in the positive moment region of the design slab 
and the resulting upward shift of the neutral axis in that portion of the slab. The action is sustained by 
in-plane membrane forces that develop as a result of lateral confinement provided by the surrounding 
concrete slab, rigid appurtenances, and supporting components acting compositely with the slab. 

The arching creates what can best be described as an internal compressive dome, the failure of which 
usually occurs as a result of overstraining around the perimeter of the wheel footprint. The resulting 
failure mode is that of punching shear, although the inclination of the fracture surface is much less than 
45°, due to the presence of large in-plane compressive forces associated with arching. The arching 
action, however, cannot resist the full wheel load. There remains a small flexural component for which the 
specified minimum amount of isotropic reinforcement is more than adequate. The steel has a dual 
purpose; it provides for both local flexural resistance and global confinement required to develop arching 
effects. 1237 ' 1238 

The provisions are based on research studies 12 39 , the findings from which have been verified by full-scale 
field studies 12 40, 12 ' 41, 12 ' 42 . It has been concluded that if the conditions specified in this clause are met, 
composite deck slabs can be expected to perform satisfactorily under the wheel loads specified by the 
Transit New Zealand Bridge Manual. 

C1 2.8.2.2 Conditions 

All tests carried out so far have been restricted to specimens of uniform depth. 

Spans with the minimum specified reinforcement have demonstrated nearly complete insensitivity to 
differential displacement among their supports. Intermediate cross-frames are not needed in order to use 
the empirical deck design method for cross sections involving torsionally weak open shapes such as T- or 
I-shaped girders. 

Use of separated, torsionally stiff girders without intermediate diaphragms, can give rise to the situation, 
shown in Figure C12.9 in which there is a relative displacement between the girders and in which the 
girders do not rotate sufficiently to relieve the moments over the webs. This moment may or may not 
require more reinforcing than is provided by the empirical deck design. 
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Areas needing 
speciai consideration 

Figure C12.9 Schematic of effect of relative displacements in torsionally stiff cross section 

Physical tests and analytical investigations indicate that the most important parameter concerning the 
resistance of concrete slabs to wheel loads is the ratio between the span length and the depth of the slab. 
The span length to depth ratio limit of 18.0 is based on the results of experiments. 12 43 

No experience exists for span lengths exceeding 4.100 m. The 175 mm depth is considered an absolute 
minimum by both the AASHTO and Canadian Bridge Design Codes. 

The intention of the overhang provision is to ensure confinement of the slab between the first and the 
second girders. 

30 MPa is the concrete strength generally adopted for in situ deck construction in New Zealand bridges. 
None of the tests included concrete with less than 28 MPa strength at 28 days. On the other hand, tests 
indicate that the resistance is not sensitive to the compressive strength. 

C1 2.8.2.3 Reinforcement 

Prototype tests have indicated that 0.2 % reinforcement in each direction in both the top and bottom 
layers, placed at the minimum required cover, satisfies strength requirements. However, the conservative 
value of 0.3 % of the gross area, which corresponds to 570 mm 2/ m in a 190 mm thick slab, is specified for 
better crack control in the positive moment area. Field measurements show very low stresses in the 
negative moment steel; this is reflected by the 380 mm 2 /m requirement, which is about 0.2 % 
reinforcement steel. 

Lap welded splices are not permitted due to fatigue considerations. Tested and pre-approved mechanical 
splices may be permitted when lapping of reinforcement is not possible or desirable, as often occurs in 
staged construction or widenings. 

Beam and slab bridges with a skew exceeding 25° have shown a tendency to develop torsional cracks 
due to differential deflections in the end zone, and therefore the provision of additional reinforcement is 
required in the end zones to counter this. 

C 12.8.2.4 Longitudinal negative moments in continuous structures 

The additional longitudinal reinforcement provided in the slab in the negative moment region of continuous 
beams and girder-type bridges beyond that required for isotropic reinforcement, according to the 
provisions of 12.8.2.3, need not be matched in the perpendicular direction. Theoretically, this portion of 
deck will be orthotropically reinforced, but this does not weaken the deck. 
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C13 DESIGN OF DIAPHRAGMS 

C13.2 Scope and definitions 

This section presents design requirements for diaphragms. The primary role of diaphragms is to ensure 
efficient interaction of all lateral force-resisting elements in a building. Generally two types of diaphragm 
actions are encountered in buildings 13 ' 1 13 ' 2 133 . The first type of action occurs at every floor where the 
floor system, acting as a horizontal deep beam, transmits forces generated by wind or an earthquake to 
various lateral force-resisting components, such as frames or structural walls. The second type of action 
is encountered where, at a particular level, large in-plane shear forces need to be transferred from one 
vertical lateral force-resisting component such as a shear core, to others, such as peripheral foundation 
walls, and in dual structural systems. All diaphragms typically have to undertake both roles of force 
transfer. Depending on geometry of the structure and the interrelationship of the vertical structure 
elements (walls or frames), one of the two types will dominate 13 4 . 

Section 13.3 applies to all diaphragms that are not designed to dissipate energy. Beam or wall elongation 
may cause isolated yielding of the flooring reinforcement, however, this is deemed to not constitute an 
energy dissipating diaphragm and therefore the requirements of 13.3 apply. 



C13.3 Genera! principles and design requirements 

C1 3.3.1 Functions of diaphragms 

Most diaphragms will simultaneously act as floor slabs and hence will contain some reinforcement in both 
directions. However, supplementary reinforcement to enable efficient diaphragm action to develop may 
sometimes be necessary. 

C1 3.3.2 Analysis procedures 

Differential creep, shrinkage and temperature effects can influence the serviceability of the structure and 
should be considered together with in-plane stiffness particularly when precast concrete floor systems are 
used 135 . In particular the effects of differential temperature should be considered on diaphragms that are 
exposed to the sun and contain precise prestressed units. Failure to allow for the rotations induced by 
differential temperature can cause damage at the supports of precast units. 

In general, diaphragms may be modelled using a strut and tie approach. Design forces and corresponding 
reactions cannot usually be defined with great precision. However, equilibrium conditions must be 
established and reinforcement provided so as to ensure adequate strength. 

C1 3.3.3 Openings 

The presence of large openings in the floor systems, possibly interfering with simple diaphragm action, is 
often inevitable. Rational analysis, clearly identifying in-plane paths of internal force, should be employed 
to enable in such a situation the appropriate locations and anchorages of reinforcement to be established. 
To this end preferably strut and tie models 13 6 , some details of which are given in Appendix A, should be 
used. Load paths within a diaphragm for earthquake forces acting from different directions may be 
different 133 . 

C1 3.3.4 Stiffness 

For most buildings, in-plane deformations associated with diaphragm actions will be negligible. Therefore 
the assumption of infinite rigidity of diaphragms in the lateral force analysis of the entire structural system 
will be a satisfactory approximation. However, in long and narrow buildings, particularly where dual 
systems are used, and where large openings are present, diaphragm flexibility may significantly affect the 
participation of certain lateral force-resisting vertical elements in the resistance of the total lateral force. 
Diaphragm flexibility should be taken into account in the overall analysis where the maximum lateral 
deformation of the diaphragm is more than twice the average storey drift in the relevant storey at the 
ultimate limit state 13 3 ' 13 7 . 
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C1 3.3.6 Changes in depth 

Joints, including construction joints, may reduce the ability of diaphragms to transfer in-plane forces over 
the full thickness. In evaluating force transfer, only the effective interface area at the section should be 
considered. 

C1 3.3.7 Diaphragms incorporating precast concrete elements 

Where precast floor elements are used, in contrast to cast-in-place concrete slabs, numerous joints in 
both principal directions of the floor plan will be present. It is essential that continuity in the transfer of 
internal actions over the entire floor, is assured. 

C13.3.7.2 Requirements for toppings transferring diaphragm forces 

Due to the potential weakness of in-plane shear transfer at joints between precast concrete elements, it is 
preferable to rely entirely on cast-in-place reinforced concrete topping, at least 50 mm thick. To ensure 
this minimum thickness over elements with camber, or minimum cover over reinforcement where lapped 
splices occur, 65 mm thickness for the topping should be specified. Analysis may show that the minimum 
reinforcement specified in 8.8 is not adequate to resist the derived diaphragm action. 

For composite action of the precast and cast-in-place parts of the finished floor slab, satisfactory bond 
between the two components is essential. This is to prevent separation of the topping and hence to 
ensure its stability in transferring the in-plane compression diaphragm forces. 

C13. 3.7.4 Transfer of diaphragm forces across joints in untopped systems 

Where precast elements are used without an effective cast-in-place concrete topping, in-plane force 
transfer due to diaphragm action must rely on appropriately reinforced joints between precast elements. 
This may be difficult to achieve unless precast elements are specifically designed and constructed to allow 
effective dowels or equivalent reinforcement to be placed in joints that are to be subsequently filled with 
fresh concrete. Examples are precast prestressed hollow-core floors for which a variety of connection 
details have been developed 13 8 . This clause requires the designer to verify that connections between 
precast elements, as well as the reinforcement within each element, are such that the diaphragm 
performance equivalent to that of a cast-in-place concrete slab with at least minimum reinforcement in 
both principal directions is achieved. 

C1 3.3.7.5 Connection of diaphragm to primary lateral force-resisting system 

The requirements of this clause are complementary to those of 13.3.7.4 to ensure that diaphragm forces 
are safely transferred from precast elements to frames or walls that provide the lateral force resistance for 
the building. Forces at these connections are in general more critical than those to be transferred from 
one precast panel to another. 

Particular attention must be given to adequate anchorage of the reinforcement in the topping within chord 
members such as beams, bands or walls. Alternatively, adequately anchored starter bars projecting from 
such chord members may be spliced with the reinforcement in the topping in accordance with 8.7.2 and 
8.7.6. 

C1 3.3.1 Reinforcement near plastic hinges in beams 

A horizontal diaphragm is a part of the floor system. Therefore, it will interact with the supporting beams 
when these are subjected to gravity loads and seismic actions. Cast-in-place slabs are expected to 
function also as beam flanges. Therefore during ductile frame response significant inelastic tensile strains 
parallel to beams may develop, particularly where beam plastic hinges are formed (see Figure C9.13 and 
Figure C9.1). 

Under such conditions the floor system between beams may need to sustain a tension rather than a 
compression field. Hence adequate reinforcement in the topping must be provided to transfer tension 
forces across discontinuities caused by inelastic deformations in the supporting beams that may act as 
compression members. Suitable detailing of this reinforcement should ensure that forces at node points 
of appropriate strut-and-tie models can be effectively transferred. Figure C10.2 shows typical bars, placed 
at approximately the mid-depth of the topping slab, at exterior columns. To ensure adequate anchorage, 
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these bars should extend beyond the centre of a column by at least a length equal to one-quarter of the 
diagonal distance between adjacent columns or the intersection of orthogonally arranged beams around 
the edges of a slab panel. 



C13.4 Additional design requirements for elements designed for ductility in 
earthquakes 

Unless the diaphragm shear strength of a floor slab is significantly reduced, for example by joints or large 
openings, earthquake induced diaphragm forces will seldom be critical. Transfer diaphragms, however, 
may be subjected to large in-plane shear forces and these may necessitate the increase of diaphragm 
thickness over that required by gravity load requirements. Special attention needs to be given to 
diaphragm action at any level when, instead of cast-in-place reinforced concrete floor slabs, precast 
concrete elements are used. To ensure the predictable interaction of vertical lateral force-resisting 
elements, energy dissipation in diaphragms should be suppressed unless special studies are made. As a 
general rule diaphragms should not be required to dissipate seismic energy 133 . 

C1 3.4.3 Diaphragms incorporating precast concrete elements 

Because in-plane diaphragm actions should be within the elastic domain, special studies are required 
when in exceptional cases ductile diaphragm response needs to be relied on. Where inelastic action is 
expected in the diaphragm the topping concrete is likely to be cracked and there is potential for 
delamination of the topping and precast floor unit. The consequences of this shall be determined and if 
the flooring system relies on composite action to support gravity loads then mechanical connectors shall 
be provided across the interface. 
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C14 FOOTINGS, PILES AND PILE CAPS 



C14.1 Notation 

The following symbols, which appear in this section of the Commentary, are additional to those used in 

Section 14 of the Standard: 

b perimeter of critical section for slabs and foundations, mm 

q s soil bearing pressure as determined from the ultimate limit state loads, kPa 

<j> strength reduction factor (see 2.3.2.2) 

C14.2 Scope 

This section documents provisions which apply to isolated foundations supporting a single column or wall. 
However, most of the provisions are generally applicable to combined foundation and raft systems 
supporting several columns or walls or a combination thereof. Reference to piles is generally limited 
towards establishing ductility requirements, as generally it is important to ensure these elements can 
sustain intentional and unintentional post-elastic flexural actions at critical locations. Basic pile design 
philosophy may be extracted from References 14.1, 14.2, 14.3, 14.4 and 14.5. 

C14.3 General principles and requirements 
C14.3.4 Shear in footings 

C 14.3.4.1 General and C 14.3.4.2 Spread footings and footing supported by piles 

The shear strength of foundations must be determined for the more severe condition of 12.7.1(a) or 
(b)The critical section for shear is "measured" from the face of the supported member (column, pedestal 
or wall), except for supported members on steel base plates. 

Clause 12.7.1(a) considers the foundation essentially as a wide beam with a critical section (potential 
diagonal crack) extending in a plane across the entire width. This case is analogous to a conventional 
beam, and the design proceeds accordingly. 

Clause 12.7.1(b) assumes two-way action, with a critical section (potential cracking) along the surface of a 
truncated cone or pyramid. The critical section of this case is taken at a distance d 12 from the perimeter of 
the column, pier, pile or other concentrated load. 

Computation of shear requires that the soil bearing pressure q s be obtained from ultimate limit state loads 
and the design be in accordance with the appropriate equation of Section 7. 

Where necessary, shear around individual piles may be investigated in accordance with 12.7.1(b). If shear 
perimeters overlap, the critical perimeter b should be taken as that portion of the smallest envelope of 
individual shear perimeter which will actually resist the critical shear for the group under consideration. 
One such situation is illustrated in Figure C14.1 . 



C14-1 



NZS 31 01 :Part 2:2006 



0¥&ftap 




Figure C14.1 - Modified critical section for perimeter shear with overlapping critical perimeters 

C1 4.3.4.3 Shear in pile caps 

Where piles are located inside the critical sections d p or dp/2 from face of column, analysis for shear in 

deep flexural members in accordance with 9.3.10 needs to be considered. 

C1 4.3.6 Piled foundations 

C14.3.6.3 Details for upper ends of piles 

Because of the generally high moments and shears induced at the tops of piles, it is essential to provide 

adequate confining and shear reinforcement to ensure ductility. 

For a cased pile the effect or contribution of the steel shell may be included with respect to confinement 
for the potential plastic hinge region. However, no such contribution from the shell shall be allowed for in 
nominal flexural strength calculations because of lack of compatibility of strains between concrete and 
steel unless special provisions are made to transfer the associated bond forces to the steel. 

The presence of a steel pile casing can enhance the flexural capacity of the pile and allowance for this 
should be made either in the overstrength actions or by isolating the top of the casing so that it does not 
influence the flexural strength of the pile. 

C14.3.6.5 Minimum longitudinal reinforcement in reinforced concrete piles 

This clause is based on the equivalent requirements for columns and piers as specified in Section 8. 
However, it was felt that reduction of minimum reinforcement ratios was warranted for piles with a large 
cross-sectional area. It was considered that one-half of the minimum specified for columns with 
reinforcement having a lower characteristic strength of 300 MPa was acceptable for piles exceeding 
2x10 6 mm 2 in cross-sectional area, with increasing ratios for piles of smaller area. Thus, for 
reinforcement having a lower characteristic strength of 300 MPa, the minimum reinforcement ratio for piles 
of cross-sectional area smaller than 0.5 x 10 6 is that specified for columns (2.4/300 = 0.008). In addition, 
concessions are made where reinforcement having a lower characteristic strength of 500 MPa is used. 
Equation 14-1 provides for an interpolation for the required minimum reinforcement ratio when the area of 
the pile lies between 0.5 x 10 6 mm 2 (p t , min = 2.4/f y ) and 2 x 10 6 mm 2 (p ti min = 1.2/f y ). 

Attention should be given to piles that could be subjected to axial tension when under a severe 
earthquake the overstrength of the superstructure may be developed. 

C14.3.6.9 Piled foundations with permanent casing 

Piles deteriorate due to the action of mechanical, chemical and biological agencies and if an adequate 
service life is to be obtained from piles in aggressive conditions, a correct choice of material and its 
treatment are necessary. 
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The corrosion of steel piles is an electro-chemical phenomenon caused by potential gradients between 
adjacent areas of the steel surface. The steel corrodes at surfaces that are anodic to the soil and water, 
but is probably protected by a layer of hydrogen that is released at the cathodic surfaces. Differences in 
potential are caused by differences in the surface conditions of the steel and by variations in the 
electrolyte and the amount of oxygen in solution in the water at different points in the length of a pile. The 
temperature and the time of exposure also determine the amount of corrosion. 

The incidence of corrosion of a steel pile that is completely embedded in the ground is largely dependent 
on the ease with which aerated ground water can reach the pile. Thus, it is small where the permeability of 
the soil is low, as in a clay, but may be important in a porous soil, such as a sand, where air is present in 
the pores down to ground water level and dissolved oxygen may be available for some distance below. 
The rates of corrosion shown by experiments vary from practically nil to about 0.075 mm per year, a 
commonly used (average) figure being 0.05 mm/year. It is common practice to make an allowance for 
loss of thickness by corrosion when calculating the thickness of steel required in the wall of a tube pile or 
in the web and flanges of an H pile. In normal conditions that are not regarded as corrosive, an increase of 
1 .5 mm in the thickness might be made. 

For steel piles that are exposed to sea water and sea air as in the case of a jetty, the loss of steel would 
be least for that portion of the pile in the soil and greatest for the free standing portion. The corrosion of 
steel in sea water has been the subject of a number of experiments. In the tests by the Sea-Action 
Committee of the Institution of Civil Engineers (1920-38) the rate of loss at the surface of steel exposed to 
the sea water was found to vary from about 0.075 mm per year in temperate waters to about 0.175 mm 
per year in the tropics. 

Provided due allowance has been made for corrosion with respect to the service life of the steel casing, 
the remaining area of steel shell may be considered as providing a portion of the required longitudinal 
reinforcing for non-seismic forces. See also C1 4.3.6.3. 

C14.3.6.10 Transverse reinforcement for confinement and lateral restraint of longitudinal bars 
As with members of superstructures carrying axial forces, there is a need to provide a minimum amount of 
transverse reinforcement to cater for the loss of cover, to maintain some confinement of the pile core 
concrete and to prevent buckling of the longitudinal reinforcement. 

The length over which the transverse reinforcement to 10.3.10 is required at the upper end of every pile is 
the region deemed to be most at risk. The pile shall also comply with all the relevant requirements for 
designing for shear. 

As described in C14. 3.6.3, the steel shell of a cased pile may be assumed to contribute to transverse 
reinforcement providing allowance for corrosion has been made in accordance with 14.3.6.9. 



C14.4 Additional design requirements for structures designed for earthquake effects 
C 1 4.4. 1 Designing for ductility 

C14.4.1 .1 General and C14.4.1 .2 Compliance with additional requirements 

The general philosophies of AS/NZS 1170 and NZS 1170.5 include the estimation of design forces acting 

on the foundation consistent with capacity design principles. 

These clauses, are intended to impress upon designers that where energy dissipation is relied on it is 
essential that yielding be restricted to predictable locations and that such yielding can occur without 
serious damage. For further information and examples see Reference 14.6. 

C14.4.2 Pile caps 

Where piles caps are expected to absorb moments from a column that is being supported, possibly 
associated with a column plastic hinge at overstrength, the effect of the large moment gradient along the 
pile cap should be considered. This requires the treatment of the column-pile cap connection as a beam 
column joint in accordance with the requirements of 15.4. This may necessitate the turning of 90° hooks at 
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the bottom end of column bars into the joint region, similar to that shown in Figure C9.18, rather than 
outward into the pile cap. Joint shear reinforcement within the pile cap may also need to be provided. 

The presence of the casing can enhance the flexural capacity of the pile and allowance should be made in 
the overstrength actions by isolating the top of the case so that it does not bear on the underside of the 
pile cap of the foundation. The flexural enhancement at overstrength can be ignored. 
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C15 DESIGN OF BEAM COLUMN JOINTS 



C15.1 Notation 

The following symbols, which appear in this section of the Commentary, are additional to those used in 

Section 15 of Part 1. 

Asi, A s2 area of beam flexural reinforcement, mm 2 

/A sf area of reinforcement in effective tension flanges, mm 2 

C c ' concrete compression force in the flexural compression zone of a beam, N 

C s ' compression force in the compression reinforcement of a beam, N 

L h L 2 span of beam between centre-to-centre of supports, mm 

Z- 1rlJ Z_ 2n length of clear span of beam, measured face-to face of supports, mm 

/_ c , /_c height of column, centre-to-centre of floors or roof, mm 

M i, M o2 flexural overstrength of beam section at faces of column, N mm 

p ratio of non-prestressed tension reinforcement = AJbd 

T, T tension force in tension reinforcement, N 

V c nominal shear strength provided by concrete, N 

V **, V* z design horizontal shear force across a joint in x and z directions, N 

V$ nominal shear strength provided by the shear reinforcement, N 

(j)° steel overstrength factor 

y steel compression stress factor 

C15.2 Scope 

Section 15 covers the design of beam column joints. Clause 15.3 gives general principles applicable 
when gravity loads and wind forces are considered or adjacent members contain nominally ductile plastic 
regions. Clause 15.4 gives design requirements for structures containing limited ductile or ductile plastic 
regions. 

Design of slab/column connections including provisions for shearhead reinforcement is covered in 12.7.5 
and 12.7.6. 

C1 5.2.2 Alternative methods 

Alternative methods may be used providing they are based on rational analysis and/or test results. 



C15.3 Genera! principles and design requirements for beam column joints 

C1 5.3.1 Design criteria 

The basic requirements of a beam column joint are that it must perform satisfactorily under loads at the 
serviceability limit state, that its strength should not normally govern the ultimate strength of the structure, 
and that its behaviour should not impede the development of the full strength of the adjoining members. 
Other important requirements are ease of construction and access for placing and compacting concrete. 

The structural demand on joints is greatly dependent on the type of loading, and therefore design 
procedures appropriate to the severity of each type of loading are necessary. Where static gravity loading 
governs, strength under monotonic loading without stress reversals will be the design criterion. Seismic 
forces are more severe, because strength degradation in the joint may occur under repeated reversed 
actions, and a large amount of joint reinforcement may therefore be required. 

C1 5.3.2 Design forces 

The joint must be designed to resist the forces considered in designing the members and in those 
combinations producing the most severe force distribution at the joint. Forces produced by deformations 
resulting from time-dependent effects such as creep, shrinkage or settlement should be considered. 
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Forces in the joint should be determined by considering a free body of the joint with forces on the joint- 
member boundaries properly represented. 

Where nominally ductile plastic regions can form adjacent to the joint, the design shear force should be 
calculated assuming that the longitudinal reinforcement in the plastic regions is at yield. Therefore, the 
design horizontal joint shear, if nominally ductile plastic regions were to form either side of the column 
would be: 

V*=(^s1 + 4s2)/y-Vc , ..(Eq.C15-1) 

where 

\/* h <0.20fcb/?c, or10bj/7 c (Eq. C15-2) 

and (p = 0.75 as the design forces are not based upon overstrengths. 

The serviceability limit state requirements of the Standard are intended primarily for the members meeting 
at a joint. However, joint behaviour could be significant if bars slipped within the joint core leading to 
excessive cracking and member rotation at the face of the joint core. 

C1 5.3.4 Maximum horizontal joint shear force 

A limit is set on the maximum horizontal design shear force to ensure that diagonal compression failure 
does not occur. 

C1 5.3.5 Design principles, mechanisms on shear resistance 

Joints subjected to non-seismic loading may be designed using the relevant principles of force equilibrium. 
A rational analysis may be used to show the extent to which a principal diagonal compression strut can 
carry a proportion of the joint shear, the remainder being carried by horizontal and vertical or diagonal joint 
shear reinforcement. Equations 15-1 or 15-2 may be used to evaluate the contributions. 

The corner joint of a portal frame is a common example that will not necessarily require other than nominal 
orthogonal reinforcement. Recommendations for design and detailing are given in Reference 15.1. 
Design requirements for a knee joint will differ for a moment that tends to close the right angle and for a 
moment that tends to open it as indicated in Figure C15.1. 
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(b) Opening corners 
Figure C15.1- Typical forces at a knee joint of small members 

For adequate strength under "closing" moments, knee joints of small members, slabs and walls in 
particular, are considered to require tension reinforcement continuous around the corner with sufficient 
radius to prevent bearing or splitting failure, and the amount of tension reinforcement (conservatively) 

limited to p<0.5^f^ lf T When using larger structural members having substantial reinforcing content, 

secondary reinforcement is required to preserve the integrity of the concrete within the joint by controlling 
splitting cracks and by providing confinement for the inner corner. A right angle corner joint is more 
severely affected when the applied moments tend to "open" the angle. Compression forces near the outer 
corner tend to "push off' the triangular corner portion of the joint. The use of secondary reinforcement to 
resist diagonal tension cannot be avoided in structural members of major frames, a recommended solution 
being to provide radial hoops to resist the whole of the diagonal tension across the corner 15 2 . 

Joints with small members introducing "opening" moments may not develop the full strength of the 
adjacent members. However, performance can be improved by the addition of a fillet and some diagonal 
reinforcement, as shown by dashed lines in (b) Opening corners in Figure C15.1, to ensure that the critical 
sections in the adjoining members are sufficiently removed for the joint 15 ' 1 . 

C1 5.3.6 Horizontal joint shear reinforcement 

These provisions apply to the behaviour of a joint subject to shear due to unbalanced gravity load 
moments in horizontal members of the joint but not subject to seismic forces. Such a joint is therefore not 
subject to yield incursion along beam bars passing through the joint, nor to degradation under repeated 
inelastic load cycles. These provisions make due allowance for the considerable contribution of the 
diagonal compressive strut in the concrete to joint shear transfer. The allowable proportion of the joint 
shear resisted by joint shear reinforcement reduces with axial load on the column. The factor C, is 
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introduced to allocate the effect of axial compression to the two principal horizontal directions x and z of a 
space frame where a joint is required to transfer joint shears \Z jx and \Z jz concurrently in each direction. For 
unidirectional joint loading C } is unity. 

C1 5.3.7 Vertical joint shear reinforcement 

To sustain a diagonal compression field by a truss mechanism, vertical joint shear reinforcement is also 
required. This can be computed in the same way as the amount of horizontal joint shear reinforcement. 

C1 5.3.8 Confinement 

The minimum transverse reinforcement required in the joint is the same as the confinement reinforcement 
specified for the column ends immediately above or below the joint, except that where the joint is confined 
by elastic beams on all four sides these requirements may be relaxed. 



C15.4 Additional design requirements for beam column joints with ductile, including 
limited ductile, members adjacent to the joint 

C1 5.4.1 General 

Provisions are made for beam column joints that are subjected to forces consistent with lateral loading on 
frames causing inelastic displacements. Particularly severe conditions can arise with respect to shear 
strength and anchorage of the reinforcement passing through or terminating in a joint when plastic regions 
form at the face of the joint. The basic requirement of the design is that joints must be somewhat stronger 
than adjacent hinging members, which are normally the beams. Because shear strength and the 
anchorage of the reinforcement controls joint design, energy dissipation within the joint core is 
undesirable. It can lead to rapid loss of strength under seismic load conditions and is therefore to be 
avoided. 

Joints, different from those occurring in building frames, may be encountered in bridges, for example 
where circular piers need to develop continuity with cap beams or pile caps. These will require rational 
analysis using strut-and-tie models, or equivalent 15 3 , to demonstrate the applicability of an admissible 
load path for internal forces. 

C1 5.4.2 Design forces 

C1 5.4.2.1 Forces acting on beam column joint 

To ensure that a joint possesses adequate reserve strength, the flexural overstrength of the adjacent 
beams and the corresponding internal forces must be evaluated. The simultaneous forces in the column 
that maintain joint equilibrium must also be determined. These must correspond with plastic hinges in the 
beams that may form either at the column face or at a distance away from the column where the beam 
overstrengths are developed. In frames where inelastic inter-storey displacements can occur in both 
principal directions, generally at right angles to each other, development of beam overstrengths from both 
of those directions should be considered separately 15 4 ' 15 5 . Where stiff structural systems, such as walls, 
preclude the possibility of yielding in beams and columns in one or both principal directions of the building, 
a rational analysis must show that the elastic joint possesses adequate strength. 

The same procedure applies to one or two storey frames or the top storey of multi-storey frames where 
columns may be designed to develop plastic hinges. For the purpose of joint design, the role of beams 
and columns is simply reversed in such cases and the relevant clauses should be applied in a rational 
manner. 

C1 5.4.2.2 Horizontal design shear force 

For the purpose of evaluating the forces within a joint, such as shown in Figured 5. 2, the stress 
resultants in the adjacent beams, normally at the development of overstrengths of the members, may be 
used. With reference to Figure C15.3 the horizontal design shear force V* h across a typical interior joint is: 

V* h =T+C^+Cs-V co] (Eq.C15-3) 
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For conventionally reinforced concrete members this simplifies to: 



ojh" 



fy(A^+A s2 )-V col .....(Eq.C15-4) 



where <p° = 1 .25 for grade 300 reinforcement and 
<f> ° = 1 .4 for Grade 500 reinforcement. 

Similar expressions are obtained for external joints where only one beam frames into a column. 

The value of the column shear V 00 \ will depend on the column moment gradients above and below the 
joint. However, from Figure C15.2 and Figure C15.3 its value may be estimated using a mean moment 
gradient, thus: 



y C ol=- 
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.(Eq. C15-5) 



When necessary the value of the vertical design joint shear force, V* v , may be derived from similar 
considerations. Alternatively, the vertical joint shear force may be approximated as follows: 



jv vh . 



.(Eq.C15-6) 
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Figure C15.2 - An interior beam column joint 
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Figure C15.3- External actions and internal forces of a typical interior beam column joint 

C1 5.4.3 Design assumptions 

C1 5.4.3.1 The role of shear reinforcement 

The observed failure plane due to shear in joints of one-way frames bisects the joint along a diagonal from 
one beam column edge to another. The reinforcement provided must ensure that the shear force 
responsible for this failure plane is transmitted at most with restricted yielding of the reinforcement 15 6 . In 
accordance with 2.3.2.2, where joint shear forces are derived from overstrength member input, (f> may be 
taken as 1.0. The anchorage of beam or column bars, particularly those that are expected to yield at the 
joint face, is critical. For this reason average bond stresses at interior joints must correspond to the 
requirements of 9.4. 1 .6. 

C1 5.4.3.2 Maximum horizontal design shear force 

An upper limit on the nominal shear stress across the effective joint area is specified to safeguard the core 
concrete against excessive diagonal compression stresses. The horizontal nominal shear stress 
corresponding with the critical horizontal design shear force, is based on the nominal gross horizontal area 
of the joint, b } h c , as defined in Figure C15.4 (a) and (b). 

The internal joint actions to be considered when calculating the maximum horizontal design shear force, 
Vojh, are associated with the development of plastic hinges in the beams either at or some distance away 
from the vertical face of the joint. The factor (f>° in Equation C15-4 indicates that the steel stress 
corresponding with steel overstrength is considered. When a plastic hinge does not form at this section, 
the computed tension stress may be used in place of ^°. 

C1 5.4.3.3 Determination of shear resistance of joint 

The assessment of the shear strength of beam column joints should be based on the contribution of two 
generally recognised mechanisms; one consisting of a single diagonal concrete strut assumed to be 
capable of transferring both horizontal and vertical joint shear forces without the aid of reinforcement, the 
other a truss mechanism, utilising horizontal and vertical joint shear reinforcement. Shear reinforcement 
must be adequately anchored at, or beyond, or in the immediate vicinity of the joint core so as to enable a 
diagonal concrete compression field to be sustained 15 1 ' 155, 156 . The estimation of the contribution of a 
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single diagonal concrete strut to, and the beneficial effect of the minimum axial column compression load 
on the joint shear mechanism, allows the required joint shear reinforcement to be determined. 
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Figure C15.4 - Effective joint areas 

Research 10 ■'■ l0 K ' l0 y ' 10 ,u has shown that the amount of horizontal joint shear reinforcement in accordance 
with NZS 3101:1982 can be reduced. In particular a study 157 of the influence of steel and concrete tensile 
strengths and the ratio f3 of the compression to tension reinforcement contents in beams on bond strength 
within a joint core, has indicated that a proportion of the total joint shear force, larger than previously 
assumed may be assigned to the single diagonal concrete strut. Therefore in NZS 3101:1995 and the 
current standard less joint shear reinforcement is specified than in NZS 3101:1982. The current Standard 
is based on NZS 3101:1995, but the design equations have been re-written on a "V c + V s " basis (in 
15.3.6.1) to make them more understandable. It is apparent that further reductions in the specified 
amount of horizontal joint shear reinforcement may be made in the future. The approach proposed by Lin 
and Restrepo 159 based on strut and tie models shows much promise. The equation in the current 
Standard will lead to the same joint reinforcement as in NZS 3101:1995. 

Also other forms of joint reinforcement, when shown to be as effective as horizontal hoops, ties or spirals 
may be used 



15.6, 15.11 



C1 5.4.3.4 Horizontal joint shear reinforcement 

The reinforcement required in the joint and the general detailing requirements are provided in 15.4.4 to 
15.4.9 for situations where plastic hinges are expected to form in the beams adjacent to the column face. 
Where the beams are detailed to ensure that plastic hinges are forced away from the column faces, the 
joint shear forces are calculated based on the overstrength capacity of the beam plastic hinges, but the 
joint reinforcement is determined in accordance with section 15.3. The reasons for this is that by 
preventing yielding at the column face, the bond conditions through the joint and the cracking of the joint 
are likely to be similar to that of joints where nominal ductile plastic regions form on either side of the joint. 

C1 5.4.3.5 Placement of shear reinforcement 

As required by 1 5.3.4, for a joint with a wide column, only a part of the column width should be considered 
as being effective, as shown in Figured 5.4 for a one-way frame. Any horizontal and vertical 
reinforcement that is present in the column but is placed outside the effective joint area should not be 
considered to contribute to the joint shear strength. 
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C1 5.4.4 Horizontal joint shear reinforcement 

C1 5.4.4.1 Area of horizontal joint shear reinforcement 

The models on which the provisions for joint shear resistance are based are shown in Figure C15.5. The 
horizontal design joint shear force is assigned to a mechanism transferring shear by means of a single 
diagonal concrete strut, V cU , (Figure C15.5(a)) and a diagonal compression field sustained by horizontal 
and vertical joint shear reinforcement, that is a truss mechanism, V sh (Figure 015.5(b)), so that: 

V jh = ^ch + Vsh - (Eq. C15-7) 



Analytical research 



15.5, 15.8 ■ 



in agreement with experimental findings enabled estimations to be made for the 



contribution of the diagonal strut V ch - Some details of this are given below. 

Figure C15.3 shows all the internal beam and column forces which enable the total horizontal design joint 
shear force, Vj h , given by Equation C15-3 to be determined. Subsequently the horizontal design joint 
shear force is checked to ensure that it does not exceed the smaller of 0.2/c bj/? c or 10 bp z . 
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(a) Diagonal concrete strut 



(b) Truss mechanism 



Figure C15.5 - Models of the transfer of horizontal joint shear forces 

When part of the top beam tension reinforcement, shown as >A s1 in Figure C1 5.3(b), is distributed within 
effective tension flanges of T- or L- beams in accordance with 9.4.1.6, Figure C1 5.3(b) does not properly 
represent the forces that are introduced to the beam column joint. Reinforcement in tension flanges, that is 
those bars with area >A sf placed outside the effective width, b } , of the joint cannot directly transmit the 
tension force 7 f = 1.25 f y A S f to the joint core. Instead, by means of diagonal compression forces from the 
anchorage regions of the slab bars, as shown in Figure C9.1, concrete compression forces, Q = T f , are 
introduced in the relevant flexural compression regions of the beams 15 ' 5, 158 as shown in Figure C1 5.5(a). 
Thereby a moment, additional to that developed in the rectangular beam sections, being equal to the 
contribution of tension flanges, is introduced to the joint. With this modification, Equation C15-3 can be 
rewritten in terms of the forces that are introduced to the beam column joint thus: 

Vj^CT-TO+Cf+Cc'+Cs'-Voo, (Eq.C15-8) 

A relatively small, but not negligible, fraction of the combined tension and compression forces T- T f + C' s , 
introduced by that portion of the top beam reinforcement which is anchored in the joint core by means of 
bond, is defined as 6 S '. By estimating the probable limits of each force component, an expression 
incorporating all relevant parameters can be derived. 
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Figure C15.5 (a) illustrates that: 



V ch =C f +C' c + B' s -V C0] (Eq.C15-9) 

from which V ch can be derived 155, 158 for interior joints as Equation C15-10 and for exterior joints as 
Equation C15-11. 
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.(Eq. C15-10) 
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The axial load in Equations 15-9 and 15-10 must be derived using capacity design principles. For 
convenience, particularly when the compression load on the column, A/*, is relatively small, at the 
designer's option, N* = may be used in Equations 1 5-9 and 1 5-1 0. In this case a x - 1 .4 is applicable, in 
15.4.4.1 (a). In rather exceptional cases, when as a result of earthquake actions and gravity loads, the 
axial load results in net tension, ct\ = 1 .4, is applicable. 

The factor Q is introduced to proportionally allocate the beneficial effects of axial compression load N* to 
the two principal directions x and z of the lateral design forces when joint shear forces V* x and V* z are 
concurrently developed. For unidirectional joint forces Cj is unity and, for a symmetrical two-way frame 
C } = 0.5 when the axial load on the column produces compression. For axial tension load, Q = 1.0 must 
be assumed. 

Irrespective of the benefits resulting from the use of various parameters, horizontal joint shear 
reinforcement must be provided to resist at least 40 % of the horizontal design joint shear force, V* h . 



Relaxation in the requirements for the design of beam column joints in frames with limited ductility plastic 
regions or ductile plastic regions may be applied 155, 15 7 because : 

(a) Where reduced inelastic steel strains occur, a lesser degree of deterioration within the joint core can 
be expected; 

(b) With increased residual tensile strength of the concrete core, joint shear mechanisms, other than 
those relying on joint reinforcement, are likely to improve in comparison with those for ductile frames; 

(c) With gravity load dominance, often encountered with these types of frames, plastic hinges involving 
the yielding of bottom beam reinforcement may not occur at column faces. Joint shear forces are 
therefore reduced; 

(d) With the reduction of reversing inelastic strains along bars within a joint core, anchorage conditions 
can be expected to improve. 

Beam column joint response will be a function of the ductility demand arising in adjacent beams rather 
than on the structural system. If all members connected to the joint are of low ductility demand then the 
relaxations from the requirements of 15.4, for joint shear reinforcement, may be utilised. 

It should be noted that for frame systems with hinging columns, the requirements for horizontal joint shear 
reinforcement, need to be interchanged with those of vertical joint shear reinforcement. 

In interior joints the reduction of the quantity of horizontal joint reinforcement recognises the less severe 
demands made upon beam column joints where LDPR form adjacent to the joint. In selecting a, , factors 
such as the variety of forms of structural frames (aspect ratios, gravity loading etc.) were considered. The 
value of a\ is considered to represent typical or "average" expectations for beam column joints of frames 
with limited ductile plastic regions. Such a reduction is supported by recent research 15 6 ' 157, 158, 15 M . 
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A significant relaxation of the requirements for quantities of shear reinforcement may be derived by 
acknowledging that the stress in the top bars in compression is significantly less than f r This is discussed 
A2 I in detail in Reference 15.10. An example is the potential plastic hinge region of a gravity-dominated 
beam. In this zone, where because of the geometry of the frame and the gravity load distribution, the 
resulting area of reinforcement in the top of the beam may be twice that of the reinforcement in the bottom 
of the beam. Because of gravity load dominance it is possible that the bottom reinforcement will not yield 
during seismic attack. Hence, the compressive stress in the top reinforcement with area At may be less 
than 0.5 f y , i.e. y£ 0.5. This will result in a reduction in the required area of horizontal joint shear 
reinforcement, A^. The designer may investigate specific beam column joints seeking a reduction in A- ih 
when congestion of reinforcement or other factors require it. 

In exterior joints the development of the horizontal joint shear involves the transmission of tension forces 
in the reinforcement by bond and bearing on the inside of the standard hooks. In order for the joint shear 
mechanism to form, the longitudinal beam tension reinforcement and its associated hooks need to be 
appropriately sized and located within the joint 156 ' 15 " 12 . Research 158) 15 13, 1514 indicates that even for low 
member ductility demands that considerable yield penetration and slippage within the joint, of beam 
longitudinal reinforcement could occur. 

C 15.4.4.2 Prestressed beams 

Where prestressing is used with the anchorages placed outside the joint core, the horizontal joint shear 
reinforcement required in 15.4.4.1 may be reduced by an amount corresponding to a horizontal confining 
force of 0.7 P cs . Prestressing steel that is present near the extreme fibres of the section must be assumed 
to have sustained permanent set strains and therefore to have lost its prestress after the formation of 
plastic hinges. However, prestressed steel at the central third of the beam depth may be considered to 
remain effective and the prestress force, P cs , after all losses may be considered to replace an equivalent 
quantity of horizontal joint shear reinforcement. 

All C1 5.4.4.3 Distribution of horizontal joint shear reinforcement 

Horizontal stirrup ties anchored around column bars that pass through the joint, may cross the potential 
diagonal joint shear failure plane at different angles depending on the shape of these ties. Therefore the 
direction of each tie relative to the direction of the horizontal joint shear force needs to be considered. 
Sets of horizontal ties placed in the close vicinity of beam bars contribute to joint shear strength with 
reduced efficiency. The space between the innermost layer of beam bars and the adjacent set of ties 
within the joint core should preferably not be less than one-half of the vertical spacing between sets of 
joint ties. Only those ties which are placed within the joint core defined in 15.3.4(a) and (b) and shown in 
Figure C1 5.4(b) should be considered to be effective in shear resistance. 

A1 I C1 5.4.4.4 Minimum horizontal joint reinforcement 

Because column bars passing through joint cores are expected to remain elastic when plastic hinges in 
beams develop, provision is made for some relaxation in the spacing requirements of ties or hoops within 
the joint core. Attention must be paid to column bars that are in the same plane as beams in one-way 
frames. These requirements also apply to circular columns. The distance between horizontal sets of ties 
and hoops placed immediately below and above the beam bars that enter the joint, must also comply with 
these requirements, unless a cast-in-place floor slab precludes the possibility of column bar bucking in 
such a region. 

To enable column shear forces to be more efficiently introduced to the core of exterior beam column 
joints, it is preferable to place the horizontal transverse reinforcement, both in the column and within the 
joint, as close to the beam reinforcement anchored in the joint as practicable. 

C1 5.4.5 Vertical joint shear reinforcement 

A2 | C15.4.5.1 Area of vertical joint reinforcement 

To sustain a diagonal compression field by a truss mechanism, vertical joint shear reinforcement is also 
required 15-1 . The design vertical joint shear force can be approximated, thus V^ = (h b lh c ) Vf h , and this is 
incorporated in Equation 15-12. The principal role of the vertical reinforcement in a joint, such as shown 
in Figure C15.3, is to enable a significant portion of the horizontal bond forces introduced by the beam 
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reinforcement to the truss mechanism, shown as V sh in Figure C15.5 to be resolved also into a diagonal 
compression force. The relevant fraction of the force V sh = A IU f y h, as well as the average inclination of the 
diagonal struts were found 15 14 to depend on the stress ratio V*Jf' c bp c . Because the required amount of 
vertical joint reinforcement is seldom critical, conservative assumptions were made in the development of 
Equations 15-12 and 15-13 in order to make it simple. 

A joint at which hinging in the column rather than in the beam is expected, is an exception. In this case the 
vertical joint shear reinforcement should be designed on the same basis as the horizontal joint shear 
reinforcement for hinging beams. However, for these cases some judgement is required in the 
interpretation of 15.4.4.1. No experimental studies were available to provide guidance for the design of 
such joints. 

C1 5.4.5.2 Vertical joint shear reinforcement 

Intermediate vertical column bars with total area equal to or greater than A ]y , placed between the corner 
bars, as shown in Figure C15.3 (a), need to be provided 15 15 , These need not extend over the full length of 
a column but they must be adequately anchored in the column above and below the joint. 

C1 5.4.5.3 Spacing of vertical joint reinforcement 

The most expedient solution for the vertical joint reinforcement is to use existing column bars within the 
joint core. Such intermediate bars are not expected to be fully stressed due to column load alone. 
Equation 15-12 is based on the assumption that intermediate bars in columns designed in accordance 
with capacity design may be stressed at a joint to 0.25/y in tension when no axial load is present. The 
effect of axial compression or tension on the usable strength of these bars within the joint is allowed for in 
Equation 15-12 by the parameter a v . It is important that at least one bar, but for larger columns two or 
more intermediate vertical column bars, situated between corner bars, should pass through the joint, as 
shown in Figure C1 5.3(a). Therefore the column bar spacing in the relevant column faces should not 
exceed 200 mm. Generally it will be found that where intermediate column bars correspond to at least 
one-third of the total vertical reinforcement in the column, no additional vertical joint shear reinforcement is 
required. 

C 15.4.6 Joints with wide columns and narrow beams 

Where, due to seismic actions, a narrow beam transmits moments to a wide column, it may be unsafe to 
assume that the longitudinal column reinforcement located away from the joint area will effectively 
participate in transferring moments between column and beam. Therefore the longitudinal column 
reinforcement which is required to interact at a particular level with a narrow beam should be placed within 
the effective joint width. The cross-shaded area of the column section, shown in Figure C1 5.4(a), should 
accommodate such column bars. To resist loads from floors above, or from beams framing into the 
column from the other direction, and to satisfy minimum requirements for the distribution of longitudinal 
reinforcement, in accordance with 10.3.8.1, longitudinal bars must also be placed outside the effective 
joint area, bp c , such as shown in Figure C1 5.6(a). 

An example of relevant reinforcing details is shown in Figured 5. 6. The longitudinal and transverse 
reinforcement outside the effective joint area, b } h c , are to provide for torsional resistance where required 
and confinement. 

C15.4.7 Eccentric beam column joints 

To avoid the necessity of having to estimate torsional effects in a column or a joint as a result of eccentric 
location of a beam which transfers earthquake induced moments, the effective joint width is artificially 
reduced and, as a concession, the normal design procedure for the joint and the column, as specified in 
the previous clauses, is allowed. It is considered that this restriction will allow sufficient reserve strength 
from outside the specified effective joint area of the column, to safely absorb torsional effects. However, 
some conservatism in design is warranted because the behaviour of eccentric joints is as yet not fully 
understood. 
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Required column flexural — 
reinforcement and joint shear 
reinforcement with area b-h c 



Additional longitudinal reinforcement — n 
and confinement reinforcement in 
accordance with 10.3.8.1 and 10.3.10.6 
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Figure C15.6 - Reinforcing details for joints with wide columns and narrow beams 
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Table C15.1- Design of reinforced beam column joints 
Table C15.1 Part A - Elastic and nominally ductile and ductile frames with beams forming plastic hinges at column face 



N 
CO 

CO 



Elastic and nominally ductile 



Ductile frames with beams forming plastic hinges at column 

face 



Interior 



Exterior 



Interior 



Exterior 



Design forces 



Refer 15.3.2 



Same as interior joints 



Refer 15.4.2.1 



Same as interior joints 



Maximum horizontal joint 
shear, V% 



O.20f c />j/7 c oror10/>j/7 c 
(15.3.4) 



Same as interior joints 



0.20f c '&A;Oror 10bj/7 c 



Same as interior joints 



(15.3.4)) 



Horizontal concrete shear 



^ch =V jh 
(15,3.6.2) 



f * A 

C.N 
0.5 + —^ 



V y / 



Same as interior joints 



^ch ~ ^ojh 



^60j/yAg 



f o b i h o 



*ch ''ojh 



e^As r 



fc b \ h c 



0.7 --L-^- 



£Ai 



but with the limitation that 



but with the limitation that 



0.85 < 



6V ( 



ojh 



f c b s h c 



<1.20 



0.85 < 



6V ojh 



fc b \ h c 



<1.20 



(15.4.4.1(a)) 



(15.4.4.1(b)) 



Vertical concrete shear 



W^o.eVj^+CjA/ 

(15.3.7.2) 



Same as interior joints 



^v - — I Vjh ~ Gf v^jh'yh 



(15.4.5.1) 



Same as interior joints 



Minimum horizontal joint 
reinforcement 



Greater of that required for 
confinement or restraint of bars 
in the adjacent column. Where 
beams frame into all four faces 
of the joint the required 
reinforcement may be halved 
(15.3.8) 



Same as interior joints 



A1 



Greater of that required for 
confinement or restraint of bars 
in the adjacent column 
(15.4.4.4) but equal to, or 
greater than QAVpfyu 
(15.4.4.1(c)) 



Same as interior joints 



Maximum spacing of 
horizontal reinforcement 



Lesser of, 1 times the smallest 

column bar diameter or 

200 mm 

(15.3.8) 



Same as interior joints 



A1 



Lesser of, 1 times the smallest 
column bar diameter of 200 mm 
(15.4.4.4) 



Same as interior joints 



Spacing of vertical joint 
shear reinforcement 



No requirement 



Same as interior joints 



Spacing shall not exceed hJA 
or 200 mm (15.4.5.3) 



Same as interior joints 
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Table C15.1- Design of reinforced beam column joints (Continued) 





Elastic and nominally ductile 


Ductile frames with beams forming plastic hinges at column 

face 




Interior 


Exterior 


Interior 


Exterior 


Maximum beam bar 
diameters passing through 
column 


Refer 9.3.8.4 


Not applicable 


Refer 9.4.3.5 


Not applicable 


Anchorage of hooked beam 
bars in columns considered 
to commence at- 


Not applicable 


The face of the column 


Not applicable 


Anchorage is deemed to 
commence lesser of half 
column depth or 8d h (9.4.3.2.1) 


Maximum column bar 
diameters passing through 
beam 






b <3.2* c (10.4.6.6(a)) 

h b f y 

or where there is a high degree 
of protection against formation 
of column plastic hinges 

-A<4.0^- (10.4.6.6(b)) 

h b f y 


Same as interior joints 



Table C15.1 Part B - Ductile frames with beams forming plastic hinges away from the column face and with columns forming plastic hinges at the beam face 





Ductile frames with beams forming plastic hinges away from 

column face 


Ductile frames with column forming plastic hinges 
at the beam face 




Interior 


Exterior 


Interior 


Exterior 


Design forces 


Refer 15.4.2.1 


Same as interior joints 


Refer 15.4.2.1 


Same as interior joints 


Maximum horizontal joint 
shear, V/f h 


0.20 f' c bfi c 
(15.4.3.2) 


Same as interior joints 


0.20fc*>A;Or 10&jft c 
(15.4.3.2) 


Same as interior joints 


Horizontal concrete shear 


where <j> - 1 
overstrengt 


0.5+ J ° 

V A 9 f c ) 

.0 as based < 
hs (15. 


Dn 

4.3.4) 


Same as interior joints 


Developed by interchanging 
15-9 and 15-12 as per 
15.4.3.3 


Same as interior joints 
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Table C15.1- Design of reinforced beam column joints (continued) 








Ductile frames with beams forming plastic hinges away from 

column face 


Ductile frames with column forming plastic hinges 
at the beam face 




Interior 


Exterior 


Interior 


Exterior 


Vertical concrete shear 


(15.4.5.1) 


Same as interior joints 


* 
V =V 

V CV v JV 

Develop* 
15-9anc 
15.4.3.3 


f *^ 

A 6a-f y A s 


anging 
er 


Same as interior joints 


y ° J c ) 
5d by interch. 
i 15-12 as p 


Minimum horizontal joint 
reinforcement 


Greater of that required for 
confinement or restraint of bars 
in the adjacent column, but can 
be halved when beam frames in 
on all four forces of joint 
(15.3.8) 


Same as interior joints 

A1 


Greater of that required for 
confinement or restraint of bars 
in the adjacent column 

(15.4.4.4) 


Same as interior joints 


Maximum spacing of 
horizontal reinforcement 


Lesser of, 1 times the smallest 
column bar diameter of 200 mm 
(15.3.8) 


Same as interior joints 

A1 


Lesser of, 10 times the smallest 
column bar diameter of 
200 mm (15.4.4.4) 


Same as interior joints 


Spacing of vertical joint 
shear reinforcement 


Spacing shall not exceed h c /4 or 
200 mm (15.4.5.3) 


Same as interior joints 


Spacing shall not exceed h c /4 
or 200 mm (15.4.5.3) 


Same as interior joints 


Maximum beam bar 
diameters passing through 
column 


9.3.8.4 


Not applicable 


9.3.8.4 


Not applicable 


Anchorage of hooked beam 
bars in columns considered 
to commence at: 


Not applicable 


The face of the column 
(9.4.3.2) 


Not applicable 


The face of the column 


Maximum column bar 
diameters passing through 
beam 


^-<3.2^- (10.4.6.6(a)) 
h b f y 

or where there is a high degree 
of protection against formation 
of column plastic hinges 

b <4.0^ c (10.4.6.6(b)) 
h b f y 


Same as interior joints 


^-<3.2^- (10.4.6.6(a)) 


Same as interior joints 
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C16 BEARING STRENGTH, BRACKETS AND CORBELS 



C16.3 Bearing strength 

C1 6.3.1 General 

This section deals with bearing strength on concrete supports. The permissible bearing strength of 0.85 f' c 
is based on tests reported in Reference 16.1. 

When the supporting area is wider than the loaded area on all sides, the surrounding concrete confines 
the bearing area, resulting in an increase in bearing strength. No minimum depth is given for a supporting 
member. The minimum depth of support will be controlled by the shear requirements of 12.7. 

When the top of the support is sloped or stepped, advantage may still be taken of the condition that the 
supporting member is larger than the loaded area, provided the supporting member does not slope at too 
great an angle. Figure C16.1 illustrates the application of the frustum to find A 2 . The frustum should not 
be confused with the path by which a load spreads out as it travels downward through the support. Such 
a load path would have steeper sides. However, the frustum described has somewhat flat side slopes to 
ensure that there is concrete immediately surrounding the zone of high stress at the bearing. A^ is the 
loaded area but not greater than the bearing plate or bearing cross-sectional area. 

C1 6.3.2 Exclusions 

Where confinement is provided by reinforcement, or some other means, there is a significant increase in 
bearing strength 16 x 163 . In determining the location of confinement reinforcement allowance should be 
made for the loss of confined area due to arching between hoops or spirals, or between longitudinal bars 
when rectangular ties are used 163, 16 ' 4 . Generally post-tension systems have standard spirals provided 
with the anchors to provide the required confinement, which have been proved through tests and use to 
meet the requirements of 16.3.2(a). 
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Figure C16.1 -Application of frustum to find A 2 in stepped or sloped supports 
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C16.4 Design of brackets and corbels 

C1 6.4.1 Strength reduction factor 

Corbel and bracket behaviour is predominantly controlled by shear; therefore, a single value of <j>= 0.75 is 
required for all design conditions. 

C16.4.3 Bearing area 

The restriction on the location of the bearing area is necessary to ensure development of the yield 
strength of the reinforcement >A S near the load. When corbels are designed to resist horizontal forces, the 
bearing plate should be welded to the tension reinforcement A s , or otherwise positively anchored into the 
corbel. 

C16.4.4 Method of design 

Brackets and corbels are cantilevers having shear span-to-depth ratios equal to or less than unity, may be 
designed following the steps set out in 16.5. Where span to depth ratios are between 1 and 1.8 the 
design may be based on strut-and-tie models. With greater span to depth ratios the members should be 
designed as for a beam following the appropriate requirements of sections 7 and 9. 

The corbel shown in Figure C16.2 may fail by shearing along the interface between the column and the 
corbel, by yielding of the tension tie, by crushing or splitting of the compression strut, or by localised 
bearing or shearing failure under the loading plate. These failure modes are illustrated and are discussed 
more fully in Reference 16.5. The notation used in 16.4 and 16.5 is illustrated in Figure C16.3. 

— v— 




s*nwt 



Figure C16.2 - Actions in a corbel 



Bearing plate 




A (primary reinforcement) 



Framing bar to anchor 

stfrrups or ties \^^ h (closed stirrups or ties) 

Figure C16.3 - Notation used in 16.5 

An upper limit of 1.0 for a/d is imposed method (a), given in 16.5, two reasons. First, for shear span-to- 
depth ratios exceeding unity, the diagonal tension cracks are less steeply inclined and the use of 
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horizontal stirrups alone as specified in 16.5.8 is not appropriate. Second, this method of design has only 
been validated experimentally for a/d of unity, or less. An upper limit is provided for A/* because this 
method of design has only been validated experimentally for N* less than, or equal to V* including N* 
equal to zero. 

The aid limit of 1.8 for use of the strut and tie method is to prevent the inclination of the flexural 
compression force dropping below limiting value of 1 in 2. With inclinations of diagonal compression struts 
in excess of 1 to 1 .4 wide cracks may form in the serviceability limit state, and for values of this ratio close 
to or in excess of 1.8 the shear strength in the ultimate limit state may be reduced. Where the limiting aid 
ratio of 1 .8 is exceeded standard design provisions given in chapters 7 and 9 should be followed. 



C16.5 Empirical design of corbels or brackets 

Figure C16.3 illustrates the notation used in section 16.5. 

C16.5.1 Depth at outside edge 

A minimum depth is required at the outside edge of the bearing area so that a premature failure will not 
occur due to a major diagonal tension crack propagating from below the bearing area to the outer sloping 
face of the corbel or bracket. Failures of this type have been observed 16 ' 6 in corbels having depths at the 
outside edge of the bearing area less than required in this section of the code. 

C1 6.5.2 Design actions at face of support 

The axial tension force is applied at the level of the flexural tension reinforcement; consequently the 
moment is taken at the face of the support at the level of this reinforcement. Proportions of the area of 
reinforcement required to resist this moment (A t ) the axial tension force (A n ) and the area found from shear 
friction (A*) are combined to determine the total area required. 

C1 6.5.3 Shear-friction reinforcement 

The area of reinforcement required to resist sliding at the springing of the support. A*, is found from 7.7. 
Where the corbel and supporting member are cast monolithically the area of reinforcement is given by: 

^-m^ (Eq - c,6 - 1 > 

Where the factor 1.4 is reduced if the concrete is not cast monolithically (see 7.7.4.3), X is 1.0 for normal 
weight concrete and is reduced for lightweight concrete (see 7.7.4.3) and f y is the yield stress of the 
reinforcement. 

C1 6.5.4 Maximum shear stress 

Tests have shown 16 7 that the maximum shear strength of lightweight concrete corbels or brackets is a 
function of both concrete strength and aid ratio. No data are available for corbels or brackets made from 
sand-lightweight concrete and the same limits have been placed on both sand lightweight all-lightweight 
concrete corbels and brackets. 

C1 6.5.5 Reinforcement for flexure 

Reinforcement required to resist moment can be calculated using flexural theory. This is only a 
component of the required reinforcement, as an additional areas is required to provide resistance to the 
axial tension force. The design moment is calculated by summing moments about the flexural 
reinforcement at the face of the support and at the level of the flexural tension reinforcement. 

C1 6.5.6 Reinforcement for axial tension force 

Because the magnitude of horizontal forces acting on corbels or brackets cannot usually be determined 
with great accuracy, it is required that N * be regarded as a live load. 
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C1 6.5.7 Primary tension reinforcement 

16 7 

Tests suggest that the total amount of reinforcement (A + A) required to cross the face of support 
should be the greater of: 

(a) The sum of A* calculated according to 16.5.3 and A calculated according to 16.5.6; 

(b) The sum of 1 .5 times A calculated according to 1 6.5.5 and A calculated according to 16.5.6. 

If (a) controls, A s = (2 AJ3 + A n ) is required as primary tensile reinforcement, and the remaining A^/3 
should be provided as closed stirrups parallel to A s and distributed within 2d/3, adjacent to A- Clause 
16.5.8 satisfies this by requiring A = 0.5(2>V3). 

If (b) controls, A = (A + A) is required as primary tension reinforcement, and the remaining A/2 should be 
provided as closed stirrups parallel to A and distributed within 2d/3, adjacent to A- Again 16.5.8 satisfies 
this requirement. 

C1 6.5.8 Closed stirrups or ties 

Closed stirrups parallel to the primary tension reinforcement are necessary to prevent a premature 
diagonal tension failure of the corbel or bracket. The required area of closed stirrups A - 0.5(A - A) 
automatically yields the appropriate amounts, as discussed in C1 6.5.7 above. 

C1 6.5.9 Ratio p 

A minimum amount of reinforcement is required to prevent the possibility of sudden failure should the 
bracket or corbel crack under the action of flexural moment and outward tensile force N*. 

C1 6.5.1 Reinforcement A s 

Because the horizontal component of the inclined concrete compression strut (see Figured 6.2) is 
transferred to the primary tension reinforcement at the location of the vertical load, the reinforcement A is 
essentially uniformly stressed from the face of the support to the point where the vertical load is applied. It 
should, therefore, be anchored at its outer end and in the supporting column, so as to be able to develop 
its yield from the face of support to the vertical load. Satisfactory anchorage at the outer end can be 
obtained by bending the A bars in a horizontal loop as specified in (b), or by welding a bar of equal 
diameter or a suitably sized angle across the ends of the A bars. The welds should be designed to 
develop the yield strength of the reinforcement A- The weld detail used successfully in the corbel tests 
reported in Reference 16.6 is shown in Figure C16.4. The reinforcement A should be anchored within the 
supporting column in accordance with the requirements of Section 8. 
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Figure C16.4 - Weld details used in tests of Reference 16.3 
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C17 EMBEDDED ITEMS, FIXINGS AND SECONDARY STRUCTURAL ELEMENTS 



C17.1 Notation 

The following symbols which appear in this Section of the Commentary, are additional to those used in 

Section 17 of Part 1. 

d distance from extreme compression fibre to centroid of tension reinforcement, mm 

e h distance from the inner surface of the shaft of a J- or L-bolt to the outer tip of the J- or L-bolt 

/? thickness of member in which an anchor is anchored, measured parallel to anchor axis, mm 

h' e f reduced effective anchor embedment depth, mm 

// p ductility of building part 

C17.5 Fixings 

Fixings selected for a specific application should be evaluated on their ability to: 

(a) Resist all applied forces and accommodate imposed deformations; 

(b) Accommodate anticipated structural damage (e.g. spalling of cover concrete in primary seismic force- 
resisting elements) without loss of strength below an acceptable level 171 . 

A single fixing may contain separate components which act in tension and others which act in shear. 

C1 7.5.3 Inserts for lifting 

The Department of Labour's Approved Code of Practice for Safe Handling, Transportation and Erection of 
Precast Concrete 17 ' 2 is available on its website. 

C1 7.5.5 Strength of fixings by calculation 

Appendix D to ACI 318-02 provides design recommendations for the calculation of the capacity of anchors 
in concrete. Clause 17.5.6 provides design rules based upon ACI 318, but only covering cast-in-place 
anchors with diameters less than 50 mm and embedment lengths shorter than 635 mm. 

C1 7.5.6 Strength of cast-in anchors 

C1 7.5.6.1 Scope 

This section is restricted in scope to structural anchors that transmit structural loads. The levels of safety 
defined by combinations of load factors and <j> factors are appropriate for structural applications. Other 
standards may require more stringent safety levels during temporary handling. 

The wide variety of shapes and configuration of speciality inserts makes it difficult to prescribe generalised 
design equations for many inserts. The scope of 17.5.6 is therefore limited to cast-in-place anchors. 

The addition of supplementary reinforcement in the direction of the load, confining reinforcement, or both, 
can greatly enhance the strength and ductility of the anchor connection. Such enhancement is practical 
with cast-in-place anchors. References 17.3, 17.4, and 17.5 provide substantial information on the design 
of such reinforcement. The effect of such supplementary reinforcement is not included in the ACI 355.2 
anchor acceptance test or in the concrete breakout calculation method of 17.5.6. The designer has to rely 
on other test data and design theories to include the effects of supplementary reinforcement. 

The exclusion from the scope of load applications producing high cycle fatigue or extremely short duration 
impact (such as blast or shock wave) is not meant to exclude seismic load effects. Clause 17.6 presents 
additional requirements for design when considering seismic actions. 

C1 7.5.6.3 Strength requirements 

The <j> factors for steel strength are based upon using f ut to determine the lower characteristic strength of 
the anchor rather than f v used in the design of reinforced concrete members. This approach is consistent 
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with ACI 318. Although the ^factors for the use of f ui appear low, they result in a level of safety consistent 
with the use of higher ^factors applied to f y . The smaller Rvalues for shear than for tension do not reflect 
basic material differences, but rather account for the possibility of a non uniform distribution of shear in 
connections with multiple anchors. 

C1 7.5.6.6 Interaction of tension and shear - simplified procedures 

The shear tension interaction expression has traditionally been expressed as: 



f * \ 
N 



N n 



V 



V J 



<1.0 (Eq. C17-1) 



where a varies from 1 to 2. The current trilinear recommendation is a simplification of the expression 



where a - Aj (Figure C17.1). The limits were chosen to eliminate the requirement for computation of 
interaction effects where very small values of the second force are present. Any other interaction above 
expression that is verified by test data however, can be used to satisfy 17.5.6.5. 
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Figure C17.1 - Shear and tensile load interaction equation 

C1 7.5.7.1 Steel strength of anchor in tension 

The lower characteristic tension strength of anchors is best represented by >A se f ut rather than A se f y because 

the large majority of anchor materials do not exhibit a well defined yield point. 

The limitation of 1 .9f y on f u{ is to ensure that under service load conditions the anchor does not exceed f y . 

C1 7.5.7.2 Strength of concrete breakout of anchor 

The effects of multiple anchors, spacing of anchors and edge distance on the nominal concrete break-out 

strength in tension are included by applying the modification factors A n IA no and f 2 in Equation 17-7. 

Figure C1 7.2(a) shows /\ no and the development of Equation C17-2. >A no is the maximum projected area 
for a single anchor. Figure C17.2 (b) shows examples of the projected areas for various single-anchor 
and multiple-anchor arrangements. Because >A n is the total projected area for a group of anchors, and >A no 
is the area for a single anchor, there is no need to include n, the number of anchors, in Equation 17-7. If 
anchor groups are positioned in such a way that their projected areas overlap, the value of A n is required 
to be reduced accordingly. 
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9h; f (Eq. C17-2) 



C17-2 



NZS 3101 :Part 2:2006 



1.5/7 ef 1.5/y 




Section through failure cone 



i.5h ef ,J.5/» ef 





. 








WD 












"as 

in 


i 




---■■■" : /™ 













The critical edge distance for 
headed studs, headed bolts, 
expansion anchors, and 
undercut anchors is 1.5/) ef 



Plan view 
^ no -[2(1.5)/7 ef I[2(1.5)^ r ]-94 

(a) 



lfc,< 1.5/y 



^H ^ 



1.5/?. 



r ef 



A- 






<&■ 



T . 



« 



If a, < 1.5ft e( and s 1 < 3h ef 



^Lj ] , s i. }, 1 - 5/7 ef 



-^ 






5 ' 5? ™|ll§Wll|p 






_4, 



If e 1 andc 2 < 1.5h ef 
and s 1 and s < 3f) ef 

C 1 , , S 1 ■ 1 " 5/? ef 



CV 
*9 






A, 



Illljilllllillttl 



I i 



-> 



4 n ={e 1 +s 1 +1.5/) Bf )(2x1.5A ef ) 
A n = (c,+ 1-5/7 Gf )(2x 1.5h ef ) 4 n »{<;,+ Sl + 1.5ft ef )(c 2 + s 2 + 1.5/^) 



(b) 

Figure C17.2 - (a) Calculation of A no and (b) Projected areas for single anchors and groups of 

anchors and calculation of A n 

The basic equation for anchor capacity was derived 17 ' 3, 17 6| 17 ' 7, 17 8 assuming a concrete failure prism with 
an angle of about 35°, considering fracture mechanics concepts. 

The values of k in Equation 17-9 were determined from a large database of test results in uncracked 
concrete 176 at the 5% fractile. The values were adjusted to corresponding k values for cracked 
concrete 177, 17 ' 9 . Higher k values for post-installed anchors may be permitted, provided they have been 
determined from product approval testing in accordance with ACI 355.2. When using k values from 
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ACI 355.2 product approval reports, *F$ shall be taken as 1.0 because the published test results of the 
ACI 355.2 product approval tests provide specific k values for cracked or uncracked concrete. 

For anchors influenced by three or more edges where any edge distance is less than 1.5/? e f, the tensile 
breakout strength computed by the ordinary CCD Method, which is the basis for Equation 17-9, gives 
misleading results. This occurs because the ordinary definitions of A n IA n0 do not correctly reflect the edge 



effects. If the value of /7 ef is limited to 



1.5 



, however, where c max is the largest of the influencing edge 



distances that are less than or equal to the actual 1 .5/7 efj this problem is corrected. As shown by Lutz , 
this limiting value of /? ef is to be used in Equations 17-8 and 17-9 and in determining ¥ 2 - This approach is 
best understood when applied to an actual case. Figure C17.3 shows how the failure surface has the 
same area for any embedment beyond the proposed limit on h e1 (taken as h^ in the figure). In this 

Q 

example, the proposed limit on the value of /? ef to be used in the computations where /? ef = max , results 

1 .5 

/?ef = = 67 mm . For this example, this would be the proper value to be used for h e1 in 

1.5 

computing the resistance even if the actual embedment depth is larger. 
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Figure C17.3 - Failure surfaces in narrow members for different embedment depths 

Figure C1 7.4(a) shows dimension e n ' = e n for a group of anchors that are all in tension but that have a 
resultant force eccentric with respect to the centroid of the anchor group. Groups of anchors can be 
loaded in such a way that only some of the anchors are in tension Figure C1 7.4(b). In this case, only the 
anchors in tension are to be considered in the determination of e n '. The anchor loading has to be 
determined as the resultant anchor tension at an eccentricity with respect to the center of gravity of the 
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anchors in tension. Equation 17-8 is limited to cases where e^ < — to alert the designer that all anchors 



may not be in tension. 
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Figure C17.4 - Definition of dimension e^ for group anchors 

If anchors are located close to an edge so that there is not enough space for a complete breakout prism to 
develop, the load-bearing capacity of the anchor is further reduced beyond that reflected in — — . If the 

smallest side cover distance is greater than 1.5/7 e f, a complete prism can form and there is no reduction 
(¥2 = 1). If the side cover is less than 1 .5h eU the factor W 2 is required to adjust for the edge effect 17 ' 6 . 

Post-installed and cast-in anchors that have not met the requirements for use in cracked concrete 
according to ACI 355.2 should be used in uncracked regions only. The analysis for the determination of 
crack formation should include the effects of restrained shrinkage. The anchor qualification tests of 
ACI 355.2 require that anchors in cracked concrete zones perform well in a crack that is 0.3 mm wide. If 
wider cracks are expected, confining reinforcement to control the crack width to about 0.3 mm wide is 
required. 
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C1 7.5.7.3 Lower characteristic tension pullout strength of anchor 

The pullout strength equations given in 17.5.7.3 are only applicable to cast-in headed and hooked 
anchors 174, 17 11 . They are not applicable to expansion and undercut anchors that use various mechanisms 
for end anchorage unless the validity of the pullout strength equations are verified by tests. 

The pullout strength in tension of headed studs or headed bolts can be increased by providing confining 
reinforcement, such as closely spaced spirals, throughout the head region. This increase can be 
demonstrated by tests. 

Equation C17-3 corresponds to the load at which the concrete under the anchor head begins to 
crush 174, 17 " 12 . It is not the load required to pull the anchor completely out of the concrete, so the equation 
contains no term relating to embedment depth. The designer should be aware that local crushing under 
the head will greatly reduce the stiffness of the connection, and generally will be the beginning of a pullout 
failure. 

N p = A brg 8f' c (Eq. C17-3) 

Equation C17-4 for hooked bolts was developed by Lutz based on the results of Reference 17.11. 
Reliance is placed on the bearing component only, neglecting any frictional component because crushing 
inside the hook will greatly reduce the stiffness of the connection, and generally will be the beginning of 
pullout failure. The limits on e h are based on the range of variables used in the three test programmes 
reported in Reference 17.11. 

A/ p = 0.9 f c ' e h d (Eq. C17-4) 

C1 7.5.7.4 Lower characteristic concrete side face blowout strength 

The design requirements for side face blowout are based on the recommendations of Reference 17.13. 
These requirements are applicable to headed anchors that usually are cast-in anchors. Splitting during 
installation rather than side face blowout generally governs post-installed anchors, and is evaluated by the 
ACI 355.2 requirements. 

C1 7.5.8.1 Lower characteristic shear strength of steel of anchor 

The nominal shear strength of anchors is best represented by A se f u[ for headed stud anchors and 0.6A se f u{ 
for other anchors rather than a function of y4 se f y because typical anchor materials do not exhibit a well- 
defined yield point. The use of Equations 17-14 and 17-15 with load factors of AS/NZS 1170 or other 
referenced loading standard and the ^factors of 17.5.6.4 give design strengths consistent with the AISC 
Load and Resistance Factor Design (LRFD) Specifications 17 14 . 

The limitation of 1.9f y on f ut is to ensure that under service load conditions the anchor stress does not 
exceed f y . The limit on f ut of 1.9f y was determined by converting the LRFD provisions to corresponding 
service level conditions. 

C1 7.5.8.2 Lower characteristic concrete breakout strength of the anchor in shear perpendicular to edge 
The shear strength equations were developed from the concrete capacity design (CCD) 176 method. They 
assume a breakout cone angle of approximately 35°, and consider fracture mechanics theory. The effects 
of multiple anchors, spacing of anchors, edge distance, and thickness of the concrete member on nominal 
concrete breakout strength in shear are included by applying the reduction factors A/A/o in Equations 17- 
16 and 17-21, and y 5 in Equation 17-21. For anchors far from the edge, 17.5.8.2 usually will not govern. 
For these cases, 17.5.8.1 and 17.5.8.3 often govern. 

Avo = 4.5(d) 2 - ■ - - ...(Eq. C17-5) 

Figure 17.2(a) shows A w and the development of Equation C17-5. >A V0 is the maximum projected area for 
a single anchor that approximates the surface area of the full breakout prism or cone for an anchor 
unaffected by edge distance, spacing or depth of member. Figure 17.2(b) shows examples of the 
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Plan 



Figure C17.6 - Shear force near a corner 

Like the concrete breakout tensile capacity, the breakout shear capacity does not increase with the failure 
surface, which is proportional to (c-i) 2 . Instead the capacity increases proportionally to (ci) 1 ' 5 due to size 
effect. The capacity is also influenced by the anchor stiffness and the anchor diameter 17 6 ' 17 " 7, 17 ' 3, 17 8 . 

The constant, k 2 in the shear strength Equation 17-17 was determined from test data reported in 
Reference 17. 6 at the 5 % fractile adjusted for cracking. 

For anchors influenced by three or more edges where any edge distance is less than 1.5ci, the shear 

breakout strength computed by the basic CCD Method, which is the basis for Equation 17-17, gives safe 

but misleading results. These special cases were studied for the k Method 17 8 and the problem was 

pointed out by Lutz 1710 . Similar to the approach used for tensile breakouts in 17.5.7.2, a correct 

evaluation of the capacity is determined if the value of C\ to be used in Equations C17-5 and 17-17 to 17- 
i_ 

20 is limited to — . 

1.5 

Equation 17-18 for ¥$ provides a modification factor for an eccentric shear force towards an edge on a 
group of anchors. If the shear load originates above the plane of the concrete surface, the shear should 
first be resolved as a shear in the plane of the concrete surface, with a moment that may or may not also 
cause tension in the anchors, depending on the normal force. Figure C17.7 defines the term ej for 
calculating the ¥% modification factor that accounts for the fact that more shear is applied on one anchor 

than the other, tending to split the concrete near an edge. If e v < — the CCD 176 procedure is not 



applicable. 
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Figure C17.7 - Definition of dimensions eC 
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projected areas for various single anchor and multiple anchor arrangements. A v approximates the full 
surface area of the breakout cone for the particular arrangement of anchors. Because A y is the total 
projected area for a group of anchors, and A/ IS the area for a single anchor, there is no need to include 
the number of anchors in the equation. 

The assumption shown in the upper right example of Figure 17.2(b), with the case for two anchors 
perpendicular to the edge, is a conservative interpretation of the distribution of the shear force on an 
elastic basis. If the anchors are welded to a common plate, when the anchor nearest the front edge 
begins to form a failure cone, shear load would be transferred to the stiffer and stronger rear anchor. The 
PCI Design Handbook approach 17 15 suggests in Section 6.5.2.2 that the increased capacity of the 
anchors away from the edge be considered. Because this is a reasonable approach, assume that the 
anchors are spaced far enough apart so that the shear failure surfaces do no intersect 173 . Clauses 
17.5.8.2 and 17.5.8.3 allow such a procedure. If the failure surfaces do not intersect, as would generally 
occur if the anchor spacing s is equal to or greater than 1.5ci, then after formation of the near-edge failure 
surface, the higher capacity of the farther anchor would resist most of the load. As shown in the bottom 
right example in Figure 17.2(b), it would be appropriate to consider the full shear capacity to be provided 
by this anchor with its much larger resisting failure surface. No contribution of the anchor near the edge is 
then considered. Checking the near-edge anchor condition is advisable to preclude undesirable cracking 
at service load conditions. Further discussion of design for multiple anchors is given in Reference 17.4. 

For the case of anchors near a corner subject to a shear force with components normal to edge, a 
satisfactory solution is to check independently the connection for each component of the shear force. 
Other specialised cases, such as the shear resistance of anchor groups where all anchors do not have the 
same edge distance, are treated in Reference 17.3. 

The detailed provisions of 17.5.8.2 apply to the case of shear force directed towards and edge. When the 
shear force is directed away from the edge, the strength will usually be governed by 17.5.8.1 or 17.5.8.4. 
The case of shear force parallel to an edge is shown in Figure C17.5. 

A special case can arise with shear force parallel to the edge near a corner. In the example of a single 
anchor near a corner (see Figure C17.6), where the edge to the side c 2 is 40 % or more of the distance c^ 
in the direction of the load, the shear strength parallel to that edge can be compared directly from 
Equations 17-21 and 17-16 using ci in the direction of the load. 

-Edge 




Plan 



Figure C17.5 - Shear force parallel to an edge 
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C1 9.3.3.3 Section properties 

Using gross section properties to calculate stresses and deflections is generally acceptable. However, it 
should be noted that appreciable errors can arise, particularly where high reinforcement contents are 
used, or the reinforcement (prestressed and non-prestressed) is highly eccentric in the section. For class 
C members transformed section properties must be used. 

For class C members transformed cracked section properties must be used for calculating stresses but 
allowance may be made for tension stiffening in assessing deflections. 

C1 9.3.3.5 Permissible stresses in concrete 
A2 Permissible stresses in concrete address serviceability. Adherence to these does not ensure adequate 
structural strength, which should be checked in accordance with other requirements in the standard. 

The permissible stresses immediately after transfer are calculated allowing for losses due to elastic 
shortening, relaxation of prestressing steel which may have occurred before transfer, seating at transfer 
and stresses due to self weight of the member. Generally shrinkage and creep effects are not included at 
this stage, but they may need to be considered in post tensioned concrete if an appreciable amount of 
shrinkage can occur before pre-stressing is applied. 

For class U and T members, the permissible stress limit of0.45f c for long term loading was set to prevent 

excessive deformation due to creep in the concrete and to provide protection against fatigue failure. For 
short term loading, traffic over load for bridges or total service live load for buildings, the allowable 

compression stress is increased by 33 % to 0.6f c , as short term loading has little influence on creep and 

the occasional overload has little influence on fatigue of concrete. 

Differential temperature conditions induce high local compression stresses in the top exposed surface of a 
member. However, these stresses decrease rapidly with distance from the surface and any local inelastic 
deformation in these fibres would have no significant influence on either the strength or stiffness of the 
member. Consequently, under these loading conditions a higher local compression stress in acceptable. 

For class C members the compression stresses in the extreme fibres are increased by a few percent to 
give a comparable performance to T members. The increased compression stress levels correspond to 
the stress levels that could be expected in T members, which are stressed to their maximum permissible 
level based uncracked section properties when flexural cracks form. 

Part (b) in 19.3.3.5.2 limits the maximum tensile stress sustained in concrete immediately after transfer to 
the stated values, unless additional reinforcement is provided as specified in (c). This reinforcement is 
required to control any potential cracks. Part (c) indicates that this reinforcement is required to be 
proportioned to sustain a tension force equal to the tension force resisted by the concrete if no cracking 
occurs. The allowable stress level in this reinforcement is limited to the values given in part (c) of the 
clause. 
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create a critical section. If the effect of the open duct area on design is deemed negligible, section 
properties may be based on total area. 

In post-tensioned members after grouting and in pretensioned members, section properties may be based 
on effective sections using transformed areas of bonded prestressing steel and non-prestressed 
reinforcement in the section. Alternatively, gross sectional areas may be used but it should be noted that 
the use of gross section properties can, in some cases, lead to significant errors arising in stress and 
deflection calculations (see Appendix CE). 

C1 9.3.1 .7 Tendons deviating from straight lines 

The deviation of cables from a straight line causes forces, which may result in damage if there is 

inadequate cover or resistance. 

C1 9.3.1 .8 Reinforcement for shrinkage and temperature stresses 

In large prestressed concrete members, such as box girders, and where prestressing is remote from the 
faces of the member, supplementary reinforcement should be provided at the faces in the direction of the 
prestressing to control random cracking. Such cracking may be initiated by differential thermal conditions, 
and different creep and shrinkage characteristics in the different elements making a section (see 
Reference 19.23). 

C19.3.1.9 Stress concentrations 

Stress concentrations, which can lead to cracking, can arise where inserts or ducts are formed in 

prestressed members. Stress concentrations also arise in anchorage zones of prestressing tendons (see 

19.3.13). 

C19.3.1.10 Unbonded tendons 

Unbonded tendons may be used providing that they are adequately protected against corrosion, that the 
exposure conditions are not inappropriately harsh, that cracking is controlled by bonded reinforcement, 
and that the serviceability and ultimate limit state requirements are met. 

In seismic design 19,i there are advantages in using unbonded tendons with non-prestressed reinforcing 
steel since such structures are self-centering after an earthquake (that is, the residual displacement is 
negligible) and the structure remains mainly undamaged. An important requirement in seismic design 
using unbonded tendons is that the anchorages must be able to withstand the fluctuations in tendon stress 
that will occur during an earthquake. 

C1 9.3.2 Classification of prestressed members and sections 

This clause defines three classes of behaviour of prestressed flexural members. Class U members are 
assumed to behave as uncracked members. Class C members are assumed to behave as cracked 
members. The behaviour of Class T members is assumed to be in transition between uncracked and 
cracked. The serviceability requirements for each class are summarised in Table C19.1. For comparison, 
Table C19.1 also shows corresponding requirements for non-prestressed members. 

These classes apply to both bonded and unbonded prestressed flexural members. Two-way slab systems A2 
in buildings, in which uniformly distributed loading is critical, should be designed as class U. 

The precompressed tensile zone is that portion of the member cross section in which flexural tension 
occurs under dead and live loads. Prestressed concrete is usually designed so that the prestress force 
introduces compression into this zone, thus effectively reducing the magnitude of the tensile stress. 

C1 9.3.3 Serviceability limit state requirements - flexural members 

C1 9.3.3.1 General 

A method for computing stresses in a member containing flexural cracks is given in Reference 19.2. 

Reference 19.3 provides information on computing deflections of cracked members. 
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Clause 9.3.6 does not apply to prestressed members in its entirety. However, 19.3.3.5.3 is used to control 
cracking in Class C prestressed flexural members. 

In the design of continuous prestressed concrete slabs secondary moments need to be recognised and 
allowance made for them. Also, volume changes due to creep and shrinkage can create additional loads 
on a structure that are not adequately covered in Section 12. Because of these unique properties 
associated with prestressing, many of the design procedures of Section 12 are not appropriate for 
prestressed concrete structures and are replaced by the provisions of 19.3.10. 

Some of the requirements in 11.3 and 11.4 for wall design, are largely empirical, utilising considerations 
not intended to apply to prestressed concrete. 



C19.3 General principles and requirements 

C19. 3.1.1 Design requirements 

The design investigation should include all stages that may be significant. The three major stages are: 

(a) Jacking stage, or prestress transfer stage - when the tensile force in the prestressing steel is 
transferred to the concrete and stress levels may be high relative to concrete strength; 

(b) The serviceability limit state stage when service load is applied - after long-term volume changes 
have occurred; and 

(c) The ultimate limit state stage when the ultimate limit state load is applied - when the strength of the 
member is checked. There may be other stages that require investigation. For example, if the 
cracking load is significant, this load stage may require study, or the handling and transporting stage 
may be critical. 

From the standpoint of satisfactory behaviour, the two stages of most importance are the 
serviceability limit state and the ultimate limit state. 

C19.3.1.3 Secondary prestressing moments 

When an indeterminate prestressed concrete structure is prestressed, bending moments are induced by 
reactions resulting from the application of the prestress forces. These bending moments are generally 
referred to as secondary prestress moments. The magnitude of these moments depends upon the tendon 
profile and the member stiffness. They are important at the serviceability limit state and must be included 
in calculations. However, at the ultimate limit state the stiffness is greatly reduced, due to the flexural 
cracking and the non-linear behaviour of the concrete and reinforcement. As a consequence the 
secondary moments are reduced and, provided the ultimate flexural strength is limited by a ductile failure 
mechanism, they generally have a negligible effect on strength requirements. However, as rotation occurs 
in the plastic regions with the reduction of secondary moments, they may in some cases limit the 
permitted magnitude of redistributed bending moment (see 19.3.9). As shear failure may occur in a brittle 
manner and it can occur before any moments are redistributed, critical shear force moment combinations 
should consider any adverse load cases that may arise both with and without redistribution of moments, 
including secondary moments. 

C19.3.1.5 Possibility of buckling 

This refers to the type of post-tensioning where the tendon makes contact with the prestressed concrete 
member intermittently. Precautions should be taken to prevent buckling of such members. In particular, if 
thin webs or flanges are under high pre-compression, buckling is possible between supports of slender 
members. If the tendon is in complete contact with the member being prestressed, or is an unbonded 
tendon in a duct not excessively larger than the tendon, buckling the member as a whole when the 
prestressing force is introduced is not possible, but thin flanges should be checked for local buckling. 

C19.3.1.6 Section properties 

In considering the area of the open ducts, the critical sections should include those that have coupler 
sheaths that may be of a larger size than the duct containing the prestressing steel. Also, in some 
instances, the trumpet or transition piece from the conduit to the anchorage may be of such a size as to 
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C19 PRESTRESSED CONCRETE 



C19.1 Notation 

The following symbols which appear in this section of the Commentary, are additional to those used in 

Section 1 9 of Part 1. 

S bursting force in a prestressed anchorage zone, N 

B overall bursting force due to a group of post-tension anchorages, N 

B £ local bursting force to post-tension anchorage, N 

d distance from extreme compression fibre to centroid of compression reinforcement, mm 

e eccentricity of post-tensioned cable from centroid, mm 

£ span length, mm 

4 lever-arm used for calculation of bursting force in an anchorage zone for a post-tensioned cable, 

mm 
M n nominal bending strength at the ultimate limit state, N mm 
M Q bending moment resisted at decompression of extreme tension fibre, mm 
P prestressing force in a tendon or tendons, N 

S b spalling force in anchorage zone of post-tensioned cables, N 

S c spalling force in anchorage zone due to compatibility, N 

S v spalling force due to inclination of post-tensioned cable in anchorage zone, N 

V shear force resisted at decompression of extreme tension fibre, N 

x the distance from the section being investigated to the support, mm 



C19.2 Scope 

C19.2.1 General 

The provisions of Section 19 were developed primarily for structural members such as slabs, beams and 
columns that are commonly used in buildings. Many of the provisions may be applied to other types of 
construction, such as bridges, pressure vessels, pipes, etc. Application of the provisions is left to the 
judgement of the engineer in cases not specifically cited in the code. 

C19.2.2 Other provisions for prestressed concrete 

Some sections of the Standard are excluded from use in the design of prestressed concrete for specific 
reasons. The following discussion provides explanation for such exclusions. 

Clause 8.3.5 of the Standard is excluded from application to prestressed concrete because the 
requirements for bonded reinforcement and unbonded tendons for cast-in-place members are provided in 
19.3.6.6 and 19.3.6.7. 

The empirical provisions of 9.3.1.2, 9.3.1.3 and 9.3.1.4 for T-beams were developed for non-prestressed 
reinforced concrete, and if applied to prestressed concrete would exclude many standard prestressed 
products in satisfactory use today. Hence, proof by experience is considered to permit variations. By 
excluding these clauses there are no special requirements for prestressed concrete T-beams in the 
Standard. Instead, the determination of an effective width of flange is left to the experience and 
judgement of the engineer. Where possible, the flange widths in 9.3.1 .2(a) and (b) should be used unless 
experience has proved that variations are safe and satisfactory. It is not necessarily conservative in 
elastic analysis and design considerations to use the maximum flange width as permitted in 9.3.1.2(a). 
Nevertheless, the requirement that the flange and web be built integrally or otherwise effectively bonded 
together is applicable to prestressed concrete T-beams. 

For prestressed concrete, the limitations on reinforcement given in 9.3.8.2 and 10.3.8.1 are replaced by 
those in 19.3.6.6, 19.3.6.7 and 19.3.10. 
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place or precast concrete structures should be based on evidence provided by field experience, tests, or 
analysis. ACI TI.1-01, "Acceptance Criteria for Moment Frames Based on Structural Testing," can be 
used in conjunction with Section 18 to demonstrate that the strength and toughness of a proposed frame 
system equals or exceeds that provided by a comparable monolithic concrete system. 

C1 8.8.2.2 Equivalent monolithic systems 

The toughness requirements in 18.8.2.2 refer to the concern for the structural integrity of the entire lateral- 
force-resisting system at lateral displacements anticipated for ground motions corresponding to the design 
earthquake. Depending on the energy-dissipation characteristics of the structural system used, such 
displacements may be larger than for a monolithic reinforced concrete structure. 
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To prevent spalling under heavily loaded members, bearing pads should not extend to the edge of the 
support unless the edge is armoured. 

C1 8.7.5 Development of positive moment reinforcement 

It is unnecessary to develop positive bending moment reinforcement beyond the ends of the precast 
element if the system is statically determinate. Tolerances need to be considered to avoid bearing on 
plain concrete where reinforcement has been discontinued and when the seating area is a region with a 
high ductility demand, such as a plastic hinge, or a region of displacement incompatibility. 

C18.8 Additional requirements for ductile structures designed for earthquake effects 

C1 8.8.1. 2 Frame difatancy 

Frame dilatancy is of concern where precast concrete floor units have minimal support on beams 



18.1 



Adequate support is considered to be provided where precast floor units have a seating length equal to or 
greater than the minimum value in accordance with the requirements of 18.7.4, or have hanger bars tied 
into the support that are sufficiently ductile to prevent collapse of the floor units at the maximum 
anticipated inelastic beam elongation. 

C1 8.8.1 .3 Precast shell beam construction 

Tests show that precast concrete, pretensioned beam shells, when detailed correctly, can be used in 

frames that need to exhibit some ductility during seismic attack 18 ' 23, 18 ' 24 . 

C1 8.8.1 .3.1 Length of plastic hinge in moment resisting frames 

The degradation of the bond between the cast-in-place core and the precast shell in the plastic hinge 
regions, during a severe earthquake, means that fully composite action should not be relied on for 
designing the beam flexural reinforcement in the plastic hinge regions (nominal and design flexural 
strengths). Further at column or wall faces which support the beam, the longitudinal reinforcement of the 
shell is not normally anchored in to the supports because of the practicalities of construction. Therefore 
the presence of the prestress and non-prestress reinforcement in the shell, at the support, does not 
contribute to the flexural strength 1823 ' 18 24 . 

When critical sections of plastic hinge regions (with tension in the bottom fibres) have been designed to 
occur at a distance greater than the depth of the core away from the support faces the prestressed, non- 
prestressed reinforcement of the precast shell can increase the flexural strength of the beam. In 
determining the overstrength capacity of the beam, the development lengths of the longitudinal prestress 
and non-prestress reinforcement shall be considered in the calculation of the forces in the reinforcement 
of the shell. 

When the top fibres of the beam are in tension, it has been shown that some compression can be 
developed in the flange of the shell and that this resulted in a flexural overstrength approaching that of a 
fully composite section 1823 . Therefore it is considered prudent to use the fully composite actions for 
overstrength considerations when the top fibres of the beam are in tension. 

C1 8.8.1 .3.2 Flexural strength in plastic hinge regions 

Tests 1823 have shown that the cast-in-place core detaches from the shell in the plastic hinge regions 
during severe seismic attack. Therefore the applied forces to the shell (such as gravity loads), at the 
plastic hinge region, need to be carried by the shell alone. Further, at plastic hinge regions in beams next 
to columns the support of the shell from the columns can not be relied on and therefore the shell has to 
cantilever to the region of the beam where composite action is provided. 

C1 8.8.2 Broad categories of precast concrete seismic systems 

Provisions of Section 18 are based predominantly on field and laboratory experience with monolithic 
reinforced concrete building structures and precast concrete building structures designed and detailed to 
behave like monolithic building structures. Extrapolation of these requirements to other types of cast-in- 
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A2 | C1 8.6.7.2 Precast flooring parallel to beams 

Where a hollow-core unit runs parallel and adjacent to a beam, the potential exists for damage to occur to 
the brittle hollow-core unit due to a need for deformation compatibility at the interface. The placing of the 
A2 hollow-core unit a distance equal to the greater of 600 mm, or 6 times the thickness of the linking slab 
away from the beam, is to provide a more flexible link between the two components. 

The problem observed in tests on hollow-core floors due to displacement incompatibility can also occur 
with other precast units. Particular care should be taken with all forms of precast unit where appreciable 
differential vertical displacements can arise between precast units and concrete beams or structural steel 
beams. In particular, hjgh localised differential displacements can arise between precast floor units and 
eccentrically braced steel beams of floor units running parallel to in-line adjacent structural walls. 

C18.7 Connection and bearing design 

C1 8.7.1 Transfer of forces between members 

This Standard permits a variety of methods for connecting members. These are intended for transfer of 
forces both in-plane and perpendicular to the plane of the members. 

C1 8.7.3 Connections using different materials 

Various components in a connection (such as bolts, welds, plates, and inserts) have different properties 
that can affect the overall behaviour of the connection. 

C1 8.7.4 Floor or roof members supported by bearing onto a seating 

Adequate support of precast concrete floor units is one of the most basic requirements for a safe 
structure. In the design of the length of the seating in the direction of the span, allowances must be made 
for tolerances arising from the manufacturing process, the erection method and the accuracy of other 
construction. Also, allowances must be made for the effects of volume changes due to concrete 
shrinkage, creep and temperature affects, and deformations due to flexure, which may cause axial 
shortening of the precast member and reduce the actual seating lengths during the life of the structure. In 
addition, it is essential that precast floor systems do not collapse as a result of any imposed movements of 
the supporting structure which reduce seating lengths or cause spalling of seating. Test results indicate 
that the top reinforcement in cast-in-place topping slabs cannot be expected to provide an adequate load 
path to support the vertical loads on the units should the seating fail. 

The requirements of 18.7.4 are based on the recommendations of ACI Committee 550 188 for simply 
supported precast concrete members. These ACI recommendations are specified in 18.7.4 for the 
supports of all precast members. 

When the limitations of 18.7.4 (b)(i) are observed, the effects of movement due to creep and shrinkage on 
the seating need not be considered further. Details of dimensional limitations at a support are shown in 
Figure C18. 7. 




Unarmored edge 



Bearing length 



15 mm minimum 



> 50 mm for solid stebs 

> 75 mm for other members 



Figure C18.7 - Required bearing length at the support of a member in relation to its clear span 

The limitations of 18.7.4(b)(i) apply irrespective of whether the supporting member is precast or cast-in- 
place concrete. 
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Figure C18.4 - Hollow-core reinforcing in cells on low friction bearing strips 
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Figure C18.5 - Capacity design actions in hollow-core 
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Figure C18.6 - In situ edge slab reinforcement 
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A2 (E) Where the minimal strength (A s f v ) of the reinforcement exceeds 113 kN/m, that portion in 

excess of this limit shall extend the entire span of the hollow-core. 

The proposed detail for the support of hollow-core flooring units is shown in Figure C18.4. 

Elongation of plastic hinge regions in beams and/or relative rotation between supporting structure and the 
precast floor units, can lead to the formation of wide cracks at the support zones. This cracking can 
induce high strains in any reinforcement that ties the precast units and their in situ topping concrete to the 
supports. As a result, high axial forces and negative bending moments can be induced into the end of the 
units which are not designed to sustain these actions. 

To prevent brittle failure, the capacity at the floor/beam interface should have a lower capacity than the 
composite hollow-core and topping. This requires a limitation on the area of the reinforcement crossing 
the critical section (refer Figure C18.5), and the termination point of any reinforcement crossing this point. 

The yield capacity limitations provided in (a) assume a probable lower limit on the capacity of the 
hollow-core floor and overstrength of the reinforcement. The minimum development length beyond the 
critical section is increased by 400 mm to accommodate the possibility of diagonal cracking. 

Figure C18.4 requires that within the core, plain round bars are placed only at the bottoms of the filled 
cells. The provision of multiple layers of reinforcement in the filled cores can result in the filled core 
effectively behaving as a short cantilever that can pry apart the top and bottom of the hollow-core units. 
To ensure that hinging does not occur at the ends of the filled cores under negative moment, the topping 
reinforcement crossing the critical section is to extend beyond the filled sections by a development length 
plus 400 mm. 

Where the recommended solution is not adopted, capacity design principles are to be applied to the 
hollow-core unit and its supports. This process is undertaken to ensure that in the event of relative 
displacement between the support and units (due to rotation and/or elongation) cracking will be confined 
to the critical section between the end of the hollow-core unit and the supporting beam. The structural 
overstrength actions transmitted across the critical section into the hollow-core unit are to be calculated 
assuming that the reinforcement sustains a stress of af y , where a is 1.6 for Grade 300 and 1.5 for 
Grade 500 reinforcement. The area of added reinforcement is calculated to ensure the nominal bending 
moment and axial load capacity of the hollow-core unit is greater than the maximum structural actions 
induced by the overstrength actions at the critical section, together with gravity load and vertical seismic 
actions, and that the shear stresses induced in the negative moment flexurally cracked tension zone are 
not sufficient to cause a diagonal tension failure in the zone containing the filled cores and beyond this 
zone. 1828 , see 19.3.1 1.2.4. 

Where a hollow-core unit runs parallel and adjacent to a beam, the potential exists for damage to occur to 
the brittle hollow-core unit due to a need for deformation compatibility at the interface. The placing of the 
hollow-core unit a distance of 600 mm or six times the minimum thickness of the slab away from the 
beam, as shown in Figure C18.6, is to provide a more flexible link between the two components. 
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C1 8.6.5 Connections 

Horizontal force transfer at member supports, based on friction only, particularly under seismic actions, 
must not be relied on. 

C1 8.6.7 Deformation compatibility of precast flooring systems 

Hollow-core units are brittle in character and as such, care is required to ensure satisfactory performance A2 
can be obtained in situations where either high diaphragm shear stresses are induced or relative 
displacements may be imposed between the hollow-core units and the supporting structure. 

Research into the seismic performance of hollow-core flooring systems is ongoing. The detail described 
in this clause is considered best practice, based upon the information to hand during the preparation of the 
Standard. Improved details may be developed as more research data becomes available. 

Floors constructed using precast units shall be designed and detailed to enable the deformations and 
displacements imposed on them by the supporting structure to be accommodated, without losing their 
strength to sustain gravity loading and diaphragm actions. 

Design should be based on rational calculations or on methods proved through testing. The following 
issues should be addressed: 

(a) The precast units and composite concrete topping (if any) should be designed to sustain the 
maximum negative moments, or moment, and axial tension that can be applied to the units at the 
supports simultaneously with the seismic actions associated with vertical ground motion. The vertical 
seismic actions should be based on a structural ductility factor not exceeding 2 where Grade E 
reinforcement is used, or 1 .0 where lower ductility reinforcement is used; 

(b) Where hollow-core units are used and the cores are not filled at the supports, calculations should 
demonstrate that shear stresses normal to the axis of the unit, together with the associated flexural 
stresses in the webs, will not lead to failure of the webs; 

(c) Where hollow-core units are placed parallel to a beam, either: 
(i) Calculations should either demonstrate that incompatibility of vertical displacement between the 

beam and hollow-core unit will not cause failure of either the hollow-core or the slab linking the 
hollow-core to the beam; or 
(ii) The hollow-core unit should be separated from the beam and connected to the beam by a slab 
with an aspect ratio (clear span over total depth) equal to or greater than 6; 

(d) Calculations or tests should demonstrate that detailing of the support will permit rotation between the 
precast units and supporting structure consistent with 1.5 times the inter-storey drift, calculated in 
accordance with NZS 11 70.5 or other referenced loadings standard. 

Testing to date has shown that the seismic performance specified under 18.6.7 may be achieved by using 
the detailing described in (e) below: 

(e) Use of filled cells and reinforcement 
(i) Cells shall be filled at not more than 600 mm centres with a maximum of 50 % of cells filled per 

hollow-core unit. The cells shall be filled and reinforced in accordance with (iii) below for a 

minimum distance from the support of the greater of 800 mm or 3 times the hollow-core unit 

depth; and 
(ii) Each of these cells shall be filled with the same concrete at the same time that the topping 

concrete is cast; and 
(iii) Each filled cell shall contain Grade 300 plain reinforcement near the bottom of the cell, with an 

ultimate strength of 60 kN. This reinforcement shall be anchored by standard hooks at each end 

into the concrete core and the support beam; and 
(iv) Reinforcement in the topping passing over the end of the hollow-core unit shall: 

(A) Comprise Grade 300 reinforcing; and 

(B) Be anchored in the supporting beam or the adjacent span: and 

(C) Bar diameter shall not be greater than one-fifth the topping thickness; and 

(D) Reinforcement up to a maximum ultimate strength of 120 kN/m shall extend a minimum 
distance into the span beyond the end of the hollow-core unit by the greater of 
(i_ d + 400) mm, or 0.2 times the hollow-core span; 
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Figure C18.3 - Typical locations for tying reinforcement in a large panel structure 

C1 8.6.3 Wall structures three or more storeys high 

To preserve structural integrity, minimum provisions for the tying of bearing wall construction, often called 
large panel construction, are intended to provide catenary hanger support for floor slabs in case of loss of 
bearing wall support. The effectiveness of these provisions have been shown by tests 1825 . For buildings 
not more than two storeys high, some reduction of these requirements may be considered. These 
requirements are based on the recommendations of the Precast/Prestressed Concrete Institute for the 
design of precast concrete buildings with bearing walls 1826 . 
When designing this tying reinforcement: 

(a) Longitudinal tension reinforcement at locations L in Figured 8.3 may project from panels and be 
lapped or mechanically spliced, or they may be embedded in grouted joints, with sufficient length and 
cover to develop the required design strength 18 ' 27 . 

(b) Tying reinforcement may be uniformly spaced either encased in panels or in a topping, or they may 
be concentrated at transverse bearing walls with spacing not exceeding 3 m. 

(c) The requirements for peripheral reinforcement are not additive to those for the transverse or 
longitudinal tying reinforcement. 



C1 8.6.4 Joints between vertical members 

The recommendations for connections by vertical reinforcement at a column base or at horizontal joints, 
including that for wall panels, are approximate and should be considered as minima. When earthquake 
forces are to be considered, simple analysis may show that joint reinforcement in excess of that derived 
from the estimates of this clause may be required. 

The requirements for minimum tension strength in 18.6.4(a) should be applied only to minor vertical 
members which, because of small gravity induced compression load, may be subjected to net axial 
tension where lateral forces are introduced to the structure. For columns, the integrity of which is essential 
in sustaining gravity loads, the requirements of 10.3.8.1 apply. 
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development relationships between the transverse reinforcement of the shell and the core and the position 
of the diagonal strut in the assumed truss mechanism for resisting shear. 

Conservatively the designer may choose to disregard the contribution to flexure of the longitudinal 
reinforcement in the precast shell and design for flexure and shear considering the beam core alone. 



C18.6 Structural integrity and robustness 

These provisions for precast concrete structures broadly follow those recommended for adoption by 
ACI 318. The overall integrity of a precast structural system, which is inherently discontinuous, can be 
substantially enhanced by providing continuity in tension at connections in both horizontal directions, as 
well as vertically by means of relatively simple detailing of the reinforcement. The aim is to ensure that all 
precast elements making up a floor system can effectively interact to transmit diaphragm forces. 
Moreover, should vertical supports become displaced due to unexpected actions, sufficient continuity 
should remain to enable catenary action to be mobilised, thereby minimising the risk of total collapse of 
precast systems. 

C1 8.6.1 Load path to lateral force-resisting systems 

Rational concepts satisfying equilibrium criteria must be used to ensure that effective load paths can be 
also utilised for the disposition of unexpected or non-quantifiable horizontal forces. 

C1 8.6.2 Diaphragm action 

Where precast elements form part of diaphragms, design earthquake forces are likely to govern desired 
diaphragm performance and hence the requirements of 13.3.7.4 must be followed. 

Individual members may be connected in different ways when forming part of the clearly identified load 
path. For example spandrel beams may be connected intermittently or continuously to the floor system. 
Alternatively, spandrels may be connected to the columns only, which in turn must then be connected to 
the diaphragm system (see Figure C10.2). Figure C18.3 shows locations where peripheral reinforcement 
for diaphragm action is required. 
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Figure C18.2 - Properties of beam sections 

The resultant shear stresses on the interface between the precast shell and the cast-in-place core are 
very complex and arise from a number of sources. One source is the imposed shear stresses along the 
interface that arise from the transfer of tension forces from the longitudinal reinforcement to the 
compression zones in the concrete. Other sources arise from the support of gravity loads. 



A2 



It is possible that support to the ends of the shell may not be provided in service or is lost (e.g. it is 
expected that the cover concrete of the column will be damaged during a major seismic event and support 
from the cover concrete for the ends of the precast units cannot be relied upon). When no support for the 
ends of the precast shells occurs, vertical shear stresses on the interface will be due to the self weight of 
the precast shell, the floor system and the cast-in-place beam core and floor topping, as well as 
superimposed dead loads and live loads. 

A rational method for establishing the effect of shear stresses on the interface between the precast shell 
and the cast-in-place core should be employed. One possible method is discussed in References 18.23 
and 18.24. 

C 18.5.6.3 Design of precast shell 

As described in 18.3, actions in addition to the primary structural actions can be applied to the precast 

shell. 

If the bond between the shell and the cast-in-place core cannot be relied upon then the shell must span 
between, or to zones of support such as columns or regions of the beam where full composite action is 
assured. The unsupported lengths of shell shall be designed, in a rational manner, to carry any applied 
forces 



18.23, 18.24. 



A2 If, due to strategic placement of temporary propping, the precast shells are designed to carry the self 
weight and imposed construction loads, then stability (and in particular torsional stability) during 
construction should be carefully assessed. 

Where composite action between the shell and in situ concrete is relied upon in design, the shear 
stresses between the shell and the in situ concrete should be checked to ensure they comply with the 
permissible shear stress levels in 18.5.4. 

C1 8.5.6.4 Shear strength of composite beam 

Reference 18.23 demonstrates that if fully composite action is assumed for flexure then the minimum 
amount of transverse reinforcement for the shell is in proportion to the contribution to the composite 
flexural strength made by the shell. However, special consideration needs to be given to the spacing and 
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C1 8.5.4.5 Requirements for bridge superstructures 

The provisions of this clause are necessary in bridges to safeguard against tendency for progressive 
breakdown of horizontal shear strength under traffic vibrations. Compared with buildings, bridges have 
the following characteristics which influence the provisions of this clause: 

(a) Greater possibility of overloads; 

(b) Dynamic effects associated with highway loads; 

(c) Potentially longer life; 

(d) Greater probability of the presence of an aggressive environment. 

C1 8.5.4.6 Bridge deck overlays 

Bridge deck overlays may be required for a variety of reasons. The deck may require rehabilitation. 

There may be a lack of cover to the deck reinforcement, or overlays may also be used to improve 

rideability. 

Research presented in the References 18.18, 18.19, and 18.20, determined that shear dowels through 
the interface were generally not required when the old concrete face is adequately rough and clean. The 
report and the papers provide a basis for determining when interface dowels through the overlay area are 
required. 

Perimeter dowel reinforcement along the free edges of the overlay should, however, be provided where 
the potential for curl of the overlay exists due to environmental effects and differential shrinkage. The 
following formulae can be used to determine the reinforcement required to prevent edge curl: 

A 6p = 25.3/? 3/2 //d y (mm 2 /m) 

Where: A 6p = area of perimeter dowel reinforcement 
h = thickness of the overlay 
f dy = yield stress of the dowel reinforcement 

C 1 8.5.5 Ties for longitudinal shear 

C18.5.5.1 Minimum anchorage into composite topping 

Anchorage of large diameter stirrups is not possible in thin topping concrete 1821 . 

C 1 8.5.5.2 Minimum area and spacing of ties 

The minimum areas and maximum spacings are based on test data given in References 18.15 to 18.22 

inclusive. 

C 18.5.6 Precast shell beam construction 

C 1 8.5.6.2 Requirements for fully-composite action 

Section and material properties such as d, the distance from the extreme compression fibre to the centroid 
of the tension reinforcement, b w , the web width, f' c , the specified compressive strength of the concrete and 
the area of reinforcement are sensitive to the load sense of the critical section and whether the 
assumption of composite behaviour is appropriate or not. 



Sectional properties d and b w for beams incorporating precast shells may be taken as described in 
Figure C18.2 1823, 1824 . These properties may be used for 
shear stresses and other design parameters as appropriate. 



Figure C18.2 1823, 1824 . These properties may be used for determining longitudinal reinforcement ratios 



The width of the compression face of a member b may be larger than indicated in Figure C18.2 when, in 
accordance with 9.3.1 .2, the composite beam has flanges on one or both sides or when the topping of any 
supported precast floor system is considered to act as flanges. 

In Figured 8. 2 a "positive" moment causes tension in the bottom fibre of the precast shell while a 
"negative" moment causes tension in the top fibre of the cast-in-place core. 
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A2 calculated neglecting concrete in tension and relating the properties to the axis of bending, which is not 
the same as the zero stress line, if axial load or prestress acts on the section. 

In a reinforced concrete beam with zero axial load, the shear stress in the flexural tension zone can be 
calculated from Equation 18-2. This equation can be derived from consideration of equilibrium in a 
segment of a beam, as illustrated in Figure C18.1. This figure shows a segment of beam of length A£, 

subject to a shear force of V, which is equal to V/ . The shear force in the concrete immediately above 

the reinforcement balances the change in flexural tension force, AT . The average horizontal shear 
stress, v dP , times the width, b w , and the length, A£ , for equilibrium must equal AT . However, AT is equal 
to the change in bending moment over the length, M, divided by the internal level-arm, jd, that is 
AT - AMIjd. The change in bending moment, AM, is equal to the shear force times the distance Al. 
Using these relationships gives the expression: 



AT = 



AM V At 



jd <j)jd 



v 6i b w Al 



that can be simplified to: 



V d f = 



<£jdb v ■" 

which is identical to Equation 18-2. 



.(Eq. C18-1] 



.(Eq. C18-2) 
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Figure C18.1 - Derivation of shear stress 

The longitudinal shear stress in a member sustaining axial load, or in a prestressed member, may be 
found by carrying out section analyses at 2 locations, not more that h/2 apart. The difference in stresses 
and associated with the internal forces at these two sections can be used to find the longitudinal shear 
stresses as explained in text books on structural mechanics. 

C1 8.5.4.3 Transfer of longitudinal shear at contact surfaces 

The maximum longitudinal shear stresses, v h apply when the design is based on the ultimate limit state 

requirements and a strength reduction factor <fi= 0.75. 

In reviewing composite concrete flexural members at the serviceability limit state, including actions 
resulting from handling and construction loads, The resulting longitudinal shear stress should be 
compared with the maximum stresses considered for the ultimate limit state (0.55 MPa) to ensure that 
adequate safety results. 

C1 8.5.4.4 Transfer of shear where tension exists 

Proper anchorage of bars extending across joints is required to ensure that contact of the interfaces is 

maintained. 
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C18.5 Member design 

C18.5.1 Prestressed slabs and wall panels 

For prestressed concrete members not wider than 2.4 m, such as hollow-core slabs, solid slabs, or slabs 
with closely spaced ribs, there is usually no need to provide transverse reinforcement to withstand 
shrinkage and temperature stresses in the short direction. This is generally true also for non-prestressed 
floor and roof slabs. The 2.4 m width is less than that in which shrinkage and temperature stresses can 
build up to a magnitude requiring transverse reinforcement. In addition, much of the shrinkage occurs 
before the members are tied into the structure. Once in the final structure, the members are usually not as 
rigidly connected transversely as monolithic concrete, thus the transverse restraint stresses due to both 
shrinkage and temperature change are significantly reduced. 

The waiver does not apply to members such as single and double tees with thin, wide flanges. 

C1 8.5.2 Composite concrete flexura! members 

C1 8.5.2.1 Shored and unshored members 

Tests to destruction indicate no difference in flexural strength of members that were constructed as either 

shored or unshored. 

The provisions of 6.8.5 must be considered with regard to deflections of shored and unshored members. 
Before shoring is removed it should be ascertained that the strength and serviceability characteristics of 
the structure will not be impaired. 

C1 8.5.2.2 Design of constituent elements 

The premature loading of precast elements can cause excessive deflections as the result of creep and 

shrinkage. This is especially so at early ages when moisture content is high and strength is low. 

C1 8.5.2.3 Reinforcement for composite members 

The extent of cracking permitted is dependent on such factors as exposure and durability. In addition, 

composite action must not be impaired. 

C1 8.5.4 Longitudinal shear in composite members 

C1 8.5.4.1 Requirements for full shear transfer 

The full transfer of longitudinal shear between segments must be achieved by either contact stresses or 

properly anchored ties, or both. 

Tests 18 ' 15 indicate that longitudinal shear does not present a problem in T-beams when the portion below 
the flange is designed to resist the vertical shear, the interfaces of the components are rough and 
minimum ties are provided according to 18.5.5. These considerations may also be used with other 
segmental shapes. 

The top surfaces of precast hollow-core slabs produced by a dry mix extrusion process are difficult to 
roughen to the requirements of 18.5.4.1 without causing damage to the integrity of the slab. Tests 18 " 16, 
1817 have shown that surfaces produced by processes that do not leave accumulated surface laitance, 
although not artificially roughened, can develop adequate bond with the cast-in-place topping concrete 
and provide adequate shear transfer for diaphragm action. Shear keys at 1200 mm centres further 
improve composite action. 

C1 8.5.4.2 Longitudinal shear stress A2 

The shear stress acting along a plane in a region of a member, which does not contain flexural or shear 
cracks, and the stresses in the reinforcement and concrete remain within their elastic ranges, can be 
calculated directly from Equation 18-1. In this equation, Q is the first moment of area beyond the shear 
plane being considered about the axis of bending and / is the transformed second moment of area. If this 
equation is used in a region where flexural cracks exist, the section properties / and Q should be 
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C1 8.3.2 Include forces and deformations at connections 

The structural behaviour of precast members may differ substantially from that of similar members that are 
cast-in-place. Design of connections to minimize or transmit forces due to shrinkage, creep, temperature 
change, elastic deformation, differential settlement, wind, and earthquake require special consideration in 
precast construction. 

C1 8.3.4 Tolerances 

Guidance on precast concrete product tolerances is given in Reference 18.13, while guidance on erection 
tolerances is given in Reference 18.1. In order to prevent misunderstanding, the tolerances assumed in 
design should be specified in the contract documents. 

Supports and connections should be detailed to minimize the forces resulting from service load deflections 
or end rotation, or should be designed to resist these effects while meeting the serviceability criteria set 
out in 2.4.4. 

Design of precast members and connections can be particularly sensitive to tolerances on the dimensions 
of individual members and on their location in the structure. 

C1 8.3.5 Long-term effects 

Precast member supports and connections should be detailed to minimize forces due to creep, shrinkage 
and temperature effects. Alternatively they should be designed to resist the displacement resulting from 
such actions in a ductile manner. 

There is a particular requirement to check camber effects of long span precast concrete members 
exposed to differential temperature gradients such as occur on the upper levels of parking buildings. 

Secondary effects can have a significant influence on long span structures, large plan area structures and 
buildings such as parking structures exposed to the weather 18 14 . 



C18.4 Distribution offerees among members 

C1 8.4.1 Forces perpendicular to plane of members 

Concentrated point and line loads can be distributed among members provided they have sufficient 
torsional stiffness and that shear can be transferred across joints. Torsionally stiff members such as 
hollow-core or solid slabs have more favourable load distribution properties than do torsionally flexible 
members such as double tees with thin flanges. The actual distribution of the load depends on many 
factors. Large openings can cause significant changes in distribution of forces. 

C1 8.4.2 In-plane forces 

In-plane forces result primarily from diaphragm action in floors and roofs, causing tension or compression 
in the chords and shear in the body of the diaphragm. A continuous path of steel, steel reinforcement, or 
both, using lap splices, mechanical or welded splices, or mechanical connectors, should be provided to 
carry the tension, whereas compression may be carried by the net concrete section. A continuous path of 
steel through a connection may include bolts, weld plates, headed studs, or other steel devices. Tension 
forces in the connections are to be transferred to the primary reinforcement in the members. 

In-plane forces in precast wall systems result primary from diaphragm reactions and external lateral loads. 

Connection details should provide for the forces and deformations due to shrinkage, creep, and thermal 
effects. Connection details may be selected to accommodate volume changes and rotations caused by 
temperature gradients and long-term deflections. When these effects are restrained, connections and 
members should be designed to provide adequate strength and ductility. 
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C18 PRECAST CONCRETE AND COMPOSITE CONCRETE FLEXURAL MEMBERS 



C18.1 Notation 

The following symbols, which appear in this section of the Commentary, are additional to those used in 

Section 18 of Part 1. 

b width of compression face of a member, mm 

f' c specified compressive strength of concrete, MPa 

L d development length, mm 

L n clear span of member measured from face of supports, mm 

V c nominal shear strength provided by concrete, N 

a factor for determining reinforcing steel overstrength 

<f> strength reduction factor, see 2.3.2.2. 

C18.2 Scope 

Design and construction requirements for precast concrete structural members differ in some respects 
from those for cast-in-place concrete structural members and these differences are addressed in this 
section. Where provisions for cast-in-place concrete applied also to precast concrete, they have not been 
repeated. Similarly, items related to prestressed concrete in Section 19 that apply also to precast 
concrete are not restated. 

A key reference document for precast concrete building structures is Reference 18.1. Detailed 
recommendations concerning precast concrete are also given in References 18.2, 18.3, 18.4, 18.5, 18.6, 
18.7, 18.8 and 18.9. Tilt-up concrete construction is a form of precast concrete. It is recommended that 
Reference 18.10 be reviewed for tilt-up structures. 

C1 8.2.2 Composite concrete flexural members defined 

The scope of this section is intended to include all types of composite concrete flexural members including 
composite single -T or double -T members, composite hollow-core, box sections, folded plates, lift slabs, 
and other structural elements, all of which should conform to the provisions of this section. In some cases 
with fully cast-in-place concrete, it may be necessary to design the interface of consecutive placements of 
concrete as required for composite members. 

C1 8.2.3 Composite concrete and structural steei not covered 

Composite structural steel-concrete members are not covered in this section as such sections are fully 
covered in Section 10 and NZS 3404. 

C18.2.4 Section 18 in addition to other provisions of this Standard 

This Standard in its entirety applies to composite concrete flexural members except as specifically 
modified in Section 18. For instance, deep composite beams shall be designed in accordance with 9.3.10. 



C18.3 General 

C1 8.3.1 Design to consider all loading and restraint conditions 

Stresses developed in precast members during the period from casting to final connection may be greater 
than the actual service load stresses. Care is therefore required to ensure that performance at both the 
serviceability and ultimate limit states is adequate to meet the requirements of this Standard. 

Minor cracking or spalling need not be grounds for rejection provided that member strength and durability 
are not adversely affected. Guidance on assessing cracks in precast members is given in References 
18.11 and 18.12. 
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C1 7.6.5 Fixings designed for ductility 

Fixings and connections should be designed and detailed to suppress a brittle concrete pull-out failure, or 
any other failure mode that gives little warning when approaching the ultimate limit state. 

Detailing of fixings and connection hardware must be based on an assessment of the forces and the total 
displacement that may occur due to: 

(a) Seismic actions such as: 
(i) Inertia forces; 

(ii) Deformation due to member dilatancy, inter-storey drift, plastic hinging and diaphragm actions. 

(b) Creep, shrinkage and temperature effects that are likely to occur over the life of the structure; 

(c) Gravity, wind loads and applied forces. 

While bolts are a quick and simple means of fastening structural, architectural and mechanical elements, 
ductility in bolts and threaded bars can be difficult to achieve under the types of deformations that fixings 
are often required to accommodate. The ductility required to meet the intent of this clause can, however, 
be provided by the use of bolts or threaded bars in conjunction with well detailed steel angles, partially de- 
bonded anchorage bars, friction connections, or similar force limiting details. If this approach is chosen as 
a means of achieving overall fixing ductility, the non-ductile cast-in component of the fixing should have a 
nominal strength equal to, or greater than twice the ultimate limit state force that can be applied to it 
through the ductile (or limited slip) connecting hardware. 

C1 7.6.6 Fixings in plastic hinge regions 

In zones of potential plastic hinging the contribution of the cover concrete to the anchorage of fixings 
should be disregarded. Fixings anchored in zones of flexural cracking should have the failure cone 
modified to account for the presence of flexural cracks. 
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C1 7.5.8.3 Lower characteristic concrete breakout strength of the anchor in shear parallel to edge 
Reference 17.6 indicates that the pry-out shear resistance can be approximated as one to two times the 
anchor tensile resistance with the lower value appropriate for ft ef less than 65 mm. 

C1 7.5.9 Durability and fire resistance 

Steel embedments are often vulnerable to corrosion where they pass through cover concrete, and are 
normally specified either to be hot-dipped galvanised, or to have stainless steel components. Designers 
should specify embedment with a corrosion resistance appropriate to the physical situation of the 
embedment, the design life of the structure and the envisaged frequency of maintenance inspections. 

The following points should be noted when specifying corrosion protection: 

(a) Hot-dipped galvanising of mild steel can engender embrittlement in cold-worked sections, reducing 
ductility. 

(b) Stainless steel, where attached to mild steel by welding, can promote crevice corrosion, or galvanic 
corrosion, in the contact areas. 

Both of these phenomena are discussed in Reference 17.1. 



C17.6 Additional design requirements for fixings designed for earthquake effects 

C1 7.6.1 Fixing design philosophy 

Four design philosophies are described with further information provided in 17.6.2 to 17.6.5. The aim of 
these philosophies is to ensure appropriate fixing performance in an earthquake. 

C1 7.6.2 Fixings designed for seismic separation 

A number of problems relevant to the fixing and separation of and damage to non-structural components 
in buildings are discussed in References 17.1 and 17.16. A common method of accommodating seismic 
movement is to provide slotted holes in fixing plates. When determining the size of separation required, 
the design shall consider the impact that creep, shrinkage, and tolerances have on the available 
separation. The designer should also consider the impact on the magnitude of the required separation 
resulting from member dilatancy due to geometric effects and/or the formation of plastic hinges. 

C1 7.6.3 Fixings stronger than the overstrength capacity of the attachment 

Where the attached element is designed to form ductile plastic hinges, for example face loading of 
cladding or wall panels, the design actions acting on the connections may be determined by the use of 
capacity design principles. In determining the design actions forces in the connections due to shrinkage, 
creep, temperature or plastic hinge elongation should be considered. 

C1 7.6.4 Fixings design to remain elastic 

NZS 1170.5 Section 8 provides design recommendations for the design of connections using a parts and 
portions approach. For non-ductile connections a ductility factor of // p = 1.25 is used to assess seismic 
actions. The requirement to use 0.75 times the strength reduction factor specified in 17.5.6.4, is to ensure 
that the fastenings have capacity to accommodate earthquakes larger than the design earthquake. 

The shear and tension interaction equations for this design philosophy are: 

(a) Where V* < 0.2 <f>V n then A/* < 0.75^A/ n (Eq. C17-6) 

(b) Where A/* < 0.2 <jJN n then V* £ O.750V n (Eq. C17-7) 

(c) Where V* < 0.2 0V n and N* > 0.2^A/ n then — + V x <1.2 (Eq. C17-8) 

0.75^V n 0.75^\/ n 
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Table C19.1 - Summary of serviceability limit state design requirements 




Prestressed 


Non- 
prestressed 




Class U 


Class T 


Class C 


Assumed behaviour 


Uncracked 


Transition 

between 

cracked and 

uncracked 


Cracked 


Cracked 


Section properties for stress 


Gross or 


Gross or 


Section cracked 


Cracked 


calculation at service loads 


transformed 


transformed 


transformed 


section 




section 


section 


19.3.3.3 


transformed 




19.3.3.3 


19.3.3.3 






Allowable stress at transfer 


19.3.3.5.1 


19.3.3.5.1 


19.3.3.5.1 


No 




19.3.3.5.2 


19.3.3.5.2 


19.3.3.5.2 


requirement 


Allowable compression stress 


19.3.3.5.1 


19.3.3.5.1 


19.3.3.5.1 


No 


service loads 








requirement 


Allowable tensile stress 


19.3.2 


19.3.2 


No requirement 


No 


service loads 








requirement 


Deflection calculation basis 


Gross or 


Gross or 


Cracked 


Cracked 




transformed 


transformed 


transformed 


transformed 




section 6.8.4 


section 6.8.4 


section and 
effective inertia, 
6.8.4 and 6.8.3 


section and 

effective 
inertia, 6.8.3 


Crack control 


No 
requirement 


No 
requirement 


19.3.3.5.3 


2.4.4 


Computation of Af s or f s for 


No 


No 


Cracked 


Cracked 


crack control 


requirement 


requirement 


transformed 
section 


transformed 
section , or 

0.6/y 


Side skin reinforcement 


19.3.37, 


19.3.3.7, 


19.3.3.7, 


2.4.4 




with 2.4.4 


with 2.4.4 


with 2.4.4 





A2 



C1 9.3.3.5.3 Crack widths for Class C members 

Spacing requirements in 19.3.3.5.3(b) have been adapted from the 2002 edition of the ACI Building Code 
and reference 19.4. It should be noted crack widths will increase in cases where there is repetitive 
loading. In such situations a conservative approach should be taken to the spacing of reinforcement given 
by Equations 19-1 and 19-2. 
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For conditions of corrosive environments, defined as an environment in which chemical attack (such as 
seawater, corrosive industrial atmosphere, or sewer gas) is encountered, cover greater than that required 
by 3.11 should be used, and tension stresses in the concrete reduced to eliminate possible cracking at 
service loads. The engineer should use judgement to determine the amount of increased cover and 
whether reduced tension stresses are required. 

For post-tensioned members designed as cracked members it is usually advantageous to provide crack 
A2 | control by the use of deformed reinforcement, for which the provisions of 19.3.3.5.3(b) may be used 
directly. Bonded reinforcement required by other provisions of this standard may also be used as crack 
control reinforcement. 

A2 | In checking the expression in (b) and (c) only tension steel nearest the tension face needs to be 
considered in selecting the value of c c> or g s to be used in computing spacing requirements. To account 
for prestressing steel, such as strand, having bond characteristics less effective than deformed 
reinforcement, the k b factor is introduced. 

A2 I In using the method in (c) to assess crack widths it should be noted that an accurate determination of 
crack widths is not possible. In particular, repetitive loading is likely to increase crack widths to values 
greater than those indicated by the equations. 

A2 | The method in (c) assumes that the approach for reinforced concrete given in 2.4.4.6 can also be adapted 
to prestressed concrete. However, in deriving the coefficients for the equations in 2.4.4.6 no allowance 
was made for initial compression stresses induced in reinforcement due to shrinkage of the concrete. 
Shrinkage and creep strains in prestressed concrete have a greater effect than in reinforced concrete. 
However, to use the reinforced concrete crack width equation for prestressed concrete it was felt that 
some adjustment should be made for shrinkage effects in the test beams. Based on judgement, with an 
assumed shrinkage strain of the order of 300 x 10~ 6 in the test beams, an allowance of 50 MPa initial 
compression has been assumed, hence the value of (Af s - 50) is used in place of f s with prestressed 
concrete. 

The value of Af$ is the change in stress in the reinforcement, either prestressed or non-stressed, from the 
stress sustained when the surrounding concrete is decompressed (zero stress), f dc , to the stress sustained 
under the serviceability load stage being considered. Creep and shrinkage strains in concrete reduce 
tensile stresses in prestressed reinforcement (as in loss of prestress) and induce compressive stresses in 
non-prestressed reinforcement. Consequently the value of f dc for non-prestressed reinforcement can be 
found from the strain profile in the section prior to cracking and the strain change in prestressed (or other) 
reinforcement due to creep and shrinkage. For example, if the loss of prestress due to shrinkage is 
70 MPa at a prestressed tendon, and due to creep it is 60 MPa, the value of the stress in the 
reinforcement at the same level at decompression, f dc is 130 MPa in compression for reinforcement at the 
same level as the prestressed reinforcement. If the reinforcement is to work at a stress of 150 MPa in 
tension then (Af s - 50) is equal to 230 MPa, and this value is used for assessing the crack width at the 
level of the tendon. 

The maximum limitation of 250 MPa for Af s is imposed as high changes in strain in the reinforcement may 
A2 | break down bond and increase crack widths. With Af s values of 150 MPa or less only fine cracks are 
induced and consequently no further check on crack widths is required. 



A2 



C1 9.3.3.6.2 Permissible service load stress ranges in prestressed and non-prestressed reinforcement 
The Standard does not distinguish between temporary and effective prestressing steel stresses. Only one 
limit on prestressing steel stress is provided because the initial prestressing steel stress (immediately after 
transfer) can prevail for a considerable time, even after the structure has been put into service. This 
stress, therefore, should have an adequate safety factor under service conditions and cannot be 
considered as a temporary stress. Any subsequent decrease in prestressing steel stress due to losses 
can only improve conditions and no limit on such stress decrease is provided in the Standard. 
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Maximum stresses in tendons recognise the higher yield strength of low-relaxation wire and strand 
meeting the requirements of the standards listed in 19.2.1. For such tendons, it is more appropriate to 
specify permissible stresses in terms of specified minimum yield strength. For the low-relaxation wire and 
strands, with f py equal to 0.90 /p U , the 0.94 f py and 0.82 f py limits are equivalent to 0.85 f pu and 0.74 f pui 
respectively. 

The higher yield strength of the low-relaxation tendons does not change the effectiveness of tendon 
anchorages; thus, the maximum stress at post-tensioning anchorages (and couplers) is not increased 
above the value of 0.70f pu , For ordinary tendons (wire, strands, and bars) with f py equal to 0.85/p U , the 
0.94/p y and 0.82f py limits are equivalent to 0.80/p U and 0.70/p U , respectively. For bar tendons with f py equal 
to 0.80 /p U) the same limits are equivalent to 0.75 f pu and 0.66 f pu , respectively. 

Designers should be concerned with setting a limit on final stress when the structure is subject to 
corrosive conditions or repeated loadings. 

C1 9.3.3.7 Reinforcement on sides of beams ^2 

Longitudinal skin reinforcement is required in beams with a depth of 1 metre or more in the flexural tension 
zone (for ultimate limit state) to control crack widths and prevent an excessive loss of shear strength, see 
C9.3.9.3.4. 

C19.3.4 Loss of prestress in tendons 

C19.3.4.1 General 

Prestress losses may be expected to vary substantially for different applications. Although the actual loss 
will have little effect on the design strength of the member, it will affect serviceability limit state stresses 
and behaviour, such as deflection, camber and cracking load. These aspects can control the design. 
Methods of computing losses are given in References 19.5, 19.6, 19.7 and 19.8 and in Appendix CE. 

To determine effective prestress 4e, allowance for the following sources of loss of prestress shall be 
considered: 

(a) Immediate loss of prestress resulting from: 
(i) Elastic shortening of concrete; 

(ii) Friction loss due to intended or unintended curvature in post-tensioning tendons; 
(iii) Prestressing steel seating at transfer during anchoring; 

(b) Time dependent loss of prestress resulting from: 
(i) Shrinkage of concrete; 
(ii) Creep of concrete; 
(iii) Relaxation of prestressing steel stress. 

C1 9.3.4.2 Loss of prestress due to creep and shrinkage 

The loss of prestress due to creep and shrinkage and elastic shortening of concrete may be calculated 

from the modified effective modulus method, see Appendix CE. 

C19.3.4.2.3 and C19. 3.4.2.4 Loss of prestress due to friction and Determination of losses 
Loss due to friction along post-tensioned tendons during prestressing occurs due to curvature friction and 
wobble friction. Curvature friction results from bends or curves in the specified tendon profile. Wobble 
friction results from unintended deviation of prestressing sheath or duct from its specified profile. The 
friction curvature coefficients and wobble coefficients recommended for Equation 19-3 give a range that 
generally can be expected 199 for ducts and sheaths. Plastic ducts will lead to smaller values for these 
coefficients. Friction loss should be based on experimentally determined curvature and wobble friction 
coefficients and should be verified during tendon stressing. Values of curvature and wobble friction 
coefficients used in design should be shown on the design drawings. 

When safety or serviceability of the structure may be involved, the acceptable range of prestressing steel 
jacking forces or other limiting requirements should either be given or approved by the structural engineer 
in conformance with the permissible stresses of 19.3.3.5 and 19.3.3.6. 
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C19.3.4.3.2 and C19.3.4.3.3 Loss ofprestress due to shrinkage and creep of the concrete 
Texts on prestressed concrete, or on creep and shrinkage in concrete, give many different ways of calculating 
prestress loss. The method illustrated in Appendix CE is one of the simpler methods, which appears to give 
realistic predictions. 

For the restricted case where reinforcement is distributed throughout the member so that its effect on 
shrinkage is mainly axial, the loss of prestress in the tendons due to shrinkage of concrete may be 
assessed as (E p £ cs ) I (1 +15 v4 s /v4 g ). 

C19. 3.4.3.4 Loss ofprestress due to tendon relaxation 

For the purposes of preliminary design prior to the selection of a specific system, the following values of 

R b may be used: 

(a) Normal relaxation prestressing strand < 7 % 

(b) Low relaxation prestressing strand and wire < 2.5 % 

(c) Prestressing bar <4 %. 

The loss of stress due to relaxation of prestressing tendon is equal to R sc f P i- 
C1 9.3.6 Flexural strength of beams and slabs 

C19.3.6.2 Nominal flexural strength 

Design moment strength of prestressed flexural members may be computed using strength equations 
similar to those for non-prestressed concrete members. When part of the prestressing steel is in the 
compression zone, a method based on applicable conditions of equilibrium and compatibility of strains at a 
factored load condition should be used. 

For other cross sections, the design moment strength <jM^ is computed by an analysis based on stress 
and strain compatibility using the stress-strain properties of the prestressing steel and the assumptions 
given in 7.4. 

C1 9.3.6.3 Strain compatibility analysis 

A number of appropriate stress strain relationships for concrete and reinforcement may be found in the 
A2 literature. In particular stress strain relationships for concrete may be found in Reference 19.10 and for the 
prestressed reinforcement in Reference 19.1 1 

C1 9.3.6.4 Alternative method 

Equation 19-7 may underestimate the flexural strength of beams with high percentages of reinforcement 
and, for more accurate evaluations of their strength, the strain compatibility and equilibrium method should 
be used. Use of Equation 19-7 is appropriate when all of the prestressed reinforcement is in the tension 
zone. When part of the prestressed reinforcement is in the compression zone, a strain compatibility and 
equilibrium method should be used. 

By inclusion of the m term, Equation 19-7 reflects the increased value of f ps obtained when compression 
reinforcement is provided in a beam with a large reinforcement index. When the term [p p f p Jf' c + 
{dld p ){co-co)] in Equation 19-7 is small, the neutral axis depth is small, the compressive reinforcement 
does not develop its yield strength, and Equation 19-7 becomes unconservative. This is the reason why 
the term [p p f p Jf' c + (d/d p )(oj-a) ')] in Equation 19-7 may not be taken as less than 0.17 if compression 
reinforcement is taken into account when computing f ps . If the compression reinforcement is neglected 
when using Equation 19-7, co is taken as zero, then the term \p p f p jf + (dld p )(co) may be less than 0.17 
and an increased and correct value of f ps is obtained. 

When d' is large, the strain in compression reinforcement can be considerably less than its yield strain. In 
such a case, the compression reinforcement Equation 19-7 does not influence f ps as favourably as implied 
by Equation 19-7. For this reason, the applicability of Equation 19-7 is limited to beams in which d' is 
less than or equal to 0.15d p . 
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The term \p p fpjf' c + {dId p )(co-co')] in Equation 19-7 may also be written [Ppf p Jf' c + A s f y l{bd p f c )\. This form 
may be more convenient, for instance when there is no non-prestressed tension reinforcement. 

Equation 19-9 reflects results of tests on members with unbonded tendons and span-to-depth ratios 
greater than 35 (one-way slabs, flat plates, and flat slabs) 19 ' 12, 19 ' 13 . These tests also indicate that 
Equation 19-8 overestimates the amount of stress increase in such members. Although these same tests 
indicate that the moment strength of those shallow members designed using Equation 19-8 meets the 
ultimate limit state load strength requirements, this reflects the effect of the requirements for minimum 
bonded reinforcement, as well as the limitation on concrete tensile stress that often controls the amount of 
prestressing force provided. 

C1 9.3.6.5 Non-prestressed reinforcement 

As well as deformed reinforcing bars the use of lengths of unstressed strand or wire offcuts is permitted to 
increase the flexural tensile strength providing it can be developed in accordance with Section 8. Where 
reinforcement is used to carry compression it must be adequately restrained against buckling and strands 
should not be used for this purpose. 

C1 9.3.6.6 Limits for longitudinal reinforcement 

C1 9.3.6.6.2 Limiting neutral axis depth 

The limiting neutral axis depth is to ensure that sections have some ductility at the flexural strength using 
limiting strains of 0.003 and 0.0044 is consistent with the corresponding values of beams designed with Grade 
500 reinforcement. 

C1 9.3.6.6.3 Minimum cracking moment 

This provision is a precaution against abrupt flexural failure developing immediately after cracking. A 
flexural member designed according to standard provisions requires considerable additional deflection 
beyond cracking to reach its flexural strength. This considerable deflection would warn that the member 
strength is approaching. If the flexural strength were reached shortly after cracking, the warning deflection 
would not occur. 

C1 9.3.6.6.4 Placement of bonded reinforcement 

Bonded steel when required should be placed near the tension face of prestressed flexural members. The 

purpose of this bonded steel is to control cracking under full service loads or overloads. 

C1 9.3.6.7 Minimum bonded reinforcement 

C1 9.3.6.7.1 Minimum bonded reinforcement in members with unbonded tendons 

Some bonded reinforcement is required by the standard in members prestressed with unbonded tendons 
to ensure adequate flexural performance at ultimate member strength, rather than performance as a tied 
arch, and to limit crack width and spacing at service load when the flexural tensile strength of the concrete 
is exceeded. Providing the minimum bonded reinforcement as stipulated in 19.3.6.7.1 and 19.3.6.7.2 
helps to ensure adequate performance. 

Research has shown that unbonded post-tensioned members do not inherently provide large capacity for 
energy dissipation under severe earthquake loadings because the member response is primarily elastic. 
For this reason, unbonded post-tensioned structural elements reinforced in accordance with the provisions 
of this section should be assumed to carry only vertical loads, or to act as horizontal diaphragms between 
energy dissipating elements under earthquake load forces. The minimum bonded reinforcement areas 
required by Equation 19-10 are absolute minimum areas independent of grade of steel or design yield 
strength. Where seismic actions may arise, including vertical seismic forces, the area of reinforcement 
should be increased to ensure adequate ductility. 

The minimum amount of bonded reinforcement for members other than two-way flat slab systems is 
based on research comparing the behaviour of bonded and unbonded post-tensioned beams 19 14 . Based 
on this research it is advisable to apply the provisions of 19.3.6.7.1 also to one-way slab systems. 
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C1 9.3.6.7.2 Minimum bonded reinforcement in two-way flat slab systems with unbonded tendons 
The minimum amount of bonded reinforcement in two-way flat slab systems is based on reports by ACI- 
ASCE Committee 423 195, 19 - 12 . Limited research available for two-way flat slabs with drop panels 19 15 
indicates that behaviour of these particular systems is similar to the behaviour of flat plates. 
Reference 19.16 was revised by Committee 423 in 1983 to clarify that 19.3.7.3 applies to two-way flat slab 
systems in the following cases: 

(a) For usual loads and span lengths, flat plate tests summarised in the Committee 423 report 195 and 
experience since the 1963 ACI Building Code 19 ' 17 was adopted indicate satisfactory performance 
without bonded reinforcement in the areas described in 19.3.6.7.2(a); 

(b) In positive moment areas, where the concrete tensile stresses are between 0.17yf c and 0.5 yf<! a 

minimum bonded reinforcement area proportioned according to Equation 19-11 is required. The 
tensile force A/ c is computed at service load on the basis of an uncracked, homogeneous section; 

(c) Research on unbonded post-tensioned two-way flat slab systems evaluated by ACI-ASCE Committee 
423 19 2, 19.5, 19.12, 19.18 s j r[0 ^ s that bonded reinforcement in negative moment regions, proportioned on 
the basis of 0.075 % of the cross-sectional area of the slab-beam strip, provides sufficient ductility and 
reduces crack width and spacing. To account for different adjacent tributary spans, Equation 19-12 
is given on the basis of an equivalent frame. For rectangular slab panels, Equation 19-12 is 
conservatively based upon the larger of the cross-sectional areas of the two intersecting equivalent 
frame slab-beam strips at the column. This ensures that the minimum percentage of steel 
recommended by research is provided in both directions. Concentration of this reinforcement in the 
top of the slab directly over and immediately adjacent to the column is important. Research also 
shows that where low tensile stresses occur at service loads, satisfactory behaviour has been 
achieved at ultimate loads without bonded reinforcement. However, the standard requires minimum 
bonded reinforcement regardless of service load stress levels to help ensure flexural continuity and 
ductility, and to limit crack widths and spacing due to overload, temperature, or shrinkage. Research 
on post-tensioned flat plate-to-column connections is reported in References 19.16, 19.19, 19.20, 
19.21 and 19.22. 

C19. 3.6.7.3 Lengths of bonded reinforcement 

Bonded reinforcement should be adequately anchored to develop ultimate load forces. The requirements 
of Section 8 will ensure that bonded reinforcement required for flexural strength under ultimate loads, will 
be adequately anchored to develop tension or compression forces. The minimum lengths apply for 
bonded reinforcement required by 19.3.6.7.1 or 19.3.6.7.2, but not required for flexural strength in 
accordance with 19.3.6.5. Research 192 on continuous spans shows that these minimum lengths provide 
adequate behaviour under service load and factored load conditions. 

C1 9.3.7.2 Axial load limit 

The tensile strains in the prestressing tendons will generally be greater than the limiting compression 
strain of 0.003 in the concrete. Consequently the remaining tensile stress in the tendons will generally 
reduce the value of A/ n ,max- 

C1 9.3.8.1 General 

With statically indeterminate structures, bending moments may be induced by reactions arising from 
prestressing forces. These moments are referred to as secondary moments. Along with other self strain 
actions, such as differential temperature forces in bridge structures and roofs of buildings due to solar 
radiation, they are important in the serviceability limit state. However, the magnitude of self strain actions 
decreases as the member stiffness reduces. Consequently for ductile structures, where the stiffness 
tends to zero at collapse, the secondary moments are of little consequence. However, as secondary 
moments reduce, inelastic deformation is induced in the plastic zones. With structures which have limited 
capacity to sustain inelastic deformation this inelastic deformation may reduce the ability of the member to 
sustain additional deformation associated with redistribution of moments. 

C1 9.3.8.2 Serviceability limit state 

In the serviceability limit state secondary prestressed actions should be considered together with actions 
arising from differential temperature conditions and redistribution of bending moments due to creep of 
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concrete in structures, which are built in a stage by stage process, such that the structural form is changed 
after part of the prestress or load has been applied (see Reference 19.23). 

C1 9.3.8.3 Ultimate limit state 

To prevent shear failure, or other non-ductile failure modes from developing prior to a ductile flexural 
failure mode, possible adverse effects of self-strain actions should be considered. In particular it should 
be noted that differential temperature due to solar radiation on bridge structures or roofs, can induce 
significant tensile stresses on sections, which may in turn reduce the shear sustained by the concrete (\Z ci , 
\/ cw ), thus requiring an increase in the amount of shear reinforcement. In addition secondary moments 
can increase shears and reduce flexural cracking moments. Consequently these actions can in some 
cases increase the shear to be resisted and reduce the shear resistance of the concrete (V c \). 

C1 9.3.9 Redistribution of design moments for ultimate iimit state 

The general provisions for redistribution of negative moments given in 6.3.7 apply equally to prestressed 
members but with the tighter limits specified in 19.3.9. 

For the moment redistribution principles of 19.3.9 to be applicable to beams with unbonded tendons, it is 
necessary that such beams contain sufficient bonded reinforcement to ensure that, after cracking, any 
inelastic deformation is spread over a region of the beam and is not all concentrated at a section. The 
minimum bonded reinforcement requirements of 19.3.6.7.2 will service this purpose. 

Determining secondary moments, or the rotations arising from these in a structure, which contains flexural 
cracking and or inelastic deformation, is a complex matter. The approximation inherent in adding the 
secondary moment found from the precracked state to the redistributed moment in Equation 19-13, leads 
to acceptable values of redistribution. 

C19.3.10 Siab systems 

C19. 3.10.1 Design actions 

Use of analysis procedures is required for determination of both service and ultimate limit state moments 
and shears. The equivalent frame method of analysis has been shown by tests on large structural models 
to satisfactorily predict ultimate moments and shears in prestressed slab systems (see References 19.20, 
19.21, 19.24, 19.25, 19.26.) The references show also that using prismatic section or other 
approximation of stiffness may provide erroneous results on the unsafe side. 

Simplified methods of analysis using average coefficients do not apply to prestressed concrete slab 
systems. 

C19.3.10.2 Design strengths 

Tests indicate that the moment and shear strengths of prestressed slabs are controlled by total 
prestressing steel strength and by the amount and location of non-prestressed reinforcement, rather than 
by tendon distribution. (See References 19.19. 19.20, 19.21, 19.24, 19.25 and 19.26). 

C1 9.3.1 0.3 Service load conditions 

For prestressed flat slabs continuous over two or more spans in each direction, the span-thickness ratio 
generally should not exceed 42 for floors and 48 for roofs; these limits may be increased to 48 and 52, 
respectively, if calculations verify that both short- and long-term deflection, camber, and vibration 
frequency and amplitude are not objectionable. 

Short- and long-term deflection and camber should be computed and checked against the requirements of 
serviceability of the structure. 

The maximum length of a slab between construction joints is generally limited to between 30 m and 45 m 
to minimize the effects of slab shortening, and to avoid excessive loss of prestress due to friction. 
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C1 9.3.1 0.4 Tendon layout 

This clause provides specific guidance concerning tendon distribution that will permit the use of banded 
tendon distributions in one direction. This method of tendon distribution has been shown to provide 
satisfactory performance by structural research. 

These restrictions do not apply to slabs that are designed to resist concentrated loading, such as occurs in 
bridge decks. Some bridges are constructed using hollow precast members, which are placed side by 
side and nominally stressed together with a stress level below that required to sustain transverse 
moments. In such structures lateral distribution of structural actions is based on shear transfer between 
units and the torsional stiffness of the units. It should be noted that in these structures rotation occurs 
between the units and calculations should be made to ensure that this rotation will not damage the 
surfacing. 

C1 9.3.11 Shear strength 

A2 C1 9. 3.1 1.1 Beams and one-way slabs 

Where in situ concrete is added to precast prestressed units or beams, the section properties are 
changed. However, unless the precast units are propped it is the precast unit which resists the dead load, 
while subsequent actions are resisted by the composite section. In calculating the shear stresses and 
other actions, such as the flexural decompression moment in Equation 19-15 or stress levels in Equations 
19-16 and 19-17, it is important to keep track of the appropriate section properties. Creep and shrinkage 
in the concrete can cause long term loading to partially redistribute actions from the initial section to the 
final section. Where appropriate, allowance should be made for the redistribution of long term actions due 
to creep and shrinkage effects (see APPENDIX CE ) 

C1 9.3.1 1 .2.1 Simplified method for determining nominal shear strength of concrete in beams and one- 
way slabs 
This clause gives a simple method of finding the nominal shear strength provided by concrete in 
prestressed beams and one-way slabs 19 27 . It may be applied to beams having prestressed reinforcement 
only, or to members reinforced with a combination of prestressed reinforcement and non-prestressed 
deformed bars. Equation 19-14 is most applicable to members subject to uniform loading and may give 
conservative results when applied to composite girders. 

In applying Equation 19-14 to simply supported members subject to uniform loads V*d/M* can be 
expressed as: 

YlA.^zM (Eq .d9-i) 
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Figure C19.1 - Application of Equation 19-14 to uniformly loaded prestressed members 

where £ is the span length and x is the distance from the section being investigated to the support. For 
concrete with f' c equal to 35 MPa, V c from 19.3.11.2.1 varies as shown in Figure C19.1. Design aids 
based on this equation are given in Reference 19.28. 

Self strain actions, such as arise with differential temperature conditions, can induce high tensile stresses 
in both the extreme fibres and the webs of beams. A consequence of this is that flexural shear and web- 
shear cracking shear forces can be reduced. As Equations 19-14 and C19-1 do not allow for these 
effects, this method should not be used where self strain effects may be significant. 

C1 9.3.1 1.2.2 General method for determining V c beams and one-way slabs 

Two types of inclined cracking occur in concrete beams; web-shear cracking and flexure-shear cracking. 
Two types of inclined cracking are illustrated in Figure C19.2. 
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Figure C19.2 - Types of cracking in concrete beams 

Web-shear cracking occurs near the mid-height of a member in regions where the bending moment to 
shear ratio is low, as illustrated in Figure C19.2. This cracking occurs when the principal tensile stress 
exceeds the tensile strength of the concrete. Flexure-shear cracking is initiated by flexural cracking. 
When flexural cracking occurs, shear stresses are induced in the flexural tension zone. When these shear 
stresses reach a magnitude similar to that acting in an equivalent reinforced concrete beam, diagonal 
cracking occurs. It should be noted that the shear stresses are not distributed uniformly over an area /\ cv , 
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(this is a simplifying assumption made in the Standard) but instead in prestressed members they tend to 
be concentrated in the compression zone. The nominal shear strength provided by the concrete can be 
found by adding the shear resisted by the beam at decompression of the extreme tension fibre to the 
shear resistance of an equivalent reinforced concrete beam. 

The shear resisted at decompression of the extreme tension fibre, V , is given by: 



V =^ / -^ L (Eq.C19-2) 

M 

where M is the bending moment sustained when the extreme tension fibre is decompressed (reaches 
zero stress). The shear resisted by the concrete in an equivalent reinforced concrete beam is equal to the 
value V b . Hence the sum of these two gives the value of V ci as indicated in Equation 19-15. 

Equations 19-15 and 19-17 may be used to determine the shear forces causing flexure-shear and web- 
shear cracking, respectively. The shear strength provided by the concrete V c is assumed equal to the 
lesser of V ci and V cw . Reference 19.29 gives some background to the calculation of the shear resistance 
provided by the concrete, though the approach given in that reference has been modified to give a smooth 
transition between prestressed and reinforced beams and allow the effects of redistribution of actions due 
to creep to be incorporated. 

For a composite member, where part of the load is resisted by only a part of the section, the appropriate 
section properties should be used with each part of the load to determine the value of M , in the 
calculation of V ci . Likewise in the determination of Vc W the appropriate section properties should be used 
with each component of the shear. It should be noted that creep redistribution results in redistribution of 
prestress and dead loading that initially acts on part of a composite member, to the full section. The 
extent of this redistribution depends on the creep characteristics of the concrete and the age when the 
structural form is modified (see Reference 19.23). 

Equation 19-17 is based on the assumption that web-shear cracking occurs due to the shear causing a 
principal tensile stress of approximately 0.33^ at the centroidal axis of the cross section. V p is 
calculated from the effective prestress force without load factors. 

It should be noted that self strain actions, such as differential temperature, can reduce the decompression 
moment, M 0l and also reduce the longitudinal compressive stress at the level of the neutral axis. For this 
reason self strain stresses can significantly reduce the values of \Z ci and V cw . Hence the general method 
of 19.3.1 1.2.2 should be used where these actions are significant. 

Web-shear cracking occurs when the principal tensile stresses in the web reach the direct tensile strength 
of the concrete, which is taken as 0.33 yf^ . Equation 19-17 predicts the web-shear cracking shear that 

corresponds approximately to the diagonal tensile stress of 0.33^ . In Equation 19-17 the value of V p is 

the shear force carried by the inclination of the prestressing tendons relative to the axis of the member. It 
is based on the prestressing force after all losses have occurred and it is applied without a load factor. 

The shear resistance provided by the concrete is taken as the lesser of V c \ and V cw . This is an assumption 
which appears to be on the unconservative side. However, the expression for the shear resistance 
provided by web reinforcement, as specified by 19.3.11.3, is conservative, as the diagonal cracks develop 
at a smaller angle than is implied by the equations for V s . This angle is typically about 30° in prestressed 
beams with a significant prestress level rather than the implied tan" 1 j (typically 42°). However, when the 
V c and V s components are added the errors tend to cancel out and a safe design criterion is achieved. 

C1 9.3.1 1 .2.3 Shear strength in transfer length 

The effect of the reduced prestress near the ends of pretensioned beams on the shear strength should be 
taken into account. Clause 19.3.11.2.3 (a) relates to the shear strength at sections within the transfer 
length of prestressing steel when bonding of prestressing steel extends to the end of the member. 
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Clause 19.3.1 1 .2.3 (b) relates to the shear strength of sections within which some of the prestressing steel | A2 
is not bonded to the concrete, or within the transfer length of the prestressing steel for which bonding does 
not extend to the end of the beam. 

C1 9.3.1 1 .2.4 Shear strength of pretensioned floor units near supports A2 

Precast pretensioned floor units are designed to resist gravity loading, acting as simply supported units. 
As such, the moments close to the support are small and the shear strength provided by the concrete is 
limited by web shear cracking (Equation 19-17). However, generally reinforcement in the concrete 
topping is extended into the supporting structure. This is required to enable the floor to act as a 
diaphragm and distribute lateral forces to the lateral force resisting elements. It also has the advantage of 
stiffening the floor for live load. 

Under seismic actions (or wind) sway occurs, and this can lead to rotation between the supports and the 
precast units. This rotation can induce negative moments close to the supports. In addition, elongation 
of beams due to the formation of plastic hinges can induce axial tension in the floor. In precast units 
without top pretension strands the negative moments and axial tension can lead to flexural cracking. The 
formation of these cracks greatly reduces the shear strength provided by the concrete, as this is now 
controlled by the flexural shear strength, as given by Equation 19-15. Consequently, shear strength 
determined from test on simply supported units considerably over-estimates the shear strength when 
negative moments are acting. It may be noted that without pretension reinforcement near the top of the 
unit the value of M in Equation 19-15 is essentially zero and the shear strength is close to that of a 
reinforced concrete beam. 

In hollow-core units with near circular ducts the web width is close to a minimum at the mid depth of the 
unit. In this location the crack widths are small, while the wider crack widths occur where the web width is 
wider. It has been shown that shear strength decreases as crack widths increase (see Reference 9.10). 
Hence, for this form of precast unit the allowable shear stress based on the minimum web width can be 
increased as indicated in (b)(ii). 

The relative magnitudes of rotation at the supports and elongation of the beams determines whether a 
pure negative moment acts at a support, or a lesser moment and axial tension acts. Analyses by Woods, 
L, Fenwick, R and Bull D., "Seismic Performance of Hollow-core Flooring; the Significance of Negative 
Moments," Paper 5.3, NZSEE Conference, Wairakei, April 2008, indicated that in either case the critical 
shear stresses in the negative moment zone were of similar magnitude. Consequently, for design it is 
recommended that the critical shear force is determined assuming the over-strength moment acts at one 
of the supports and no moment acts at the other support. 

C19.3.11.2.5 Shear strength in two-way prestressed concrete slabs 

For prestressed slabs and footings, a modified form of the reinforced concrete equations may be used for 
punching shear calculations at slab-column junction, provided the region contains sufficient bonded 
reinforcement. Research 1920, 19 ' 30 indicates that the shear strength of two-way prestressed slabs around 
interior columns is conservatively predicted by Equation 19-18. V c from Equation 19-18 corresponds to a 
diagonal tension failure of the concrete initiating at the critical section defined in 12.7.1 (b). The mode of 
failure differs from a punching shear failure of the concrete compression zone around the perimeter of the 
loaded area predicted by Equation 12-6. Consequently, the term /? c does not enter into Equation 19-18. 
Design values for f' c and f pc are restricted due to limited test data available for higher values. When 
computing f pc , loss of prestress due to restraint of the slab by shear walls and other structural elements 
should be taken into account. 

In a prestressed slab with distributed tendons, the V ? term in Equation 19-18 contributes only a small 
amount to the shear strength; therefore, it may be conservatively taken as zero. If V p is to be included, the 
tendon profile assumed in the calculations should be noted. 

For an exterior column support where the distance from the outside of the column to the edge of the slab 
is less than four times the slab thickness, the prestress is not fully effective around the total perimeter b of 
the critical section. Shear strength in this case is therefore conservatively taken to be the same as for a 
non-prestressed slab. 
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C1 9.3.1 1.3.1 Details of shear reinforcement in slabs 

Shear reinforcement is ineffective in thin slabs due to the difficulty of effectively anchoring stirrups in the 

compression zone. The problem becomes more acute as the concrete cover is increased. 

C19. 3.11. 3.4 Modification of design of shear reinforcement in beams and one-way slabs due to prestress 
The design for shear reinforcement in prestressed concrete beams and slabs is very similar to that for 
reinforced concrete beams and slabs. The required modifications are indicated in this clause. 

As indicated in 19.3.11.3.4 some increase in spacing of stirrups, beyond that required for reinforced 
concrete beams (9.3.9.4.12), is permitted for prestressed concrete members. Tests 1931 of prestressed 
beams with minimum web reinforcement based on Equations 9-10 and 19-19 indicated that the smaller 
A y from these two equations was sufficient to develop ductile behaviour. 

Equation 19-19 may be used only for prestressed members meeting the minimum prestress force 
requirements given in 19.3.11.3.4. This equation is discussed in Reference 19.31 

Even when the design shear force V* is less than one-half of the shear strength provided by the concrete 
(f)V^ the use of some web reinforcement is recommended in all thin-web post-tensioned prestressed 
concrete members to reinforce against tensile forces in webs resulting from local deviations from the 
design tendon profile, and to provide a means of supporting the tendons in the design profile during 
construction. If sufficient support is not provided, lateral wobble and local deviations from the smooth 
parabolic tendon profile assumed in design may result during placement of the concrete. In such cases, 
the deviations in the tendons tend to straighten out when the tendons are stressed. This process may 
impose large tensile stresses in webs, and severe cracking may develop if no web reinforcement is 
provided. Unintended curvature of the tendons, and the resulting tensile stresses in webs, may be 
minimised by securely tying tendons to stirrups that are rigidly held in place by other elements of the 
reinforcing cage and held down in the forms. The maximum spacing of stirrups used for this purpose 
should not exceed the smaller of 1.5ft or 1.2 m. When applicable, the shear reinforcement provisions will 
require closer stirrup spacings. 

For repeated loading of flexural members, the possibility of inclined diagonal tension cracks forming at 
stresses appreciably smaller than under static loading should be taken into account in the design. In 
these instances, it would be prudent to use at least the minimum shear reinforcement expressed by 
Equations 9-10 and 19-19, even though tests or calculations based on static loads show that shear 
reinforcement is not required. 

C19. 3 .13 Anchorage zones for post-tensioned tendons 

C19.3.13.1.1 Definition of anchorage zone 

Based on the principle of Saint-Venant, the extent of the anchorage zone may be estimated as 
approximately equal to the largest dimension of the cross section measured from the anchorage. In 
complex sections, such as box girders, which contain a number of elements in the section, the critical 
dimension tends to be the dimension of the element (slab or web) which contains the anchor. When 
anchorage devices located away from the end of the member are tensioned, a large tensile force, or if 
unreinforced a wide crack, may be induced locally behind the anchor. This tensile force, or wide crack, 
arises from the incompatibility of deformations ahead of and behind the anchorage device, as is illustrated 
in Figure C19.3. In this situation the anchorage zone extends to include the region immediately behind 
the anchor. 
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Reinforcement to control 
splitting crack 

Figure C19.3 - Splitting crack at anchor located away from end of member 

C19.3.13.1.2 Design of anchorage zones 

In an anchorage zone tensile stresses are induced in the concrete due to the dispersion of the 
concentrated force or forces into the member. The principal sources of these stresses are illustrated 
Figure C19.3, Figure C19.4, Figure C19. 5 and Figure C19.6, and they are listed in 19.3.13.4.3. In 
determining these forces allowance must be made for the three dimensional dispersion of stress, which 
results in tension forces being induced in two planes. In addition it is necessary to ensure that the 
concrete does not fail in compression due to the high bearing stresses against the anchor. This aspect is 
considered in 19.3.13.3.2. 

Additional information on the design of anchorage zones for specific types of anchors may be obtained 
from References 19.32, 19.33, 19.34 and 19.35. 

C1 9.3.1 3.3.2 Bearing stress against anchors 

The zone, which resists the very high local stresses introduced by the anchorage device, cannot be 
completely designed until the specific characteristics of the anchorage device are selected, and hence 
these details cannot be finalised until the shop drawing stage. The behaviour of the local zones subjected 
to high compression stresses at the anchors is not strongly influenced by the geometry and loading of the 
overall structure. Consequently most standard anchors are supplied with standard confining 
reinforcement. When special anchorage devices are used, the anchorage device supplier should furnish 
information to show the device and associated confinement reinforcement meets the requirements of 16.3. 
The main consideration in the design for the local high compression stresses is to ensure and the 
adequacy of any confining reinforcement that is provided to increase the bearing capacity of the concrete. 

C19.3.13.3.3 Tensile strength of concrete 

No allowance should be made for the tensile strength of concrete in assessing the spalling and bursting 
stresses. The concrete in the anchorage zone may be already stressed in tension, or cracked, due to 
actions such as differential temperature, differential shrinkage or tensile stresses resulting from restraint 
against thermal contraction from the heat of hydration, or other causes generally not considered in detail 
in design. 

C1 9.3.1 3.4.1 and C1 9.3.1 3.4.2 Permitted methods and simplified and linear elastic methods 
Linear elastic methods, such as the finite element method, usually assume that the concrete has equal 
stiffness in all directions. However, before reinforcement can act to resist tension that is associated with 
bursting forces, the concrete must crack so that the reinforcement can be strained and hence sustain 
stress. With the formation of the cracks the stiffness normal to the direction of the crack decreases 
compared to the stiffness in the longitudinal direction. This leads to stress redistribution. A consequence 
of this is that the bursting force reduces and its centre of action is located further away from the anchorage 
than is predicted from the analysis. This should be recognised and reinforcement found in such cases 
should be extended further along the member than is indicated by an analysis in which this change of 
stiffness is not recognised 19 36, 19 37 . 
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A number of texts contain charts, which show the distribution of bursting stresses in rectangular members 
subjected to concentrated loads, such as occurs with prestressing anchors. These charts should only be 
used with rectangular members. Simplified methods may be used provided they allow in a rational 
manner for the section shape and any change in shape of the section over the anchorage zone. 

C1 9.3.1 3.4.3 Reinforcement required for tension forces in anchorage zones 

Bursting forces are illustrated in Figure C19.4 for the simple case of a single anchorage located at the end 
of a member. The end zone may be considered to act as a deep beam, which is loaded by a 
concentrated force at one end and supported by a linearly distributed stress at the other end. For the 
case of a rectangular section and a central point load the bending moment is equal to 0.125 P(h - a) 
where h is the depth of the member and a is the dimension of the bearing. For design purposes the 
internal lever-arm may be taken as h/2, giving a bursting force of 0.25 P(1 - alh). This approximation 
gives a conservative estimate of the bursting force as it ignores stress redistribution associated with the 
formation of the bursting crack. This illustrates the "deep beam analogy", as shown in Figure C19.4(a), 
which can be extended to cover the case where the section shape is not rectangular and where the shape 
changes in the anchorage zone, as is illustrated on the right hand side of Figure C1 9.4(a). The approach 
can also be applied where the prestressed anchorage force is eccentric to the member. However, in this 
case the magnitude of the internal lever-arm, £ a , in Figure C19.4(a), reduces from h/2 to (h-e)!2 where e is 
the distance of the centroid of the anchorage forces from the mid-section. Figure C1 9.4(b) illustrates the 
same problem, but this time using strut and tie models. 
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(a) Deep beam analogy and bursting forces 





Rectangular beam 



I beam with end block 



(b) Strut and tie analogy and bursting forces 

Figure C19.4 - Bursting forces in anchorage zone with single prestress anchor 

Where there is a group of prestressed anchors two different cases have to be considered. First of all 
there is an immediate local bursting force, B t , associated with each anchor, and secondly there is an 
overall bursting force, B 0) associated with all the group of anchorage forces. The situation is illustrated in 
Figure C19.5. As indicated a strut and tie analysis may be used to assess the forces, or alternatively the 
local forces may be assessed from an equivalent prism, as indicated in Figure C1 9.5(c), using either a 
strut and tie model or the deep beam analogy. The dimension of the prism, h e , is equal to the centre-to- 
centre distance between the anchors, or for the outside anchor the centre-to-centre distance or twice the 
distance to the free edge. To find the overall bursting force, B , the anchors, provided they are relatively 
close, are combined to one equivalent anchorage force, as illustrated in Figure C1 9.5(d). 
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(a) Rectangular beam 



(b) I beam with end block 
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(c) Equivalent prism for local bursting forces 
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(d) Equivalent prism in rectangular beam 
for overall bursting force 

Figure C19.5 - Bursting forces with multiple anchors 

Where the prestressing anchorage forces are highly eccentric, as illustrated in Figure C1 9.6(a), high 
tension forces may be generated in the concrete close to the surface of the end face of the member. 
These forces may be determined from the deep beam analogy, or from a strut and tie model as illustrated 
in Figure C19. 6(a). Tension forces, which develop close to the end face of a member, are known as 
spalling forces. In this case these arise from the requirements of equilibrium, and consequently it is 
important that they are recognised and adequate reinforcement is detailed to sustain them. 

Figure C1 9.6(b) shows another source of spalling tension force, which in this case arises from the cable 
being inclined to the axis of beam where it is anchored. The vertical component of the cable force, Ptan#, 
is resisted by the vertical component of the compression force below the anchor and a tension force, S v , 
above the anchor. This force can be conservatively estimated from the magnitudes of the longitudinal 
forces above and below the anchor. Generally reactions which support reactions acting near the end of 
the beam reduce this spalling tension force. 

Figure C1 9.6(c) shows a further cause of spalling tension. In this case the tension in the concrete arises 
from compatibility rather than a requirement for equilibrium. The high local compression stresses at the 
anchor cause the member in this location to distort to form a concave shape. On each side of this zone 
there are convex profiles, and associated with each of these are high local tensile strains. The resultant 
tensile stresses disappear when cracks form as this allows the deformation to occur freely. However, 
reinforcement is required to control these spalling cracks. For this reason 19.3.13.4.5 requires a minimum 
area of reinforcement to be placed on the back face of end anchorage zones. In assessing the total area 
of spalling tension reinforcement the area required to control compatibility induced spalling cracks does 
not need to be added to other sources of spalling tension force. 
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Figure C19.6 - Spalling forces in anchorage zones 

C1 9.3.1 3.4.4 Anchorage devices away from end of members 

Reinforcement is required to be placed close to an anchorage device, that is located away from the end of 
a member, to control the splitting crack that forms immediately behind the anchor, as illustrated in 
Figure C19.3. The area of reinforcement, which is specified in 19.3.13.4.4, to control this crack, is based 
on the assumption that this reinforcement, when stressed to 0.6f y , can resist V 4 of the maximum force in 
the cable at the anchor. The reinforcement should be extended so that it can be fully developed on both 
sides of the crack. 

C1 9.3.1 4 Curved tendons 

Where cables are curved in either a vertical profile or a horizontal profile, the bearing forces that are 
induced in the concrete need to be considered in the design. Figure C19.7 illustrates a case where 
splitting cracks are induced in a web of a beam due to the curvature of cables over a support. The stress 
distribution in the concrete is very similar to that which occurs in an anchorage zone, with bursting forces 
being induced in the concrete. The presence of an ungrouted duct on the compression side of the cable 
that is being stressed, increases the bursting forces and stresses and the likelihood of failure of the web. 
To prevent this type of failure, reinforcement should be placed as indicated on the right hand side of the 
figure. 
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Figure C19.7 - Splitting failure in web due to bearing associated with vertical curvature of cable 

If a cable is curved in plan, as in the case of a curved bridge or the wall of a circular tank, the lateral force 
the cable applies to the concrete is balanced by an equal and opposite lateral force in the concrete. 
However, as illustrated in Figure C19.8, the lateral force in the concrete is spread over the whole section, 
and as a result local bending moments and shear forces are induced in the web or wall. In addition the 
lateral force from the cable tries to punch out the concrete cover as shown on the left-hand side of the 
figure. The tensile resistance of the concrete to this punching force may be considerably reduced below 
the direct tensile strength of the concrete due to the presence of flexural cracks, which may be caused by 
the local bending moment and the shear forces acting on the web. To prevent possible failure of the web, 
reinforcement is required to resist both the local moments and the punching action of a cable or cables, 
and the combined effects of shear in the web with local moments also need to be considered. 
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Figure C19.8 - Local bending moments and shear force in web with horizontal curvature 
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C 19.3. 15 Corrosion protection for unbonded tendons 

C19.3.15.1 General 

Suitable material for corrosion protection of unbonded prestressing steel should have the properties 

identified in Section 5.1 of Reference 19.34 

C1 9.3.1 5.2 Watertightness 

Typically, sheathing is a continuous, seamless, high-density polyethylene material that is extruded directly 

onto the coated prestressing steel. 

C1 9.3.1 7 Post-tensioning anchorages and couplers 

C1 9.3.1 7.1 Strength of anchorages and couplers 

The required strength of the tendon-anchorage or tendon-coupler assemblies for both unbonded and 
bonded tendons, when tested in an unbonded state, is based on 95 % of the specified breaking strength 
of the prestressing steel in the test. The prestressing steel material should comply with the minimum 
provisions of the applicable specifications. The specified strength of anchorages and couplers exceeds 
the maximum design strength of the prestressing steel by a substantial margin, and, at the same time, 
recognises the stress riser effects associated with most available post-tensioning anchorages and 
couplers. Anchorage and coupler strength should be attained with a minimum amount of permanent 
deformation and successive set, recognising that some deformation and set will occur when testing to 
failure. Tendon assemblies should conform to the 2 % elongation requirements in Reference 19.38 and 
industry recommendations 1922 . Anchorages and couplers for bonded tendons that develop less than 
100 % of the specified breaking strength of the prestressing steel should be used only where the bond 
transfer length between the anchorage or coupler and critical sections equals or exceeds that required to 
develop the prestressing steel strength. This bond length may be calculated by the results of tests of 
bond characteristics of untensioned prestressing strand 19 39 , or by bond tests on other prestressing steel 
materials, as appropriate. 

C1 9.3.1 7.3 Fatigue of anchorages and couplers 

For discussion on fatigue loading, see Reference 19.40. 

For detailed recommendations on tests for static and cyclic loading conditions for tendons and anchorage 
fittings of unbonded sections, see Clause 4.1.3 of Reference 19.41, and Clause 14.2.2 of Reference 
19.38. 

For recommendations regarding protection see Clauses 4.2 and 4.3 of Reference 19.30, and Clauses 3.4, 
3.6, 5.6, and 8.3 of Reference 19.34. 

C1 9.3.1 8 Externa! post-tensioning 

External attachment of tendons is a versatile method of providing additional strength, or improving 
serviceability, or both, in existing structures. It is well suited to repair or upgrade existing structures and 
permits a wide variety of tendon arrangements. 

Additional information on external post-tensioning is given in Reference 19.42. 

C1 9.3.1 8.3 Attachment to member 

External tendons are often attached to the concrete member at various locations between anchorages 
(such as mid-span, quarter points, or third points) for desired load balancing effects, for tendon alignment, 
or to address tendon vibration concerns. Consideration should be given to the effects caused by the 
tendon profile shifting in relationship to the concrete centroid as the member deforms under effects of 
post-tensioning and applied load. 

C1 9.3.1 8.4 Protection against corrosion 

Permanent corrosion protection can be achieved by a variety of methods. The corrosion protection 
provided should be suitable to the environment in which the tendons are located. Some conditions will 
require that the prestressing steel be protected by concrete cover or by cement grout in polyethylene or 
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metal tubing, other conditions will permit the protection provided by coatings such as paint or grease. 
Corrosion protection methods should meet the fire protection requirements, unless the installation of 
external post-tensioning is to only improve serviceability. 

C19.4 Additional design requirements for earthquake actions 

The design requirements for prestressed and partially prestressed members are similar in principle to 
those for non-prestressed members and many provisions in relevant sections apply to prestressed as well 
as to reinforced members. The provisions are based mainly on the recommendations of the Seismic 
Committee of NZPCI 1943 and more recent research on hybrid jointed frames 191 . 

C1 9.4.2 Materials 

C1 9.4.2.1 Prestressing steel 

It is of particular importance that the prestressing steel complies with the specified requirements for 
percentage elongation at rupture to ensure adequate ductility. Where possible, ultimate flexural strength 
calculations should be based on the actual prestressing steel stress-strain relationships. The strain in 
reinforcement, calculated from the required curvature and using the effective plastic hinge length, is over- 
estimated, as yield penetration into joint zones and spreading of yield along a beam due to diagonal 
cracking is ignored, see C2.6.1.3.3. Consequently, prestressed reinforcement satisfying this criterion 
should have sufficient strain capacity to sustain strains in the maximum creditable earthquake without 
rupture. 

C1 9.4.2.2 Concrete 

The slope of the falling branch of the concrete stress strain curve increases, and the ultimate compressive 
strain reduces, with increasing concrete strength. Consequently, unless special transverse reinforcement 
is provided to increase the ultimate compressive strain, very high strength concrete should not be used in 
plastic hinge regions. 

C1 9.4.2.3 Grouting of tendons 

When unbonded post-tensioned tendons are used it must be ensured that the anchorages are capable of 
withstanding the fluctuation of tendon force that occurs in an earthquake. Unbonded tendons should be 
used with non-prestressed steel reinforcement in accordance with 19.4.5.2, or other means of energy 
dissipation. Partially debonded tendons passing through a beam column joint may be used if designed in 
accordance with Reference 19.44. 

A2 C19.4.3 Beams and floor slabs 

C1 9.4.3.2 Redistribution of moments 

Design for ductile or limited ductile behaviour implies substantial capacity for moment redistribution. 
Therefore provided the appropriate criteria given in 19.4.3.3 (b) or (c) are satisfied moments resulting from 
elastic analysis may be redistributed in accordance with 19.3.9.3, 19.3.9.4 and 19.3.9.5 to gain a more 
advantageous seismic resistance, and thus a more efficient design. 

C1 9.4.3.3 Nominally ductile, limited ductile and ductile plastic regions 

There is limited experimental work available to assess curvature limits that can be sustained under cyclic 

loading of prestressed members. The requirements in this clause have been based on judgement. 

With nominally ductile T- or L- beams high curvature ductility can generally be sustained when the flange 
is in compression. However, when the stem sustains the flexural compression force the curvature is likely 
to be limited. 

With limited ductile plastic regions some longitudinal reinforcement is required in the compression zone, 
except where there are large flanges, as the strength of the concrete degrades with cyclic loading. The 
corresponding area of compression reinforcement specified for reinforced concrete beams is not practical 
for most prestressed beams, consequently to prevent a premature failure with the lower level of 
compression reinforcement the confinement requirements have been increased. 
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Where ductile plastic regions are to be used an analysis using stress strain relationships, which allow 
inelastic deformation of concrete and cyclic loading, are required to demonstrate that the region has 
sufficient inelastic deformation capacity to sustain on average 1.5 times the curvature required at the 
ultimate limit state. The 1.5 factor gives the region the capacity to sustain the curvature demand 
associated with the maximum creditable earthquake without collapse. 

References 19,45, 19,46, 19.47 and 19.48 give information on the ductility of prestressed and partially 
prestressed concrete members, 

C1 9.4.3.4 Contribution of reinforcement in flanges to strength of beams 

The effect of slab reinforcement in contributing to both the design ultimate flexural strength and the beam 
overstrength, and must be considered when calculating the moments introduced to columns when plastic 
hinges form in beams. Where a significant portion of the flexural tensile strength of a beam arises from 
reinforcement in the flanges a strut and tie analysis is required of the joint zone (see clause 15.2.2). 

C1 9.4.3.5 Transverse reinforcement 

Closed stirrups are required to be present in potential plastic hinge regions to provide confinement to the 
concrete, to prevent buckling of non-prestressed compression reinforcement and to provide shear 
strength. The shear strength provided by the concrete in potential plastic hinge regions shall be taken to 
be zero due to the degradation caused by cyclic loading. 

C1 9.4.3.6 Floors with precast pretensioned units _ 

Under severe seismic actions, relative rotation between supporting structure and precast floor units can 
cause wide cracks to open up between the supporting structure and the end of the precast units. 
Reinforcement, which is generally in topping concrete, at this location can be stressed close to its ultimate 
stress, inducing either negative moment, or negative moment and axial tension into the unit. Analyses 
indicate that the shear stresses induced in the units in the negative moment region are of similar 
magnitude regardless of whether the support sustains its maximum moment or a lesser moment and axial 
tension. In design for this situation shear forces should be based on the assumption that the maximum 
overstrength negative moment acts at one end of the unit and zero moment acts at the other end. In the 
analysis actions associated with vertical ground, motion should not be overlooked. 

It is important that capacity design is applied to ensure that the actions transmitted to the floor by the 
negative moments and axial tension acting at the ends of the unit, together with gravity loads and vertical 
seismic actions, cannot result in shear or flexural failure of the floor. 

Care in detailing is also required to ensure that the precast units are not cast into the supporting structure 
in such a way that positive moments can be induced into a precast unit, causing flexural cracks to develop 
close to end of the precast unit where the pretension strands are not adequately developed. A flexural 
crack in this location can open up due to elongation associated with plastic deformation in beams. This 
may lead to a premature flexural shear failure of the unit. 

In some situations, sway of a structure can result in the supporting structure for precast floor units being 
subjected to twist. Where this occurs, consideration should be given to using precast units which can 
sustain the required level of twist without the danger of inducing a brittle torsional failure. A typical 
situation where this could occur is where a hollow-core unit is supported by an active link in an 
eccentrically braced frame, or on a diagonally reinforced coupling beam. 

C1 9.4.4 Design of columns and piles 

C19.4.4.1 Confinement and anti-buckling reinforcement 

General requirements for prestressed concrete columns and ductile regions of piles are similar to those for 

reinforced concrete columns. 

C19.4.4.2 Minimum reinforcement content 

The minimum reinforcement content ensures that the ultimate flexural strength of the column is greater 

than the flexural cracking moment. This ensures that the column will not fail in a brittle mode at one 
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section with the formation of a single crack. The criterion is based on the most critical case of a column 
with minimal axial load and assuming the flexural tensile strength is approximately 50 % greater than the 
average value for deflection calculations. This corresponds approximately to an upper characteristic 
modulus of rupture strength. 

C1 9.4.4.3 Spacing of longitudinal reinforcement 

The longitudinal reinforcement should be distributed reasonably uniformly around the perimeter of the 

section in order to assist the confinement of concrete in potential plastic hinge regions. 

C1 9.4.4.4 Transverse reinforcement in potential plastic regions 

Transverse reinforcement is necessary in potential plastic hinge regions to provide confinement to the 
concrete, to prevent buckling of non-prestressed compressive reinforcement and to provide shear 
strength. The shear strength provided by the concrete shall be taken to be zero. 

C19.4.5 Prestressed moment resisting frames 

C19.4.5.1 Beam tendons at beam column joints 

Such an arrangement of tendons results in more ductile plastic hinge behaviour of beams under inelastic 
cyclic actions than where the tendons are all concentrated at mid-depth in the beam. However, in addition 
to top and bottom tendons, it is very desirable to have at least one tendon located within the middle third 
of beam depth to resist some of the joint core shear force. 

C1 9.4.5.2 Partially prestressed beams 

A possible design technique to satisfy this clause would involve prestressing reinforcement designed to 
balance a portion of the serviceability limit state gravity loads, with the additional required seismic moment 
capacity and ductility provided by top and bottom layers of non-prestressed reinforcement. Under these 
circumstances the beam prestressing tendon or tendons at the column faces could be located in the 
central third of the beam depth to avoid loss of effective prestress force under reversed inelastic cycling, 
and to improve the shear resistance of the joint core. 

C19.4.5.3 Ducts for grouted tendons 

Corrqgated ducts provide the best bond transfer between tendon and concrete and are thus preferred in 

regions of high bond stress, such as beam column joint cores. 

C19.4.5.4 Jointing material 

Limited testing has indicated that precast joints at the faces of columns can function effectively with no 
other connection through the jointing material than the grouted tendons 19 49 . Some form of mechanical 
interlock is required to hold the jointing material in place. Where possible, the plastic hinge regions should 
be forced to form away from the jointing faces, by the use of suitable reinforcing details, haunches, or 
other means. 

C1 9.4.6 Design of hybrid jointed frames 

The so called hybrid systems combine unbonded tendons with non-prestressed longitudinal mild steel 
reinforcement or additional devices to provide energy dissipation. The systems have the advantages of 
being self centring (i.e. almost zero residential deflection) after an earthquake, and should exhibit 
negligible damage after an earthquake. Hybrid systems have been extensively investigated and 
developed 19 50 19 51, 19 52 under the US PRESSS (PREcast Seismic Structural Systems) programme. The 
systems recognise the advantages of precast concrete construction over cast-in-place methods. The 
design of hybrid jointed frames is described in Appendix B of Part 1 . 
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APPENDIX CA - STRUT-AND-TIE MODELS 



CA1 Notation 

The following symbols, which appear in this Appendix, are additional to those used in Appendix A of Part 

1. 

C, C<\, C 2 , C 3 compression forces acting on a nodal zone, N 

/si the stress in the /th layer of surface reinforcement, MPa 

4 length in which anchorage of a tie should occur, mm 

4 width of bearing, mm 

R, Ri, R 2 reactions, N 

T tension force acting on a nodal zone, N 

w { effective width of concrete concentric with a tie, used to dimension nodal zone, mm 

w t ,max maximum effective width of concrete concentric with a tie, mm 

/?i factor defined in 7.4.2.7(d) 

w n i, w n2 , w nZ lengths of sides of nodal zones, mm 



CA2 Definitions 

B-REGION. In general, any portion of a member outside of a D-region is a B-region. 

DISCONTINUITY. A discontinuity in the stress distribution occurs at a change in the geometry of a 
structural element or at a concentrated load or reaction. St. Venant's principle indicates that the strains 
due to axial load and bending approach a linear distribution at a distance approximately equal to the 
overall height of the member, /?, away from the discontinuity. For this reason, discontinuities are assumed 
to extend a distance /? from the section where the load or change in geometry occurs. Figure CA.1(a) 
shows typical geometric discontinuities, and Figure CA.1(b) shows combined geometrical and loading 
discontinuities. 
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(a) Geometric discontinuities 
Figure CA.1 - D-regions and discontinuities (Continued on next page) 
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(b) Loading and geometric discontinuities 
Figure CA.1 - D-regions and discontinuities (Continued) 

D-REGION. The shaded regions of Figure CA.1 (a) and (b) show typical D-Regions A1 
sections assumption of 7.4.2.2 is not applicable in such regions. 



The plane 



Each shear span of the beam in Figure CA.2(a) is a D-region. If two D-regions overlap or meet as shown 
in (b), they can be considered as a single D-region for design purposes. The maximum length-to-depth 
ratio of such a D-region would be approximately two. Thus, the smallest angle between the strut and tie in 
a D-region is arctan 2 = 26.5°, rounded to 25°. 

If there is a B-region between the D-regions in a shear span, loaded as shown in Figure CA.2(c), the 
strength of the shear span is governed by the strength of the B-region if the B- and D- regions have similar 
geometry and reinforcement A2 . This is because the shear strength of a B-region is less than the shear 
strength of a comparable D-region. Shear spans containing B-regions, the usual case in beam design, 
are designed for shear using the traditional shear design procedures from 7.5, ignoring D-regions. 
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(a) Shear span, a < 2^ deep beam 



(b) Shear span, a = 2h> limit for a deep beam 
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c) Shear span, a > 2h, slender beam 



Figure CA.2 - Description of deep and sEender beams 
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Figure CA.3 - Description of strut-and-tie model 

DEEP BEAM. See Figure CA.2(a), Figure CA.2(b), and Figure CA.3 and 9.3.1 .6 and 9.3.10. 

NODE. For equilibrium, at least three forces should act on a node in a strut-and-tie model, as shown in 
Figure CA.4. Nodes are classified according to the signs of these forces. A C-C-C node resists three 
compressive forces, a C-C-T node resists two compressive forces and one tensile force, and so on. 

NODAL ZONE, Historically, hydrostatic nodal zones as shown in Figure CA.5 were used. These were 
largely superseded by what are called extended nodal zones, shown in Figure CA.6. 
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(a) C-C-C Node 



(b) C-C-T Node (c) C-T-T Node 

Figure CA.4 - Classification of nodes 
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(a) Geometry 
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(b) Tension force anchored by a plate 
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(c) Tension force anchored by bond 

Figure CA.5 - Hydrostatic nodes 

HYDROSTATIC NODAL ZONE. A hydrostatic nodal zone has loaded faces perpendicular to the axes of 
the struts and ties acting on the node and has equal stresses on the loaded faces. Figure CA.6(a) shows 
a C-C-C nodal zone. If the stresses on the face of the nodal zone are the same in all three struts, the 
ratios of the lengths of the sides of the nodal zone, w n1 : w n2 - w n3 are in the same proportions as the three 
forces d: C 2 : C 3 . 

These nodal zones are called hydrostatic nodal zones because the in-plane stresses are the same in all 
directions. 

Strictly speaking, this terminology is incorrect because the in-plane stresses are not equal to the out-of- 
plane stresses. 
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(a) One layer of steel 



Extended 
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Critical section for development 
of tie reinforcement 



(b) Distributed steel 

Figure CA.6 - Extended nodal zone showing the effect of the distribution of the force 

A C-C-T nodal zone can be represented as a hydrostatic nodal zone if the tie is assumed to extend 
through the node to be anchored by a plate on the far side of the node, as shown in Figure CA.5(b), 
provided that the size of the plate results in bearing stresses that are equal to the stresses in the struts. 
The bearing plate on the left side of Figure CA.5(b) is used to represent an actual tie anchorage. The tie 
force can be anchored by a plate, or through development of straight or hooked bars, as shown in 
Figure CA.5(c). 

In the nodal zone shown in Figure CA.7, the reaction R equilibrates the vertical components of the forces 
Ci and C 2 . Frequently, calculations are easier if the reaction R is divided into R^, which equilibrates the 
vertical component of C^ and R 2 , which equilibrates the vertical component of the force C 2 , as shown in 
Figure CA.7. 
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(b) Subdivided nodal zone 
Figure CA.7 - Subdivision of nodal zone 

STRUT. In design, struts are usually idealised as prismatic compression members, as shown by the 
straight line outlines of the struts in Figure CA.3. If the effective compression strength f cu differs at the two 
ends of a strut, due either to different nodal zone strengths at the two ends, or to different bearing lengths, 
the strut is idealised as a uniformly tapered compression member. 

BOTTLE-SHAPED STRUTS. A bottle-shaped strut is a strut located in a part of a member 
where the width of the compressed concrete at mid-length of the strut can spread laterally A ,1, A 3 . 

The curved dashed outlines of the struts in Figure CA.3 and the curved solid outlines in 
Figure CA.8 approximate the boundaries of bottle-shaped struts. A split cylinder test is an 
example of a bottle-shaped strut. The internal lateral spread of the applied compression force in 
such a test leads to a transverse tension that splits the specimen. 

To simplify design, bottle-shaped struts are idealised either as prismatic or as uniformly tapered, 
and crack control reinforcement from A5.3 is provided to resist the transverse tension. The 
amount of confining transverse reinforcement can be computed using the strut-and-tie model 
shown in Figure CA.8(b) with the struts that represent the spread of the compression force 
acting at a slope of 1:2.5 to the axis of the applied compressive force. Alternatively for f c ' not 
exceeding 40 MPa, Equation A-4 can be used. The cross-sectional area A c of a bottle-shaped 
strut, is taken as the smaller of the cross-sectional areas at the two ends of the strut. (See 
Figure CA.8(a)). 
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(a) Cracking of a bottle shaped strut 



(b) Strut-and-tie model of a 
bottle shaped strut 



Figure CA.8 - Bottle-shaped strut 

STRUT-AND-TIE MODEL. The components of a strut-and-tie model of a single-span deep beam loaded 
with a concentrated load are identified in Figure CA.3. The cross-sectional dimensions of a strut or tie are 
designated as thickness and width, both perpendicular to the axis of the strut or tie. Thickness is 
perpendicular to the plane of the truss model, and width is in the plane of the truss model. 

TIE. A tie consists of reinforcement or prestressing steel plus a portion of the surrounding concrete that is 
concentric with the axis of the tie. The surrounding concrete is included to define the zone in which the 
forces in the struts and ties are to be anchored. The concrete in a tie is not used to resist the axial force in 
the tie. Although not considered in design, the surrounding concrete will reduce the elongation of the tie, 
especially at service loads. 



CAS Scope and limitations 

References A.1, A.4 and A.5 provide methodologies for establishing internal forces. 

CA4 Strut-and-tie model design procedure 

CA4.1 Truss models 

The truss model described in A4.1 is referred to as a strut-and-tie model. Details of the use of strut-and- 
tie models are given in References A.1, A.2, A.3, A. 6, A. 7, A.8 and A.9. The design of a D-region 
includes the following four steps: 

(a) Define and isolate each D-region; 

(b) Compute resultant forces on each D-region boundary; 

(c) Select a truss model to transfer the resultant forces across the D-region. The axes of the struts and 
ties, respectively, are chosen to approximately coincide with the axes of the compression and tension 
fields. The forces in the struts and ties are computed; 

(d) The effective widths of the struts and nodal zones are determined considering the forces from Step (c) 
and the effective concrete strengths defined in A5.2 and reinforcement is provided for the ties 
considering the steel strengths defined in A6.1. The reinforcement should be anchored in the nodal 
zones. 

Strut-and-tie models represent strength (ultimate) limit states and designers should also comply with the 
requirements for serviceability in the Standard. Deflections of deep beams or similar members can be 
estimated using an elastic analysis to analyse the strut-and-tie model. In addition, the crack widths in a tie 
can be checked using 2.4.4.6 assuming the tie is encased in a prism of concrete corresponding to the 
area of tie from CA6.2. 
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A number of different strut and tie models can be used in any situation. The optimum one is that which 
requires the least strain energy, which generally corresponds to the arrangement with the shortest length 
of ties. This is a useful guide to selecting an appropriate strut and tie solution. 

Strut and tie arrangements based on elastic analyses of elastic models are not always appropriate as 
such models fail to recognise the redistribution that occurs due to stiffness changes associated with 
cracking, which must occur before reinforcement can act in tension. 
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(b) Struts A-E and OE may 
be replaced by A-C 






(c) Four forces acting 
on node D 



(d) Forces on right side of node 
shown in (c) resolved 



Figure CA.9 - Resolution of forces on a nodal zone 

CA4.3 Geometry of truss 

The struts, ties, and nodal zones making up the strut-and-tie model all have finite widths that should be 
taken into account in selecting the dimensions of the truss. Figure CA.6 shows a node and the 
corresponding nodal zone. The vertical and horizontal forces equilibrate the force in the inclined strut. If 
the stresses are equal in all three struts, a hydrostatic nodal zone can be used and the widths of the struts 
will be in proportion to the forces in the struts. 

If more than three forces act on a nodal zone in a two-dimensional structure, as shown in Figure CA.9(b), 
it is generally necessary to resolve some of the forces to end up with three intersecting forces. The strut 
forces acting on faces A-E and C-E in Figure CA.9(b) can be replaced with one force acting on face A-C. 
This force passes through the node at D. 

Alternatively, the strut-and-tie model could be analysed assuming all the strut forces acted through the 
node at D, as shown in Figure CA.9(c). In this case, the forces in the two struts on the right side of node 
D can be resolved into a single force acting through point D, as shown in Figure CA.9(d). 

If the width of the support in the direction perpendicular to the member is less than the width of the 
member, transverse reinforcement may be required to restrain vertical splitting in the plane of the node. 
This can be modelled using a transverse strut-and-tie model. (Figure CA.13) 

CA4.5 Minimum angle between strut and tie 

The angle between the axes of struts and ties acting on a node should be large enough to mitigate 
cracking and to avoid incompatibilities due to shortening of the struts and lengthening of the ties occurring 
in almost the same directions. This limitation on the angle prevents modelling the shear spans in slender 
beams using struts inclined at less than 25° from the longitudinal steel. See Reference A.8. 

Using a 25° strut angle, where there is only one strut, can lead to excessive diagonal cracking in the 

serviceability limit state. To prevent this the strut angle should be limited to 35°. 
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It should be noted that a strut angle of 25° can result in significant stress redistribution from the initial 
elastic condition. For example using a single strut to resist the flexure and shear in the shear span of the 
beam shown in Figure CA.10 on the right hand side can lead to excessive crack widths in the outside 
diagonal cracks in the serviceability limit state. To avoid this problem, which arises when there is a single 
diagonal strut that acts, it is recommended that a strut angle of 35° or more should be used. This limit 
should not apply where a series of diagonal struts are assumed to act, as illustrated in Figure CA.10 on 
the left hand side. (See reference A. 10.) 




Wide diagor 
crack forms 

Figure CA.10 - Single and multiple struts 

CA4.6 Design basis 

Factored (ultimate) loads are applied to the strut and tie model, and the forces in all the struts, ties, and 
nodal zones are computed. If several loading cases exist, each should be investigated. The strut-and-tie 
model, or models, are analysed for the loading cases and, for a given strut, tie, or nodal zone, F* is the 
largest force in that element for all loading cases. 



CAS Strength of struts 

CA5.1 Strength of strut in compression 

The width of strut w s used to compute A c is the smaller dimension perpendicular to the axis of the strut at 
the ends of the strut. This strut width is illustrated in Figure CA.5(a) and Figure CA.6(a) and (b). In two- 
dimensional structures, such as deep beams, the thickness of the struts may be taken as the width of the 
member. 

CA5.2 Effective compressive strength of concrete 

The strength coefficient, on f' c , in Equation A-3, represents the effective concrete strength under sustained 
compression, similar to that used in Equation 10-10. 

(a) The value of /? s in A5.2(a) applies to a strut equivalent to the rectangular stress block in a 
compression zone in a beam or column. 

(b) The value of /? s in A5.2(b) applies to bottle-shaped struts as shown in Figure CA.3. The internal 
lateral spread of the compression forces can lead to splitting parallel to the axis of the strut near the 
ends of the strut, as shown in Figure CA.8. Reinforcement placed to resist the splitting force restrains 
crack width, allows the strut to resist more axial load, and permits some redistribution of force. 

The value of /? s in A5.2(b) includes the correction factor, y, for lightweight concrete because the 

strength of a strut without transverse reinforcement is assumed to be limited to less than the load at 

which longitudinal cracking develops. 

(iii) The value of /3 S in A5.2(b)(iii) applies, for example, to compression struts in a strut-and-tie model 
used to design the longitudinal and transverse reinforcement of the tension flanges of beams 
and box girders, box girders, and walls. The low value j3 s reflects that these struts need to 
transfer compression across cracks in a tension zone. 

(iv) The value of /? s in A5.2(b)(iv) applies to strut applications not included in A5.2(a),(b)(i) and (b)(iii). 
Examples are struts in a beam web compression field in the web of a beam where parallel 
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diagonal cracks are likely to divide the web into inclined struts, and struts are likely to be crossed 
by cracks at an angle to the struts (see Figure CA.11(a) and (b)). Clause A5.2(b)(iv) gives a 
reasonable lower limit on /4 except for struts described in A5.2 (b)(i) and (iii). 




(a) Struts In a team m& %&ft I das pgrM to struts 




(to) Sirufe orosed b$ stew amks 
Figure CA.11 - Type of struts 

CA5.3 Reinforcement for transverse tension 

The reinforcement required by A5.3 is related to the tension force in the concrete due to the spreading of 
the strut, as shown in the strut-and-tie model in Figure CA.8(b). Clause A5.3 allows designers to use local 
strut-and-tie models to compute the amount of transverse reinforcement needed in a given strut. The 
compressive forces in the strut may be assumed to spread at a 2.5:1 slope, as shown in Figure CA.8(b). 
For concrete strengths not exceeding 40 MPa the amount of steel required by Equation A~4 is deemed to 
satisfy A5.3. 

Figure CA.12 shows two layers of reinforcement crossing a cracked strut. If the crack opens without 
shear slip along the crack, the vertical bars in the figure will cause a stress of perpendicular to the strut, 
where the subscript 1 refers to the vertical bars in Figure CA.12. Equation A~4 is written in terms of a 
reinforcement ratio rather than a stress to simplify the calculation. The summation adds the ratio resulting 
from the perpendicular bars, denoted by the subscript 2 in Figure CA.12. 

Often, the confinement reinforcement given in A5.3 is difficult to place in three-dimensional structures 
such as pile caps. If this reinforcement is not provided, the value of f cu given in Equation A-8 is used. 
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Figure CA.12 - Reinforcement crossing a strut 

CA5.3.2 Placement of reinforcement 

In a corbel with a shear span-to-depth ratio less than 1.0, the confinement reinforcement required to 
satisfy A5.3 is usually provided in the form of horizontal stirrups crossing the inclined compression strut, 
as shown in Figure C16.3. 

CA5.4 Increased strength of strut due to confining reinforcement 

The design of tendon anchorage zones for prestressed concrete sometimes uses confinement to enhance 
the compressive strength of the struts in the local zone. Confinement of struts is discussed in References 
A.6andA.11. 

CA5.5 Increased strength of strut due to compression reinforcement 

The strength added by the reinforcement is given by the last term in Equation A-5. The stress f s ' is the 
reinforcement in a strut at nominal strength can be obtained from the strains in the strut when the strut 
crushes. For Grade 300 or 500 reinforcement, f' s can be taken as f v . 



CA6 Strength of ties 

CA6.2 Axis and width of tie 

The effective tie width assumed in design w t can vary between the following limits, depending on the 
distribution of the tie reinforcement. 

(a) If the bars in the tie are in one layer, the effective tie width can be taken as the diameter of the bars in 
the tie plus twice the cover to the surface of the bars, as shown in Figure CA.6(a); and 

(b) A practical upper limit of the tie width (upper limit of amount of reinforcement that may be anchored at 
the node) can be taken as the width corresponding to the width in a hydrostatic nodal zone, 
calculated as: 



Wt, n 



FJfcu - - (Eq.CA-1) 



where f cu is the applicable effective compression strength of the nodal zone given in A7.2. If the tie 
width exceeds the value from (a) above, the tie reinforcement should be distributed approximately 
uniformly over the width and thickness of the tie, as shown in Figure CA.6(b). 
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CA6.3 Anchoring of tie reinforcement 

Anchorage of ties often requires special attention in nodal zones of corbels or in nodal zones adjacent to 
exterior supports of deep beams. The reinforcement in a tie should be anchored before it leaves the 
extended nodal zone at the point defined by the intersection of the centroid of the bars in the tie and the 
extensions of the outlines of either the strut or the bearing area. In Figure CA.6(a) and (b), this occurs 
where the outline of the extended nodal zone is crossed by the centroid of the reinforcement in the tie. 
Some of the anchorage may be achieved by extending the reinforcement through the nodal zone as 
shown in Figure CA.5(c), and developing it beyond the nodal zone. If the tie is anchored using 90° hooks, 
the hooks should be confined within the reinforcement extending into the beam from the supporting 
member to avoid cracking along the outside of the hooks in the support region. 

In deep beams, hairpin bars spliced with the tie reinforcement can be used to anchor the tension tie forces 
at exterior supports, provided the beam width is large enough to accommodate such bars. 



Figure CA.13 shows two ties anchored at a nodal zone, 
the tie crosses the outline of the extended nodal zone. 



Development is required where the centroid of 



The development length of the tie reinforcement can be reduced through hooks, mechanical devices, 
additional confinement, or by splicing it with several layers of smaller bars. 




Axt$of$fntf 



Figure CA.13 - Extended nodal zone anchoring two ties 



CA7 Strength of nodal zones 

CA7.1 Nominal compression strength 

If the stresses in all the struts meeting at a node are equal, a hydrostatic nodal zone can be used. The 
faces of such a nodal zone are perpendicular to the axes of the struts, and the widths of the faces of the 
nodal zone are proportional to the forces in the struts. 

Assuming the principal stresses in the struts and ties act parallel to the axes of the struts and ties, the 
stresses on faces perpendicular to these axes are principal stresses, and A7.1(a) is used. If, as shown in 
Figure CA.6(b), the face of a nodal zone is not perpendicular to the axis of the strut, there will be both 
shear stresses and normal stresses on the face of the nodal zone. Typically, these stresses are replaced 
by the normal (principal compression) stress acting on the cross-sectional area A c of the strut, taken 
perpendicular to the axis of the strut as given in A7.1 (a). 

In some cases, A7.1(b) requires that the stresses be checked on a section through a subdivided nodal 
zone. The stresses are checked on the least area section which is perpendicular to a resultant force in 
the nodal zone. In Figure CA.7(b), the vertical face which divides the nodal zone into two parts is stressed 
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by the resultant force along A-B. The design of the nodal zone is governed by the critical section from 
A7.1(a) or A7. 1(b), whichever gives the highest stress. 

CA7.2 Compressive stress on face of nodal zone 

The nodes in two-dimensional members, such as deep beams, can be classified as C-C-C if all the 
members intersecting at the node are in compression; as C-C-T nodes if one of the members acting on 
the node is in tension; and so on, as shown in Figure CA.4. The effective compressive strength of the 
nodal zone is given by Equation A-8, as modified by A7.2(a) - (c) apply to C-C-C nodes, C-C-T nodes, 
and C-T-T or T-T-T nodes, respectively. 

The fa values reflect the increasing degree of disruption of the nodal zones due to the incompatibility of 
tension strains in the ties and compression strains in the struts. The stress on any face of the nodal zone 
or on any section through the nodal zone should not exceed the value given by equation, as modified by 
A7.2(a)-(c). 

CA7.3 Nodal zones for three-dimensional strut-and-tie models 

This description of the shape and orientation of the faces of the nodal zones is introduced to simplify the 
calculations of the geometry of a three-dimensional strut-and-tie model. 

CA8.3 Openings in walls modelled by strut and tie 

Reference A. 12 provides a capacity design approach for determining the compression force. 
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APPENDIX CB - SPECIAL PROVISIONS FOR THE SEISMIC DESIGN OF DUCTILE 
JOINTED PRECAST CONCRETE STRUCTURAL SYSTEMS 



CB2 Definitions 

Precast concrete structural systems are classified according to the type of connection between the precast 
concrete elements. The two broad categories of precast concrete structural systems identified are 
"jointed" and "equivalent monolithic". Definitions are given for jointed systems, hybrid systems and 
equivalent monolithic systems. It is to be noted that hybrid systems are a special type of jointed system in 
which in addition to unbonded post-tensioned tendons, non-prestressed reinforcing steel or other means 
of energy dissipation are provided. 

The term hybrid is used to signify a response behaviour intermediate between the non-linear elastic and 
near elasto-plastic, which maintains the self-centering properties of the former and a variable part of the 
energy dissipating properties of the latter. The typical hysteresis rule of a hybrid structural system during 
lateral loading is referred to as "flag-shape", being given by the sum of the self-centering and the energy 
dissipation contributions (see Figure CB.1). 

In the equivalent monolithic approach the connections between precast concrete elements are designed 
to have equivalent strength and toughness to their cast-in-place counterpart. That is, cast-in-place 
construction is emulated. Typical arrangements for ductile precast reinforced concrete equivalent 
monolithic beam column sub assemblies are shown in Figure CB.2. 



Self-centering 



F4 



Energy dissipation 



Hybrid system 



FA 






Unbonded post-tensioned 
(PT) tendons 



Mild steel or 
energy dissipation devices 



Ifatarw pmit 



Figure CB.1 - Idealised flag-shape hysteretic rule for a hybrid system 
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Figure CB.2 - Typical equivalent monolithic arrangements of precast reinforced concrete units and 

cast-in-place concrete B ' 1, B 2 
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CBS Scope and Simitations 

This Appendix provides design provisions and commentary for the seismic design of ductile jointed 
precast concrete systems ( moment resisting frames, structural walls or dual systems) consisting of 
precast concrete elements assembled by post-tensioning techniques with or without energy dissipation 
being provided by non-prestressed reinforcing steel or other energy dissipating devices. 

Research into and development of precast and prestressed concrete structures for seismic areas has 
resulted in the experimental validation and practical applications of different innovative examples of jointed 
connections for both moment resisting frames and structural walls (see for example References, B.1, B.3, 
B.4, B.5, B.6, B.7, B.8, B.9, B.10, B.11 and B.12. A comprehensive state-of-the art report for both jointed 
and equivalent monolithic structural systems has been published by the fib, International Federation for 
Structural Concrete 81 . 

The commentary on this Appendix provides further explanation of the fundamental issues as well as 
references to other publications containing analytical or experimental evidence supporting the 
performance of well designed jointed systems in seismic regions. 

Alternative jointed solutions with equivalent behaviour can also be developed and adopted, provided that 
evidence of satisfactory performance is supplied through both analytical and experimental investigations. 
In such cases, the ACI document on acceptance criteria based on structural testing B 13 can be used. 



CB4 General design approach 

The design may be either force-based or displacement-based (see Reference B.1). Appropriate 
modifications to the structural parameters assumed in design should be made given the special features 
of jointed structural systems. Design evidence is given in Reference B.1, B.14 and B.15 and other 
publications. 

A particularly efficient type of jointed ductile system is the hybrid system B ' 1, B5 , where unbonded post- 
tensioning tendons with self-centering properties are adequately combined with longitudinal non- 
prestressed steel reinforcement or devices that can provide appreciable energy dissipation. 

CB4.2 Drift limits 

Drift limits are typically set recognising a correspondence between observed damage (both structural and 
non-structural) and displacement demand or, ultimately, strain levels in the materials. The particular gap 
opening mechanism (shown in Figure CB.3) which is typical of jointed ductile systems can guarantee 
negligible damage to the structural system components when compared to monolithic solutions. An 
exception to this is the yielding of the energy absorbing sacrificial fuses such as non-prestressed 
reinforcement or special dissipation devices which are able to be made replaceable. In addition, the 
design of non-structural elements linked to the structural elements (i.e. windows, claddings) can take 
advantage of a modular system where the inelastic demand is accommodated and controlled within 
defined locations. In general, reduced global (structural and non-structural) damage can be expected to 
occur, when compared with equivalent monolithic, for example cast-in-situ, solutions. No difference to the 
damage of contents not directly connected to the structural skeleton can be anticipated. 

In considering the above, pending further analytical and experimental evidence, allowances for higher 
level of drift limits corresponding to a damage control limit state are given. 

CB4.3 Self-centering and energy dissipation capabilities of hybrid structures 

As shown in Figure CB.1, the hysteresis loop of a jointed hybrid system can ideally be modelled as a 
combination of a non-linear elastic hysteresis loop to represent the moment contribution of the unbonded 
tendons, M pt (self-centering characteristic), and of an appropriate dissipating rule M s (for example elasto- 
plastic, friction, viscous-elastic or other) to represent the moment contribution of longitudinal non- 
prestressed steel or of alternative energy dissipation devices (for example in the form of vertical 
connectors between adjacent rocking wall panels). Hence: 
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M(0) = M p i (0) + M s {6) (Eq. CB-1) 

where (6) implies the rotation at the particular gap opening. 

The moment contribution of unbonded tendons and non-prestressed steel reinforcement or devices are 
calculated at each level of rotation about the centroid of the concrete compression forces in the section. A 
method for combining the hysteresis loops of prestressed concrete and non-prestressed concrete was first 
proposed by Thompson and Park 8 16 . Further details on modelling issues can be found in References B.1, 
B.17andB.18. 

Typical hybrid solutions adopted by the PRESSS programme in the USA B3, B4, B6? B7 are shown in 
Figure CB.3(a) and (b) for beam column sub-assemblies and walls, respectively. 

When dealing with wall systems, the axial load action provides an additional self-centering contribution 
which should be either included in, or separately added to, the non-linear elastic behaviour associated 
with the contribution of the unbonded tendons. 

As illustrated in Figure CB.4(a), different combinations of post-tensioned (plus axial load) versus mild steel 
(non-prestressed steel or dissipating devices) giving the moment ratio, (M pi + M N )/M S corresponding to the 
target rotation/drift level will directly influence the key parameters of the hysteresis loop. 

Lower and upper bounds are given respectively by a precast connection/system with unbonded tendons 
only (maximum self-centering, minimum energy dissipation) and by an equivalent monolithic system with 
non-prestressed steel reinforcement only (maximum energy dissipation, minimum self-centering). 

The feasible residual deformation and equivalent viscous damping of the hysteretic rule can be adopted 
as the main design or assessment parameter of a connection or a whole structural system. Using 
simplified charts such as those shown in Figure CB.4(b) and (c) an adequate flexural strength ratio of 
post-tensioned steel (plus axial load) and non-prestressed steel, M p{ IM s , can be defined in the preliminary 
design phase in order to satisfy the desired requirements or, vice-versa, the expected influences of this 
ratio on the overall behaviour can be predicted in an assessment procedure B1 . Note that the design 
charts presented as example in Figure CB.4(b) and (c) refer to a general hybrid hysteresis loop given by 
the combination of a Non-linear Elastic (NLE) rule and a degrading-stiffness Takeda rule with alternative 
loading and unloading parameters a and /?. 

Results of research on the self-centering capabilities and passive energy dissipation of ductile hybrid 
structural systems include References B.1 and B.18. There has also been increased recognition and 
emphasis in publications on residual deformation as a performance criterion 8 ' 19, B 20, 8 21 822, B 23 B 24 . 

It is worth noting that the aforementioned condition (Equation B-1) for full-recentering refers to the jointed 
connection itself. Full recentering of the whole seismic resisting system can be still achieved by 
accounting for the overstrength provided by floor flange effects as well as by other yielding mechanisms 
occurring in the secondary systems due to the deformation induced by the primary structure. 
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Figure CB.3- Example of jointed (hybrid) systems and their mechanisms developed under the 

PRESSS programme B.5841H4, B5842H6 B5843H7 
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(c) UFP (U-shape Flexural Plate) energy dissipation devices 

Figure CB.3- Example of jointed (hybrid) systems and their mechanisms developed under the 

PRESSS programme B 4 B 6 B 7 (continued) 
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Figure CB.4 - Influence of the prestressing steel/non-prestressed steel moment contribution ratio 
on the key parameters of hybrid systems (equivalent viscous damping and residual displacement 



for a given ductility level) 
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(d) 
Figure CB.4 - Influence of the prestressing steel/non-prestressed steel moment contribution ratio 
on the key parameters of hybrid systems (equivalent viscous damping and residual displacement 

for a given ductility level) B 5844H1 (continued) 



CBS Behaviour of connections 

CB5.1 Inelastic behaviour of connections 

The critical sections occur at the interfaces of two connecting precast concrete members (beam-to- 
column, wall-to-wall) or between precast concrete members and the foundation. The opening and closing 
of the gap (Figure CB.5) is thus expected to result in much reduced or negligible damage in the adjacent 
structural elements. Since the unbonded tendons are designed to remain in the elastic range there will 
also be negligible or no residual deformation of the structure after an earthquake. The unbonded tendons 
will close the joints and provide a self-centering capacity 8 V 

The rocking mechanism of a hybrid beam column is shown in Figure CB.5. 
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Figure CB.5 -Rocking mechanism of a beam column hybrid connection 
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CB5.4 Shear transfer at critical connections 

The total vertical shear forces cannot be reliably transferred at the interfaces between precast concrete 
members by friction induced by post-tensioning. Therefore the design vertical shear force due to factored 
gravity loads should be transferred by other devices such as corbels or alternative solutions, leaving to 
the friction contribution induced by the post-tensioning action only the shear component due to seismic 
loads. The shear contribution due to friction induced by the tendons can be evaluated as </>{iC c being ^the 
strength reduction factor corresponding to shear, // the coefficient of friction at the interface and C c the 
resultant compression force in the concrete at the interface. 

When interface grout is used to accommodate the tolerances, special attention should be taken to avoid 
premature crushing of the grout pad at design level of drift: non-shrink grout should be used with a 
thickness not exceeding 30 mm. The specified compressive strength of the grout shall be equal to, or 
greater than f' c in the structural members. Enhanced toughness and performance of the interface grout can 
be achieved using fibre reinforcement. 



CB6 Design of moment resisting frames 

CB6.1 General 

The seismic provisions of Section 19 apply to moment resisting frames. 

CB6.2 Anchorage, location and longitudinal profile of the post-tensioned tendons 

A symmetrical arrangement of prestressing tendons in beams at the beam column joint is preferred in 
order to minimize the elongation of the tendons during lateral loading. 

CB6.3 Prestressing force in beams 

Compliance must be with the upper and lower bounds for the initial prestressing force in beams. 

CB6.4 Evaluation of flexural strength at target inter-storey drift levels 

The evaluation of flexural strength at different inter-storey drift levels can be derived following a simplified 
procedure to determine the complete moment-rotation section behaviour for connections/systems 
subjected to local strain-incompatibility issues such as: 

(a) Partially bonded or unbonded tendons; 

(b) Unbonded length of non-prestressed steel reinforcement or energy dissipation devices; 

(c) Hybrid connection with combinations of the above. 

The conceptual flowchart of the simplified moment-rotation procedure shown in Figure CB.6, as proposed 
in Reference B.25, is intended to reflect that typically used for section analyses of monolithic systems. 
For a given rotation, 6 the depth of the neutral axis, c, corresponds to a unique solution respecting both 
the equilibrium equations at a section level and compatibility conditions at a member level. 

Referring to the peculiar mechanism (gap opening and closing at the critical interface) of the hybrid beam 
column connection of Figure CB.5, the strain levels in the unbonded post-tensioned tendons, a pt (0), and 
in the non-prestressed steel reinforcement (with a short unbonded length at the critical section) fracture, s* 
(0), can be evaluated as follows: 

^=7^ (Eq.CB-2) 

g s = V , p; (Eq.CB-3) 

where n is the number of total joint openings along the beam (at beam column interfaces); £ ub and t' ub are 
the unbonded lengths in the tendons and in the non-prestressed steel reinforcement, respectively; A# and 
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A s , are the elongations at the level of the tendons and of the non-prestressed steel reinforcement 
respectively; A sp is the elongation due to strain penetration of the non-prestressed steel reinforcement 
(assumed to occur at both ends of the unbonded region). 
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Figure CB.6 - Schematic flow chart of a complete moment-rotation procedure in 
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Figure CB.7 - Monolithic beam analogy for member compatibility condition 
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The member compatibility condition is introduced in the form of an analogy, in terms of global behaviour 
(beam-edge displacement), between a precast connection and an equivalent monolithic one B25 . The 
main assumption is that two equivalent (same geometry and reinforcement) precast and cast-in-place 
beams will develop the same total deflection. The elastic contributions are equal. The inelastic 
contributions should also be equal although resulting from different mechanisms. In the jointed precast 
case the inelastic deformation is localised at the interface. In the monolithic case it is distributed along a 
plastic hinge. 

By introducing an analogy with an equivalent monolithic solution, the ultimate and yield curvature (^ and 
fo) can be utilised, having assumed an appropriate value for the plastic hinge length (the results are not 
sensitive to significant variation in these parameters). After a few simple algebraic simplifications, a 
simple and familiar relationship between concrete strain, <%, and neutral axis depth, c, is derived as 
Equation B-7, which satisfies the member compatibility condition. 



CB7 Design of structural wall systems 

The proposed section analysis procedure used to develop a moment-rotation relationship for precast 
jointed beam column connections in the presence of strain incompatibility (due to the use of any unbonded 
concept), can be directly extended and modified for the analysis and design of general hybrid wall 
systems where vertical unbonded post-tensioning is combined with additional sources of energy 
dissipation in the form of alternative vertical connections between the precast panels or longitudinal non- 
prestressed steel reinforcement or external steel dissipators at the base (see References B.10, B.12 and 
B.14). 

A simplified model based on a concentrated plasticity approach can consist of a multi-mass elastic mono- 
dimensional element with a non-linear flag-shape rotation spring at the critical base section where the 
non-linear behaviour is concentrated through a rocking motion. The self-centering contribution provided by 
the vertical unbonded tendons as well as the axial load can be modelled with a non-linear elastic rule, 
while appropriate hysteresis rules should be used to model the alternative sources of energy dissipation 
(for example, elasto-plastic, rigid-plastic, viscous or other depending on the use of non-prestressed steel 
or steel flexural plates, friction or viscous devices). 



CBS System displacement compatibility issues 

Different issues related to displacement incompatibilities between structural and non-structural 
components, as well as between lateral load resisting systems and not-seismic systems (i.e. gravity load 
design frames) should be evaluated. Beam elongation effects as well as floor-to-lateral load resisting 
systems (either frame, wall or dual systems) should be properly accounted for when designing a proper 
seismic load path and evaluating the likely performance of overall system. 

CB8.4 Beam elongation 

Beam elongation is a term used to describe an increase in distance between column centrelines at one or 
more levels of a reinforced concrete or prestressed concrete frame. This occurs in frames in which flexural 
deformation causes plastic hinging and cracking in a reinforced concrete beam or gap opening at the 
beam column interface of a prestressed jointed frame under significant lateral displacements. 

Possible effects of this phenomenon on frame response, have been based on analytical and experimental 

.■ .- r- .■ B.26, B 27' B 28; B.29, B.30, B.31 ■ A r 

investigation findings ' ' ' ^' DOUDO in terms of: 

(a) Damage to and interaction with the floor system; 

(b) Increase of column curvature and, thus, increase in flexural and shear demand; 

(c) Increase of beam moment capacity due to the increase of beam axial force; 

(d) Increase of residual local deformations. 

Alternative modelling approach can be adopted to account for the effects of beam elongation on the global 
response of a frame system. Refined models can consist of multi-springs as contact elements at the beam 
column interface representing discrete contact region B32, B ' 33 . Such a model represents a viable but 
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relatively complex tool, which follow the variation of the neutral axis position corresponding to the gradual 
opening of the gap. 

A simple modification to the section analysis approach presented in B6.4 and CB6.4, can be alternatively 
adopted as suggested in Reference B.32. A series of springs can be adopted to capture the effects of 
beam elongation in restraining a frame system. For example Figure CB.8 shows the proposed model of a 
two bays, three columns, one storey sub-assembly. The restraint effects coefficient Q, as indicated in 
Equation B-10, refers to the same typology. It should be noted that the column restraining effects on 
beams in a multi-storey frame system will be reduced in the storeys above the first storey. Different 
values for the equivalent column lateral stiffness coefficient k c for the first storey and for the storeys above 
the first need to be estimated. 

Within this simplified model, the variation of shear forces induced into the column by the increase in beam 
axial force can be taken into account by adding, at the maximum drift level, the contribution caused by 
system elongation, which, according to the assumptions made, is drift-dependent. 
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Figure CB.8 - Spring model of assembly elongation 



CBS. 5 FIoor-to-!ateral-ioad resisting system incompatibility 

Diaphragm action in the floor system can be significantly impaired due to displacement incompatibility 
effects between floor and lateral-load resisting systems and can lead to an extensive and unexpected 
damage. Loss of diaphragm action (i.e. interruption of load path) or full collapse of the floor due to loss of 
seating (B.32) can occur if inappropriate design measures are considered. 

Vertical displacement incompatibility between the lateral-load resisting systems and the floor 
(see Figure CB.9 for frame-floor action) could be accommodated by properly locating the collectors (either 
in the form of ordinary reinforcement, or mechanical couplers) in regions of minimum displacement 
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incompatibility and/or by assigning them adequate flexibility in the vertical plane. As a feasible solution, 
the two "displacement incompatible" systems can be disconnected in the regions of higher incompatibility, 
maintaining the coupling where more appropriate and needed to transfer the inertia forces. 
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Figure CB.9 - Example of vertical displacement incompatibility between floor and frame 

systems 831 
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APPENDIX CD - METHODS FOR THE EVALUATION OF ACTIONS SN DUCTILE 
AND LIMITED DUCTILE MULTI-STOREY FRAMES AND WALLS 



CD1 Notation 

CD11 Standard symbols 

dpj distance from beam centreline at level /to point of inflection in storey /, mm 

E a lateral force representing earthquake forces, N 

E E>i lateral force at level / found in an equivalent static or first mode analysis of structure, N 

E 0j lateral force at a level corresponding to overstrength actions, N 

E oAi lateral force assigned to column A at level /, N 

E OJ a lateral earthquake force t a level corresponding to overstrength actions, N 

h height of moment resisting frame above base, mm 

h b overall depth of beam, mm 

4, length of wall, mm 

M bending moment, N mm 

M n Nominal flexural strength of a section, N mm 

M overstrength bending moment at a critical section of a primary plastic region, Nmm 

M*oi design moment at the critical sections of a column, N mm 

M E a bending moment at the centre of a beam column joint from an elastic analysis for the lateral 

earthquake actions, N mm 

n the number of floors above the column section considered 

n t total number of storeys in a building 

V a shear force, N 

VI capacity design shear force in plastic region in a wall, N 

V^a/i shear induced in column A in storey /when beam input moment acts on column at level /', N 

y o bM,A component of shear force induced in column A due to beam overstrength input moment acting at 

intersection of beam and column centrelines, N 
V oE]A ,i component of shear force induced in column A in storey / due to lateral force E oA> \ acting on column 

at intersection of beam and column centrelines, N 
a>v dynamic magnification factor for shear in a wall 
/j structural ductility factor 
XM Eb sum of beam moments at intersection of beam and column centrelines found in an equivalent static 

(or 1 st mode analysis), N mm 

CD1.2 Subscripts 

CD1 .2.1 First subscript 

E a structural action (moment shear etc.) obtained from an equivalent static or modal analysis of the 

structure, N or N mm 
Eb a structural action in a beam obtained from an equivalent static or modal analysis of the structure, N 

or N mm 
ec a structural action in a column obtained from an equivalent static or modal analysis of the structure, 

N or N mm 
n a nominal strength calculated assuming lower characteristic material strengths 
o an action calculated assuming overstrength actions are sustained in plastic regions 
ob an action induced when overstrength moments act in beams 
obM an action due to a beam input overstrength moment acting on a joint zone, N 
oE an action arising from a lateral force corresponding to overstrength actions, N 
oc an action induced when overstrength moments act in columns 
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CD1 .2.2 Second and third subscripts 

A B c identifies a line of columns shown on a figure 

ab0V e above intersection of beam and column centrelines 

b relates to a beam 

beiow below intersection of beam and column centrelines 

c relates to a column 

i level in a frame 

t left hand side of intersection of beam and column centrelines 

r right hand side of intersection of beam and column centrelines 

top upper critical section of a column in a storey 

bottom lower critical section of a column in a storey 

CD1.3 Superscript 

a design action 

CD2 Genera! 

The objective is to ensure that in the event of a major earthquake the majority of plastic deformation is 
confined to the plastic regions identified in accordance with 2.6.5.2. These plastic regions are referred to 
as primary plastic hinges regions, which are detailed to sustain plastic deformation. The term secondary 
plastic (hinge) region refers to regions, which may sustain inelastic deformation due to factors not 
considered in analysis, such as elongation of members associated with inelastic deformation and plastic 
deformation which develops as a result of higher mode effects. In this context higher modes refers to both 
elastic modes of behaviour and modes of behaviour that develop due to the changes in dynamic 
characteristics associated with the formation of plastic regions. 

CDS Columns multi-storey ductile frames 

CD3.1 General 

A2 With both methods the aim is to ensure that in the event of a major earthquake a ductile failure 
mechanism will form in preference to other possible non-ductile failure modes. This is achieved in both 
cases by designing the columns to have a margin of strength above that of the beams. This ensures that 
a column sway mode as illustrated in Figure CD. 1(a) cannot develop, and that there is a margin of safety 
against the premature formation of a mixed beam column sway mode as illustrated in Figure CD. 1(c). The 
two methods achieve this in different ways. With Method A the strength of each column at each level is 
considered individually. Each column is designed to be able to resist with a specified margin of strength 
the maximum actions that can be induced in it when the beams framing into the column are sustaining 
their overstrength actions. With Method B the approach is to consider the combined strength of all the 
columns in each level of a frame. The column sway shear strength of each storey in a frame is designed 
to have a specified margin of strength above that which can be sustained by the beam sway failure mode. 
It is the sum of the strengths of all the columns in the level which is important, rather than each individual 
column as with Method A. Method A was developed for use with reasonably regular frames. Method B 
can be applied to a wider range of frame structures and there is greater freedom where the potential 
plastic regions are located. The methods differ in the level of protection they give to the formation of 
plastic hinges in columns in the zone between the mid height of the second storey and the top storey of 
the structure. For this reason each method involves different detailing requirements. 

Method A provides a high level of protection against the formation of plastic regions in the columns 
between the mid region of the second storey and the top storey. Where a high level of protection exists 
1 0.4.6.8.2 (a) allows for the positioning of splices any where in the column, while 1 0.4.7.4.3 and 1 0.4.7.5.3 
allows a reduction in the quantity of confining reinforcing required. The advantages of this method are 
therefore simplifications in the detailing requirements. However, it should be noted that elongation of 
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beams, which is associated with the formation of plastic hinges, displaces columns outwards from the 
centre of a frame. This action causes secondary plastic regions (hinges) to develop in columns either 
immediately above or below the first elevated level in the structure. In these locations plastic hinges may 
form and therefore it is not permitted to relax the amount of confinement provided or the location of 
longitudinal bar splices in the first storey or the lower region of the second storey. Method A also permits 
plastic deformation to arise in the event of a major earthquake in the columns of the upper storey of ductile 
frames. 



A2 



Method B gives a high level of protection against the premature formation of a mixed beam column sway 
failure mode, such as is illustrated in Figure CD. 1(c) but it gives a lower level of protection against 
localised plastic deformation in the columns than Method A. Method B gives the designer greater freedom 
in the locations where primary plastic regions may be located. Some of these regions may be located in 
the columns away from the base, provided the column sway storey strength is maintained at the required 
level and the material strain limits are satisfied. With Method B, some plastic deformation due to the 
formation of secondary plastic regions is to be expected in a design level earthquake. Consequently, 
confinement complying with 10.4.7.4.1, 10.4.7.4.2, 10.4.7.5.1, and 10.4.7.5.2 is required. Additionally 
column splices need to be confined to mid-height regions of any storey as required by 10.4.6.8.2. 

With both methods it is assumed that plastic regions form at the base of the columns and the selected 
ductile failure mechanism is a beam sway mode, see Figure CD. 1. The columns are proportioned to 
restrict inelastic deformation to the chosen primary plastic regions and to prevent the premature formation 
of a mixed beam column sway mode. Both methods are applicable to moment resisting frames where 
column sidesway mechanisms are not permitted as specified in 2.6.7.2. In selecting the method that is 
used consideration should be given to the different detailing requirements associated with each of them. 



Plastic hinge 




r~n 



(a) Beam sway mechanism 



(b) Column sway mechanism 




^mm&^mm 



(c) Mixed beam-eoiumn 
sway mechanism 



A2 



A2 



Figure CD.1 - Failure modes for moment resisting frames 

In recognition of the high level of protection provided against the formation of secondary plastic hinges in 
columns designed by Method A, between 3 h c above the first storey and 3 h c below the top storey, 
requirements on the location of lap splices in longitudinal reinforcement are relaxed and the quantity of 
confinement reinforcement is reduced in this zone. 

Method A has been developed from Appendix A in NZS 3101:1995. It has been changed so that it 
complies with NZS 1170.5 D1 , which requires columns in two-way frames to be designed for bi-axial 
actions. References D.2 and D.3 give background information on this method of determining capacity 
design actions for columns and on the general behaviour of columns in earthquakes. Method B is based 
on an approach given in NZS 1170.5 D1 . 

Both methods 

When gravity load considerations govern the strength of beams, both Methods A and B may predict high 
design moments for columns, which may be considerably in excess of the values found in the design 
analyses of the structure. However, the reinforcement need not exceed the amount required for a column 
designed for the structural actions based on the values found from an analysis assuming the structure is 
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nominally ductile. It should be noted that in determining the area of reinforcement for this case 
appropriate values of strength reduction factor ((/> = 0.85), structural performance (S p , 0.9) and structural 
ductility factors (//, 1 .25), should be used. 

Method A 

The procedure is intended to apply for moment resisting frames. Where columns are stiff compared to the 
beams, that is the columns have wall like characteristics, cantilever action is likely to dominate the 
moment pattern of columns and an approach applicable to structures with structural walls, or wall frames, 
may be more appropriate. 

Ductile failure mechanism (both methods) 

In frames with two or less storeys primary plastic (hinge) regions may be located in both beams and 
columns and a column sway mechanism is acceptable provided it is shown that the material strains in the 
plastic regions are less than the maximum permissible values. In frames with more than 2 storeys the 
strengths of the columns are designed to meet the capacity design requirements. This ensures that a 
beam sway failure mode will develop in preference to other non-ductile failure modes in the event of a 
major earthquake. 

Column moments due to beam overstrength actions (both methods) 

The first step in the capacity design of columns is to find the bending moments, which act in the beams 
when the potential plastic regions are sustaining overstrength moments. Where the plastic regions do not 
form at the faces of the columns the required moments should be found from statics using the 
overstrength moments acting at the critical sections of the plastic regions and the shear force diagram. 
Once the values at the actions at the column faces have been established the resultant moment that the 
beams apply to each beam column joint zone at the intersection of the beam and column centre-lines can 
be found. This value is the beam input overstrength moment. The process is illustrated in Figure CD.2 (a) 
and (b). The beam input overstrength moment at each joint zone consists of the sum of the moments 
from the beams, which lie in the same plane or close to the same plane. This is illustrated in 
Figure CD.2 (b) where the beam input overstrength moment is shown as ZM Qb . In this figure the subscript 
"ob" stands for an overstrength beam action while T and "r " refer to beams on the left and right hand 
sides of the joint zone respectively. 
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Figure CD.2 - Distribution of input beam overstrength moments into columns - Method A 
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CD3.2 Design moments and shears in columns by Method A 

CD3.2.1 General 

This clause sets out the steps required to find the capacity design moments in the columns at the level of 
the beam centre-lines. 

CD3.2.2 Distribution of beam input moment into columns 

A2 In region 1 the seismic moments in the columns at the beam column intersection point being considered, 
which have been found from an analysis for earthquake actions, M ECi a b0 ve and M Ec ,beiow in Figure CD.2(d), 
are scaled so that the sum of these moments is equal to the beam input overstrength moment, SM ob . This 
step establishes equilibrium for the actions acting on the joint zone being considered. The analysis for 
earthquake actions may be an equivalent static analysis or a first mode analysis of the structure. One-way 
of achieving this scaling is illustrated in Figure CD. 2(c) and (d). The overstrength amplification factor, $,, 
is found. This value is equal to the ratio of the beam input overstrength moment, IM ob , at the intersection 
point being considered, to the corresponding sum of the seismic design moments (£M Eb ). It is given by: 

-* - EMob (Eq. CD-1) 



u 2M Eb 

A2 In region 2 the columns are acting like cantilevers. In this case, to ensure that plastic deformation is 
confined to the primary plastic regions (at the base of the column), the flexural strength of the column in 
region 2 is related to the overstrength of the primary plastic region 03 This is achieved by multiplying the 
column moments above and below each level in the region by ^ ob instead of <j> used in region 1, where 
<fi Qb is the ratio of the overstrength moment in the primary plastic region to the corresponding moment 
arising from the equivalent static or first mode analysis. 

In load cases involving earthquake actions, allowance is made for biaxial actions in determining the 
required design strengths at the critical section of the potential primary plastic hinge in each column and at 
the section immediately below the uppermost level (see 2.6.7.5(d)). 



CD3.2.3 Dynamic magnification and modification factors 

When plastic hinges form the dynamic characteristics of the frame change. This can lead to a change in 
the distribution of moments in the columns (see reference D.3, page 215-221). The dynamic 
magnification factor, co, allows for this effect. Analyses have shown that the dynamic magnification factor 
depends on the fundamental period of the building and on the height of the beam column joint being 
considered in the structure. 

The bending moments found in D3.2.2 are multiplied by the dynamic magnification factor, co, which is 
illustrated in Figure CD.3(a) to give the envelope column moments at the level of the centreline of beams, 
as shown in Figure CD. 3(b). 
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Figure CD.3 - Dynamic magnification factor and design moment for column 

In some cases the overstrength moments in a beam may be increased by the presence of reinforcement 
or prestressed units in a floor slab, which are located some distance from the beam. In such cases the 
ratio of MJM n can be high. However the maximum moment is typically not sustained until inter-storey 
drifts are of the order of 2 to 3 percent are reached. Such high displacements should reduce the 
magnitude of the dynamic magnification of column moments that can occur. To allow for this effect the 
modification factor J3 is introduced. 

Where a column acts in more than one frame bi-axial actions need to be considered in design. However, 
simultaneous peak dynamic magnification along two or more axes is unlikely. Consequently, in such 
cases dynamic magnification and modification factors, p&, need to be applied to the beams of one frame, 
with the /fo values for the beams in the second or subsequent frames being replaced by 1.0. There is 
one exception to this, and this occurs when the enclosed angle between the beams in two of the frames is 
less than 45°. Where this occurs the two frames are likely to act together and hence they should be 
assigned the same /to values. This situation is illustrated in Figure CD.4. 
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Figure CD.4 - Dynamic magnification and modification factors for 
columns contributing to more than one frame 

CD3.2.4 Critical design moments in columns 

The critical column bending moments are at the faces of the beam. These values can be found by 
reducing the bending moments found at the intersection of the beam and column centrelines by the 
product of the shear force in the column times the distance between the beam centreline and the face of 
the beam. Analyses show that the peak bending moment in the column does not occur simultaneously 
with the peak shear force in the column. Consequently the moment at the face of the beam is calculated 
assuming that the column shear force is 60 % of the maximum shear force, \Z* i, for the column given in 
D3.2.6. For example with this value the critical design moment in the column at the face of the beam, 
above the joint zone, M* i, is given by: 



M 



col ' 



/3axfi M ECiabove -Q.3 h b \Z*oi,above (Eq. CD-2) 



Where, as illustrated in Figure CD. 3(b), co is the dynamic magnification factor defined in D3.2.3, <f> 
ME,c,above is the bending moment found from an equivalent static or first mode analysis immediately above 
the intersection point of the beam and column centrelines. 

CD3.2.5 Reduction in design moments for cases of small axial compression 

Where a column is subjected to small axial compression or net axial tension in the critical load case some 
plastic deformation is acceptable. For such cases the column design moments in the columns may be 
reduced, with the extent of the permissible reduction depending on the level of axial load and the dynamic 
magnification factor. To allow for this effect the bending moments acting at the critical sections in the 
column shall be multiplied by the factor /? m , to give the reduced design moments, given by: 

W*ol = ^m {P® <t>o A4c,above ~ 0.3 fl b \Z*ol,above) ■-■■ (Eq. CD-3) 



Where the value of f? m is given in Table D.1 . 

CD3.2.6 Design shears in columns 

In first storey elongation of the beams, associated with the development of plastic hinges, pushes the 
columns outwards forcing secondary plastic regions to form in the columns, either immediately below or 
above the first elevated level. Consequently in the first storey the critical shear force is determined 
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assuming that plastic regions develop at the top and bottom of the storey. On this basis the column shear 
force is given by Equation D-3. 

Conventional frame analyses indicate that moments at the top of first storey columns are smaller than the 
corresponding values at the base. However, these analyses do not include actions induced by elongation 
of the beams and hence they may be misleading. Consequently, the formation of a secondary plastic 
region must be anticipated in this location. 

The shear force is estimated from a probable and critical moment gradient along the column. However, 
in recognition of the more serious consequences of a shear failure the equations for V* C0 |, 
(Eq. D-3 and D-4), have been increased by approximately 15 % with some allowance for the different 
reliability of the design equations for shear and flexure. 

In columns, which intersect with beams on two or more axes, the simultaneous action of the shear forces 
applied by the beams on each axis should be considered in the design for shear in the column. In such 
cases the shear resisted by the concrete should be proportioned between the two axes of the column. 

CD3.3 Design moments and shears in columns by Method B 

CD3.3.1 General 

The theory behind Method B is outlined in the following paragraphs. 

The individual steps are described in general terms in D3.3.1 and in detail in D3.3.3 to D3.3.7. With 
Method B, full confinement is provided in the columns. Consequently redistribution of structural actions, 
which involves limited inelastic deformation in the columns (formation of secondary plastic hinges) may be 
assumed in determining the critical column actions. As described below the analysis of the required 
column strengths can proceed on a level by level basis. 

In the analysis for this method each column is assumed to have a point of inflection, which in general will 
lie within the storey. (However, in extreme cases it is not restricted to the storey). The most convenient 
location for the assumed point of inflection is the mid-height of the storey. The chosen location for this 
assumed point is restricted as follows; 

An equivalent static or first mode analysis is examined and the position of the analysis point of 
inflection predicted is noted. If the analysis point of inflection lies within the column then the assumed 
position of the point of inflection for method B may be assumed to be anywhere within the middle half 
of the storey height. The implied inelastic deformation associated with the redistribution of moments 
in this case is small, and consequently it is not necessary to check the ductility required for this. If the 
analysis point of inflection lies outside the column then the inelastic deformation associated with 
redistribution may be significant. Consequently in this case the inelastic rotation should be 
determined and the required section ductility checked to ensure it is within acceptable limits (2.6.1). 

Consider a level of a moment resisting frame, as illustrated in Figure CD. 5(a). As shown the forces acting 
on the level consist of gravity loads and a lateral seismic force, E e \. In part (c) of this figure the same level 
is shown when beam overstrength moments act in the plastic regions. In addition to the bending moments 
the level sustains a lateral force of E oi , where the subscript " " indicates that this force acts with the 
overstrength beam moments and the subscript "" indicates it is on level /. This lateral force is distributed 
to the individual beam column joints in this level (E oAi7 Eq.bj and E 0l c,i) in the frame as shown in 
Figure CD.5(d). Points of inflection are assumed to form in the columns. Generally it is assumed that 
these points are located at the mid-height of each storey. However, in a limited number of cases a 
different assumption may be required, see D3.3.2. 
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(d) Column shears and moments due to lateral force at level 
Figure CD. 5 - Capacity design moments and shears in columns - Method B 
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(e) Column shears due to beam overstrength input moments 
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(f) Resultant column moments and shears found by adding values in (d) and (e) 
and multiplying by dynamic magnification factor and modification factors co/5 

Figure CD. 5 - Capacity design moments and shears in columns - Method B (Continued) 

The actions at each column at the intersection of the beam and column centrelines, may be identified as: 
(a) The beam input overstrength moment to the joint zone, shown for example as £M obA in column A, in 

Figure CD. 5(e); 
A proportion of the seismic lateral force, E ; u assigned to each column in the level, for example E oAi is 
assigned to column A in Figure CD. 5(d). 

The structural actions arising from the input moment from the beams and the lateral force on each 

column may be evaluated separately. 

(i) The beam overstrength input moment induces equal and opposite shears in the column being 
considered. These shears are equal to the beam input overstrength moment divided by the 
distance between the points of inflection, as illustrated in Figure CD. 5(e) as V ohMAl etc. 

(ii) The proportion of the seismic lateral force, which acts at the level of the beam centreline induces 
shears in the upper and lower portions of the column as illustrated in Figure CD. 5(d). The values 
of these shears are found from equilibrium requirements. The sum of all the shear forces above 
and below the column equals the lateral force acting on the level. The bending moments induced 
in the column by these shears at the beam centreline, are equal. 

In each column the shear forces arising from the beam input overstrength moment and the lateral force 
acting on the joint zone are added together and multiplied by an appropriate dynamic magnification and 
modification factors. 



CD-11 



NZS3101:Part 2:2006 



The following points for this method should be noted; 

(a) The local lateral force acting at a level of a frame is assessed by scaling the corresponding lateral 
force from either an equivalent static or a first mode analysis of the structure. The method of scaling is 
set out in D3.3.3. 

(b) Increasing the strength of a column in a level at either the top or bottom of a storey above that 
required to sustain the bending moment corresponding to the shear force in that member does not 
invalidate the process. This merely increases the column strength above the minimum level required 
to ensure that a storey column sway mode does not develop. 

(c) Multiplying these actions by the product of the modification factor and dynamic magnification factor is 
required to provide an adequate margin of safety against: 

(i) A possible underestimate of the lateral force acting at the level being considered due to higher 

mode effects; 
(ii) The premature formation of a combined beam column sway failure mode. 

CD3.3.3 Lateral seismic forces at a level 

(a) The lateral force corresponding to overstrength actions at the level of a frame being considered, £ 0ii is 
found by scaling the corresponding value, E ei , from an equivalent static or first mode analysis for 
seismic actions. The subscript V stands for a value from the analysis for earthquake design actions, 
while the subscript "" refers to the level in the frame. To obtain the corresponding lateral force when 
overstrength actions are sustained in the beam the lateral force, E Ei , is multiplied by a ratio, fa tU 
which is equal to the ratio of the sum of the beam overstrength input moments into the columns in 
level /to the sum of the corresponding moments found in analysis for seismic action. The process is 
illustrated in Figure CD. 5(b) and (c). The resultant lateral force, E 0]i at level "/" in this figure is given 
by: 

(ZM obAi +ZM obBi +Z/W obCj ) 

where the subscript ( ' ob " refers to a value related to beam input overstrength actions, the second 
subscript defines the column line and the third subscript the level. The factor multiplying E Ei in 
equation CD-4 is equal to <p \ S . . 

(b) At all levels, except the top, the lateral force (E 0j )is distributed to the beam column joints in the level. 
There is considerable freedom in how much of this force is allocated to each joint zone, but the 
requirements of D3.3.8 must be satisfied. A simple guide is to distribute it in proportion to the beam 
overstrength input moment. However, where the chosen ductile failure mechanism includes primary 
plastic regions in the columns following this guide may not be possible. The distribution of E oi gives 
the individual values of E oAi , E 0iBii etc. as shown in Figure CD. 5(d). 

(c) The lateral force at each joint zone induces shear into the columns framing into the joint zone. The 
sum of all these column shears equals the lateral force E oi . The individual shear force in each 
column is calculated from statics assuming: 

(i) no moment is transferred between the beams and columns 

(ii) the columns are supported by shear forces acting at the selected points of inflection in the 
storeys immediately above and below the level being considered. 
For example the component of shear in column B in level / due to the lateral force E 0iBi is given by: 



^oE,B,i ~ ^o,B.i 



dp,H-i 

d P,i +d P,i + 1 



(Eq. CD-5) 



CD3.3.4 Column shear due to beam overstrength moments 

The beam input overstrength moments are calculated for all the columns intersecting the level as detailed 
in D3.5. The input moment for each column is considered in turn. Thus for example the beam 
overstrength input moment, SM obA) is resisted by equal and opposite shear forces in each column, 
(VobM,A.i and VobMAM. etc.) such that: 
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XM 

Ki+C'p.MJ 



W,i --^obM,A,i + i = /, ° bAI > (Eq- CD-6) 



This is illustrated in Figure CD. 5(e). 

CD3.3.5 Resultant column shears 

The dynamic magnification factor is introduced to give the frame a high level of protection against the 
premature formation of a mixed beam column sway mode. The modification factor p allows for the 
situation where the beam overstrength moment is appreciably higher than the nominal strength. In such 
cases the overstrength moment can only be sustained at high levels of inter-storey drift, and this reduces 
the potential of dynamic magnification. 

Where a column forms part of 2 or more frames the moments are applied to the column it is unlikely that 
the maximum dynamic magnification factors will act simultaneously along both axes. Consequently in 
determining the critical biaxial moments in a column the ftm factors need be applied to only the beams 
from one of the frames, unless the enclosed angle between two of the frames is small (<45°). The actions 
induced by beams in other frames shall correspond to p& values of 1.0 provided the angle between the 
frames exceeds 45°. 

CD3.3.6 Capacity design column moments 

The step of finding the critical design moments in the columns from the shear forces is illustrated in 
Figure CD.5 (f). 

CD3.3.7 Design shear strength for columns 

The 1.15 factor used to calculate the column shear forces maintains the margin between shear and 
flexural strengths implied by the differing strength reduction factors used in the ultimate limit state. 

In the first storey plastic regions may be expected to form at both the top and bottom of each column due 
to elongation of the beams. For this reason the minimum shear strength is based on the maximum value 
that is consistent with simultaneous plastic deformation in these two locations. 

CD3.3.8 Limit on distribution of column shear forces 

There is considerable freedom on how the lateral force on each level, which is associated with 
overstrength actions, is distributed to the joint zones in D3.3.3. However, it is essential that this 
distribution does not invalidate the selected ductile failure mechanism in D3.1 by allowing primary plastic 
regions to migrate from their chosen locations. 

CD3.4 Capacity design axial forces for Methods A and B 

The capacity design axial load applies when the structure is sustaining extensive inelastic deformation. 
Consequently linear elastic theory does not apply and the axial forces cannot be obtained from an elastic 
based analysis. 

The design axial forces in the columns are calculated from the assumption that all the primary plastic 
regions sustain their overstrength actions. The simplest way of achieving this objective is to calculate the 
axial force as three separate components, namely: 

(a) The dead of the column and any element attached to it; 

(b) The shear force transferred to the column due to gravity loads acting on the beam, but neglecting any 
shear force arising from end moments. These values are found by assuming that pins are located in 
the beams at the face of the columns as illustrated in Figure CD. 6(b) and (c); 

(c) The shear force in each beam due to the end moments that are sustained when overstrength 
moments act at the critical sections of the potential plastic regions in the beams as illustrated in 
Figure CD.6(c). 
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(b) Shear force due to gravity loads calculated 
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(c) Calculation of shear force due to end moments when 
overstrength actions are sustained 

Figure CD.6 - Calculation of axial forces in columns 

The resultant axial force at any level is found by summing the resultant forces acting on the columns 
above the level being considered. However, as not all the plastic hinges in the beams will in general 
sustain their overstrength actions simultaneously, and some reduction in axial force component, A/ oe , 
(equal to 2V oe ) calculated from the end moments in the beams in (c) above, may be made. To allow for 
this reduction this component of the axial force may be multiplied by the factor R v , which is given by 
Equation D-8. It should be noted that the component of axial load, R v A/ oe , can be tensile or compressive 
and it is likely to vary in magnitude with the direction of sway sustained by the structure. 

In calculating the critical axial load in a column, which forms part of two or more frames, the components 
of axial load from all the frames should be included. Any additional axial load associated with vertical 
ground motion is neglected on the basis that this does not exist for a sufficient length of time to 
significantly affect the performance of the column. 

In designing the column to sustain the bending moments and axial forces care is required to ensure that 
the critical combinations of moment and axial force are chosen. It should be noted that often the bending 
moments associated with minimum axial load are different from those associated with the maximum level 
of axial load. 
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CD4 Ductile and limited ductile waISs 



D4.1 General 



Capacity design of walls is required to ensure that in the event of a major earthquake a ductile flexural 
failure mechanism forms in preference to non-ductile failure modes. A ductile failure mechanism is 
chosen, which generally consists of a plastic hinge at the base of the wall. However, where a wall in a 
high rise structure is supported at an intermediate height, by lower walls or a frame, such that the bending 
moment decreases below this level (such as many podium structures, the selected position of the plastic 
hinge may be located at the height of the intermediate support. 

To ensure that inelastic deformation is predominately confined to the chosen location the design moments 
for the wall need to be modified from those found in an equivalent static or modal response spectrum 
analysis to allow for higher mode effects. This is considered D4.2 and CD4.2. Higher mode effects also 
have a significant effect on the distribution of design shear forces. This aspect is considered in D4.3 and 
CD4.3. 

CD4.2 Design moment envelope 

Higher mode effects in the walls, which occur when a plastic hinge forms at the base of a wall, cause the 
bending moments sustained in the mid-height regions to increase. To prevent, or limit, the formation of 
secondary plastic regions in zones that have not been detailed to sustain plastic deformation, the design 
moment envelope needs to be modified. Design rules for regular multi-storey walls have been 
established, and one of these is given below. However, to date design rules for the general case have not 
been established either for flexure or shear. 

Diagonal cracking associated with shear stresses increases the magnitude of the tension force sustained 
by reinforcement (see 8.6.1 1.3). To allow for this effect reinforcement should be extended for a distance 
of the wall length, £ w , plus a development length beyond the moment envelope. 

The capacity design moment envelope for a structural wall, which is regular in elevation, is shown in 
Figure CD. 7. The bending moment envelope is based on the nominal flexural strength of the wall at the 
critical section of the primary plastic hinge, which is identified as point B in Figure CD. 7. This is located 
either at the base of the wall, or at a level above the base where the wall is supported by stiff structural 
elements such that the bending moment below this point reduces in magnitude. The design envelope is 
defined by connecting the required flexural strength at points A, B, C and D by straight lines, as illustrated 
in Figure CD. 7. Point A is at the base of the wall, point B is at the critical section of the plastic hinge, point 
C is at mid-height between point B and point D, which is at the top of the wall. For most non-podium type 
walls points A and B will be co-incident. The required nominal flexural strength of the wall at the identified 
points are given by: 

(a) At point B the bending moment is equal to the nominal flexural strength of the wall, M nB ; 

(b) At point D (top of wall) the bending moment is zero; 

(c) At point C the bending moment, Ml, is the larger of half the moment at point B, which is (M^ B )I2, or 
the value given by: 



A/L 



M E,C 



0.85 



1+ — 



<2.0M EC (Eq. CD-7) 



Where n t is the total number of storeys and M E ,c is the bending moment at point C found in an equivalent 
static or modal response spectrum analysis for design actions at point C. 

Equation CD-7 allows for a limited amount of non-uniformity in the seismic masses over the height of the 
wall. 

The bending moment envelope between points A and B, is taken as the line connecting the required 
nominal flexural strength at A (M n A ) and the required minimum nominal flexural strength at B {M nQ ). 
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The design envelope is shown on Figure CD. 7 as a dashed line. In determining where longitudinal 
reinforcement may be cut off in a wall, allowance must be made for tension lag associated with diagonal 
cracking. To allow for this action, except at the top of the wall, the reinforcement should be extended for a 
distance of one wall length (£ w ) plus a development length for the bar beyond the point where the 
reinforcement is no longer required by standard flexural theory and the design envelope, see Figure CD.7. 




Nominal strength at B 



Design moment envelope 



Moment envelope offset 
to allow for tension lag 



- Critical section 




Reversed load 
direction ^ 



(a) Elevation on wall 



(b) Bending moments 



Figure CD.7 - Capacity design bending moment envelope for a structural wall 

CD4.3 Design shear force envelope 

A design envelope for shear in a regular high rise wall has been established and used extensively (see 
NZS 3101:1995), However, rational design envelopes for the general case where strength, stiffness or 
seismic weights vary over the height of the wall have not been developed. The approach detailed below is 
based on a recommended envelope for uniform walls. It should be used with caution and conservatism 
for cases where uniform conditions do not apply. 

The design shear force at any level above the critical section of the primary plastic region in a structural 
wall, V*, shall be taken as not less than the corresponding shear force found form an equivalent static 
analysis multiplied by an overstrength factor, $,, and a dynamic magnification factor, a^, such that: 



V = C9v $)Ve - 

where a>v is the dynamic shear magnification factor, which is given by: 



(Eq. CD-8) 



^ = 0.9+ -^ 
^ 10 



(Eq. CD-9) 
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for buildings up to 6 storeys, and 

^ = 1.3 + Hl < 1.8 . (Eq. CD-10) 

30 i h / 

for buildings over 6 storeys, 

where n t is the number of storeys 

{p is the overstrength factor related to flexural actions at B given by: 



Flexural overstrength at B 



Bending moment at B from an equivalent static analysis (Eq CD-11) 

And Ve is the shear force found from the analysis for seismic actions from an equivalent static analysis. 

The shear force envelope below the critical section of the plastic hinge in the high rise wall, shall be taken 
as the larger of: 

(a) The calculated shear force when the overstrength actions are applied to the critical section of the 
primary plastic hinge; or 

(b) 1 .6 the shear force found in an equivalent static analysis. 

A number of analyses have been made to investigate the distribution of storey shear in structures, which 
contain walls of different length or stiffness. These have shown that elastic based methods of analysis 
cannot predict realistic shear force envelopes 04 . Hence in designing such structures a conservative 
approach is strongly recommended. In particular designers should be aware that significant redistribution 
of shear force can occur between walls. This is most acute in the first and second storeys and in the 
highest storey for the wall or walls. At present accurate analytical values of shear and moments cannot be 
accurately predicted in these regions. Hence designers should anticipate that some limited inelastic 
deformation may occur in these zones, outside the primary plastic regions. As the flexural inelastic 
deformation will be limited full ductile detailing is not required, but detailing which could severely confine a 
plastic region should be avoided. However, to prevent a brittle shear failure shear reinforcement should 
be assessed conservatively and it should be well in excess of the minimum value for walls. It should be 
noted that the analyses reported in reference D4 did not allow for changes in shear stiffness, which occur 
when diagonal cracks form, or for the limited levels of shear deformation ductility, that is available in 
members that contain moderate amounts of shear reinforcement. 



CDS Wall-frame structures - Ductile and limited ductile 

This form of building has a number of advantages over pure frame or wall buildings. Guidelines for the 
design of these structures are given in reference D3. 
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APPENDIX CE - ANALYSIS OF PRESTRESSED CONCRETE STRUCTURES FOR 
CREEP AND SHRINKAGE 



CE1 General 

Many methods of analysis have been proposed for assessing the effects of creep and shrinkage in 
concrete structures. The problem is very complex and there is not a single theoretical solution that can be 
used. However, most typical situations that arise in design can be assessed with sufficient accuracy for 
design purposes by a method that is known as either "the age adjusted effective modulus method" E 1 or 
the "modified effective modulus method" E 2 . This method is briefly outlined following brief notes on factors 
influencing creep and shrinkage properties of concrete. More comprehensive analytical methods of 
analysis of a wide variety of problems may be found in the References E.3 and E.4 and a number of other 
texts. 

Where creep and shrinkage may have an important influence on the behaviour of concrete members the 
designer should assess the literature to assess appropriate creep and shrinkage values for use in any 
analysis E 5 ' E ' 6, E ' 7 E ' 8, E 9 and examine the influence of varying these properties. 



CE2 Shrinkage In concrete 

For normal NZ structural grade concrete the ultimate shrinkage is of the order 700 x 10" 6 . However, higher 
shrinkage develops with some common aggregates and for concrete, which has an effective curing period 
of less than seven days (or equivalent maturity). Shrinkage increases with the proportion of free water 
used in the mix and on the ability of this water to escape from the concrete. Hence it depends on the 
permeability of the hardened concrete, the thickness of the member and the drying characteristics of the 
environment surrounding the member. The rate at which shrinkage occurs depends on the effective 
thickness of a member. For example at a relative humidity of 60 % it typically takes 18 months for 50 % of 
the total shrinkage to develop in a member with a thickness of 400 mm. However, with a member with a 
thickness of 100 mm the corresponding time is of the order of one month. 

Shrinkage may be reduced by: 

(a) The use of special additives; 

(b) Reducing the proportion of free water in the mix; 

(c) Increasing the proportion of course aggregate in the concrete; 

(d) Increasing the stiffness of the course aggregate; 

(e) Increasing the thickness of the member; 

(f) Reducing the drying characteristics of the environment surrounding the member; 

(g) Reducing the porosity of the concrete; 

(h) Increasing the damp curing period of the concrete (or at maturity when damp curing ceases). 



CE3 Creep in concrete 

CE3.1 General 

Creep in concrete, can be divided into two components, namely drying creep and basic creep. The first of 
these is influenced by CE2(b) to (h) listed above for shrinkage, while basic creep is essentially 
independent of these factors. As with shrinkage the rate at which drying creep occurs changes with the 
thickness of the member and the drying characteristics of the environment. 

For typical structural concrete loaded at an age of eight days (or equivalent maturity) the creep factor is of 
the order of 2.5 to 4.0. However, for concrete loaded at an older age this value reduces. 
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CE3.2 Modified effective modulus method of analysis 

When concrete is subjected to a stress, a c , for a short period of time the strain in the concrete, e c , is given 
by: 

£6 =o c /£ c (Eq.CE-1) 

where E c is the elastic modulus. If this stress is maintained the strain increases due to creep. If the creep 
factor is <p, than the creep strain is equal to <fte . The total strain in the concrete, 3, is equal to the sum of 
the elastic plus creep strains and hence: 

* = *c(1 + <f) - (Eq-CE-2) 

which can be re-written as: 

fit = al E e ff 

where E ef f, the effective modulus of elasticity, is given by: 

E eff =-1-E c ....(Eq. CE-3) 

The effective modular ratio, n e ff, is calculated for any particular case using the E e ff elastic modulus. The 
basis of the modified effective modulus method is to analyse the structure as an elastic body but replacing 
the elastic modulus of the concrete by E e ff. For load cases where the actions are induced over a period of 
time the creep factor, $ is replaced by k<f>, where k is a coefficient which allows for the reduction in creep 
potential over the period in which the action is being gradually introduced. Shrinkage of concrete is one 
such case, with the shrinkage developing at a similar rate that creep displacements occur in concrete 
subjected to constant stress. For shrinkage an appropriate value of k is typically 0.6. However, different 
texts give a range of values depending on how the development of creep is modelled. Experimental work 
at Auckland and elsewhere has shown that predictions based on using a value of k of 0.6 give realistic 
assessments of shrinkage-induced actions in many common situations. E 2 E 5 However, it should be noted 
that in thick structural members shrinkage develops at an appreciably slower rate than creep, 
consequently for these cases a smaller value of k may be appropriate. 

Creep and shrinkage can give rise to a number of structural effects, such as those listed below: 

(a) Creep of the concrete can cause redistribution of structural actions for cases where the load, or some 
of the load is applied and the structure is subsequently modified. Two examples of this include the 
addition of a flange to a prestressed member and the connection of two simply supported beams after 
some of the load has been applied. 

(b) Deflection and stresses induced by shrinkage of concrete. 

(c) Creep, including differential creep, and/or shrinkage, including differential shrinkage, of concrete can 
induce significant stresses and deflection of members. 

(d) Reduction of actions induced by imposed displacements, such as differential settlement of 
foundations, with time. 

(e) The restraint that reinforcement provides against creep and shrinkage movements can lead to 
reinforcement being subjected to high compression stresses, such that when concrete first cracks the 
reinforcement can be under appreciable compression. 

The effective modulus method can be used to assess the actions corresponding to all the situations 
described above. However, it must be noted that this is an approximate method. More information on this 
approach and other methods of analysis may be found in References E.1 , E.2, E.3, E.4, E.5, E.6 and E.7. 

CE3.3 Example of modified effective modulus method 

Consider a beam with a span of 15 m with a rectangular cross section as shown in Figure CE.1. The 
beam is supported laterally along its length to ensure stability against buckling. The section is 200 mm 

CE-2 



NZS 31 01 :Part 2:2006 



wide and the depth is 500 mm. It contains two 12 mm bars near the top of the section and two 20 mm 
bars near the bottom of the section, and it is prestressed by six pretension strains, as shown in Figure 
CE.1 , each of which has an area of 100 mm 2 and the height of the centroid of the strands is 140 mm from 
the base. The initial stress in the strands just before transfer is assumed to be 1250 MPa. This value has 
been reduced to allow for anticipated loss of prestress due to creep in the strands (not to be confused with 
creep in the concrete). The concrete strength is taken as 40 MPa, the free shrinkage of the concrete as 
700 x 10~ 6 and the creep factor for the concrete as 3.0. The dead load of the beam is taken as 2.5 kN/m. 

The beam is analysed to find the stresses when the prestress is first applied, the stresses after creep has 
ceased and the stresses induced by shrinkage of the concrete. In addition the initial and long-term 
deflection of the beam is calculated. 

CE3.3.1 Section properties 

First the relevant section properties have to be found for the initial condition, the long-term creep 
calculation and the shrinkage calculation. For each of these, the effective elastic modulus of the concrete, 
E ef f, changes, and consequently the effective modular ratio varies, which changes the transformed section 
properties. The change in the position of the neutral axis in particular should be noted, as this changes 
the effective prestress moment acting on the section. The calculated values are given in the table below. 
The elastic modulus of both the passive and prestressed reinforcement has been taken as 200 000 MPa. 

200 



o 



Pretension 
strands 



_^_ 



■■ i 



o 



2-1 2D 



2-1 6D 



! 



Figure CE.1 - Beam section 



Table CE.1 - 


Transformed section properties 




Property 


Initial 
condition 


Long-term 
creep 


Shrinkage of 
concrete 


^ (MPa) 


27 900 


6 974 


9 963 


rteff 


7.17 


28.68 


20.07 


A (mm 2 ) 


108 970 


140 240 


127 730 


Ht. to neutral axis (mm) 


241.7 


221.1 


228.1 


4 (mm 4 ) 


2.331 x 10 9 


3.113 x10 9 


2.819 x10 9 


Z i0D fibre (mm 3 ) 


0.9026 x10 7 


1.116x10 7 


1.037 x10 7 


^bottom fibre (mm ) 


-0.9645 x10 7 


-1.408 x10 7 


-1.235 x10 7 


Z toD bars (mm 3 ) 


-1.119x10 7 


1.360 x10 7 


1.270 x10 7 


Zbottombars (mm ) 


-1.216x10 7 


-1.819x10 7 


-1.582x10 7 


Zprestress (mm ) 


-2.292 x10 7 


-3.838 x10 7 


-3.198 x10 7 



CE3.3.2 initial stresses 

Just before transfer buttresses hold the strands with a force of 750 kN (600 x 1 250 MPa) at an 
eccentricity of 101 .7 mm (241 .7-140.0), which gives a Pe value (so called prestress moment) of 76.28 kN 
m. To cancel the buttress force standard structural theory is used. That is an equal and opposite force is 
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applied to the transformed section, of 750 kN at an eccentricity of 0.1017 m. The resultant stresses are 
found by adding the stresses sustained when the buttress was in place (zero in the concrete and - 
1250 MPa in the reinforcement) to the stresses sustained when the buttress forces are cancelled. The 
results of these calculations are given in Table CE.2. It should be noted that with this method of 
calculation the so-called elastic loss, due to elastic shortening of the pretension strands is incorporated in 
the method. 

CE3.3.3 Long-term creep 

The calculations are the same as for the initial condition except that the transformed section properties 
with long-term creep are used. Note the reinforcement has a restraining effect on the reinforcement. Two 
effects should be noted. Firstly the neutral axis moves towards the centroid of the reinforcement. This 
reduces the effective eccentricity of the prestress force and secondly the reinforcement has a much 
greater influence on section properties than was the case in the calculations for the initial state. 

CE3.3.4 Shrinkage calculations 

Assume a buttress holds so that no strain can develop in the concrete due to shrinkage. To achieve this 
the buttresses must apply a tensile stress equal to the free shrinkage strain times the effective elastic 
modulus. Hence the held stress is 700 x 10~ 6 x 9 963 = -6.974 MPa (tension). This stress corresponds to 
a force of -687.3 kN acting at a height of 253.8 mm. This gives an eccentricity of 25.7 mm above the 
neutral axis. As in the previous cases the buttress forces are eliminated by applying an equal but opposite 
force to the transformed section. The resultant stresses are found by adding the stresses sustained when 
the buttress forces acted (-6.974 MPa in concrete and zero in reinforcement) to the stresses induced in 
the transformed section when these forces were cancelled. 



Table CE.2 - Stresses in section (MPa) 



Item 


Initial 
condition 


Long-term 
creep 


Shrinkage 
stresses 


Resultant long- 
term 


Top fibre 


-1.57 


-0.1 


0.1 


0.0 


Bottom fibre 


14.8 


9.7 


-3.0 


6.7 


Top bars 


0.5 


25 


136 


161 


Bottom bars 


94.3 


249 


86 


335 


Prestress 


-1,177 


-1,051 


96 


-955 



Note the loss in prestress in the concrete due to creep and shrinkage arises from the action of the 
reinforcement absorbing a high proportion of the prestress force. Stress calculations which ignore the 
influence of reinforcement on creep and shrinkage can give misleading values in situations where there is 
an appreciable amount of prestressed and passive reinforcement, as is the case in this example. 

CE3.3.5 Deflection calculations 

Standard theory can be used to calculate the deflections corresponding to different conditions. In each 
case the appropriate material properties must be used. 

(a) Dead load deflections 

(i) The initial dead load deflection is +25.43 (downwards) 

(ii) Long-term dead load deflection allowing for creep is +75.91 mm (downwards) 

(iii) Long-term deflection due to shrinkage is +4.72 mm (downwards) 

( b ) Prestress deflections 

(i) The initial prestress deflection is -33.0 mm (upwards) 

(ii) Long-term prestress deflection allowing for creep is -78.8 mm (upwards) 

(c) Resultant deflections 

(i) Initial deflection is -7.6 mm (upwards) 

(ii) Long-term deflection is +1.8 mm (downwards). 
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It should be noted that ignoring the influence of reinforcement on section properties gives very appreciable 
errors in deflection calculations in cases where there is an appreciable quantity of longitudinal 
reinforcement present. This is the inherent assumption when deflection calculations are based on gross 
section properties and the long-term deflection is taken as the creep factor times the short-term deflection. 
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APPENDIX CF - MATERIAL BASED ON ACI 318-02 



CF1 General 

The table below lists clauses from ACI 318-02, "Building Code Requirements for Structural Concrete," and 
ACI 318R-02, its commentary, that have been used as the basis of the revised NZS 3101:2006 clauses 
listed below. Permission of the American Concrete Institute to make use of their material in this way is 
gratefully acknowledged. 

This Appendix is included so that users of software or other design aids that are based on ACI 318 
provisions may check for the equivalent provisions in NZS 3101. It is emphasised that, although the 
clause may be based on ACI 318, there have been many detailed changes made and careful comparison 
between the two documents will be necessary before relying on design aids that conform to ACI 318 
provisions. 



Table CF.1 - Clauses derived from ACI 318-02 



ACI 318-02 
Clause 


NZS 3101 
Clause 


11.7 


7.6.1 


11.7.2 


7.6.2 


11.7.3 


7.6.3 


11.7.4 


7.6.4 


11.7.5 


7.6.5 


11.7.6 


7.6.6 


11.7.7 


7.6.7 


11.7.9 


7.6.9 


10.1 


10.3.2 


10.10.1 


10.3.2.1 


10.10.2 


10.3.2.2 


10.11.3 


10.3.2.3.1 


10.11.3 


10.3.2.3.1 


10.11.3.1 


10.3.2.3.1(a) 


10.11.3.2 


10.3.2.3.1(b) 


10.12.1 


10.3.2.3.2 


10.12.2 


10.3.2.3.4 


10.12.3.1 


10.3.2.3.5(b) 


10.12.3.2 


10.3.2.3.5(c) 


10.15 


10.3.5.1 


10.15.1 


10.3.5.2 


10.15.2 


10.3.5.3 


10.15.3 


10.3.5.4 


10.16.1 


10.3.11.1 


10.16.2 


10.3.11.2 


10.16.3 


10.3.11.3 


10.16.4 


10.3.11.4 


10.16.5 


10.3.11.5 


10.16.6.1 


10.3.11.6.1 


10.16.6.2 


10.3.11.6.2 


11.12.1 


12.7.1(a) 


11.12.1.3 


12.7.1(b) 


11.12.2 


12.7.2 


11.12.2 


12.7.2 


11.12.3 


12.7.4.1 



ACI 318-02 
Clause 


NZS 3101 
Clause 


11.12.3.1 


12.7.4.1(c) 


11.12.3.3 


12.7.4.2 


11.12.3.4 


12.7.4.3 


11.12.4 


12.7.5.1 


11.12.4.1 


12.7.5.2(a) 


11.12.4.2 


12.7.5.2(b) 


11.12.4.3 


12.7.5.2(c) 


11.12.4.4 


12.7.5.2(f) 


11.12.4.5 


12.7.5.2(g) 


11.12.4.6 


12.7.5.2(i) 


11.12.4.7 


12.7.5.3 


11.12.4.8 


12.7.5.4 


11.12.4.9 


12.7.5.5 


11.12.5 


12.7.6 


11.12.5.1 


12.7.6(a) 


11.12.5.2 


12.7.6(b) 


11.12.6.1 


12.7.7.1 


11.12.6.3 


12.7.7.3(d) 


D.4.1 


17.5.4 


D.4.1.1. 


17.5.6.2 


D.7 


17.5.6.5 


D.5.1 


17.5.7.1 


D.5.2 


17.5.7.2 


D.5.3 


17.5.7.3 


D.5.4 


17.5.7.4 


D.6 


17.5.8 


16.2.1 


18.3.1 


16.2.2 


18.3.2 


16.2.3 


18.3.4 


16.3.1 


18.4.1 


16.3.2 


18.4.2 


16.3.2.1 


18.4.2(a) 


16.3.2.2 


18.4.2(b) 


16.4.1 


18.5.1 


16.6.1 


18.7.1 
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ACI 318-02 
Clause 


NZS 3101 
Clause 


16.6.1.1 


18.7.2 


16.6.1.2 


18.7.3 


16.6.2.2 


18.7.4(b) 


16.6.2.3 


18.7.5 


R11.7 


C7.7 


R11.7.1 


C7.7.1 


R11.7.3 


C7.7.3 


R1 1.7.3 


C7.7.4.1 


R1 1.7.4.2 


C7.7.4.2 


R1 1.7.4.3 


C7.7.4.3 


R1 1.7.5 


C7.7.5 


R11.7.8 


C7.7.8 


11.7.10 


C7.7.10 


R10.10.1 


C10.3.2.1 


R10.10.2 


C10.3.2.2 


R10.12.1 


C10.3.2.3.2 


R10.12.3 


C10.3.2.3.5(a) 


R10.12.3.1 


C10.3.2.3.5(c) 


R10. 12.3.2 


C10.3.2. 3.5(d) 


R10.11 


C10.3.2.3 


R10.15 


C10.3.5.1 


R10.15.1 


C10.3.5.2 


R10.15.3 


C10.3.5.4 


R10.16.1 


C10.3.11.1 


R10.16.2 


C10.3.11.2 


R10.16.3and 
R10.16.4 


C10.3.11.3 


R10.16.5 


C10.3.11.5 


R11.12.1 


C12.7.1 


R11. 12.1.2 


C12.7.1 



ACI 318-02 
Clause 


NZS 3101 
Clause 


R11. 12.1.2 


C12.7.3.2 


R1 1.12.3 


C1 2.7.4 


R11.12.4 


C12.7.5.1 


R1 1.12.4.5 and 
R11. 12.4.6 


C12. 7.5.2 


R11. 12.4.7 


C12.7.5.3 


R11. 12.4.9 


C12.7.5.5 


R11.12.5 


C12.7.6 


R11. 12.6.2 


C12.7.7.3 


R11. 12.6.1 


C12.7.7 


RD.2 


C17.5.6.1 


RD.4.4 


C17.5.6.2 


RD.7 


C1 7.5.6.5 


RD.5.1 


C17.5.7.1 


RD.5.2 


C17.5.7.2 


RD.5.3 


C17.5.7.3 


RD.5.4 


C17.5.7.4 


RD.6.1 


C17.5.8.1 


RD.6.2 


C17.5.8.2 


R16.1 


C18.2 


R16.2.1 


C1 8.3.1 


R16.2.2 


C18.3.2 


R16.3.1 


C18.4.1 


R16.3.2 


C18.4.2 


R16.4.1 


C18.5.1 


R16.6.1 


C18.7.1 


R16.6.1.2 


C18.7.3 


R16.6.2.3 


C18.7.5 
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